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FOREWORD 

Macedonian Association for Geotechnichs (MAG) is established in 1998 (before that it has been part of 

Yugoslav Society for Soil Mechanics and Foundation), while it is member of ISSMGE since 2001 and 

ISRM since 2017. Since 2002, each four years, MAG organises the national geotechnical symposiums, 

which have become a regional event at the least. With support of respective professionals from the 

geotechnical society throughout the world, MAG regularly organises lectures, seminars and courses for 

the Macedonian geotechnical students at all academic levels, as well as for geotechnical engineering 

practitioners. Meanwhile, MAG has organised several high profile events in wider regional terms. The 

16th Danube-European Conference on Geotechnical Engineering was held in Skopje in 2018, where a 

rich variety of both experienced and young geotechnical audience attended. In 2022, the Fifth national 

geotechnical symposium was supported by the International Society for Rock Mechanics and Rock 

Engineering (ISRM) and was held in the form of ISRM Specialized Conference. This event also 

presented a 2nd Conference of the geotechnical societies from Macedonia, Serbia, Bosnia and 

Herzegovina, Croatia and Slovenia, thus being supported also by the ISSMGE. Thanks to the trust of 

ISSMGE board, MAG has been honored to organize the 28th European Young Geotechnical Engineers 

Conference (EYGEC 2024) in town Demir Kapija. 47 papers had been submitted by young geotechnical 

engineers from Europe and wider. MAG expresses gratitude to the invited lecturers, the participants, 

and the sponsors of this event.  

With strong belief and wish that most of the participants of EYGEC 2024 will become leading force in 

the geotechnical family of the World, 

Assoc. prof. Igor Peševski 

President of MAG 
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Foundation system optimization of a high-bay warehouse 

using finite element modelling 

Tamás Agárdia, Zsolt Szilvágyi PhDa, 

a Geoplan ltd., Budapest, Hungary 

ABSTRACT 

An automated high-bay warehouse with a floor area of approximately 37 m x 170 m and a total height 

of 36 m is being built as part of the extension of the LEGO plant near Nyíregyháza, Hungary. In this 

paper we present the design-optimization process of the building's foundations. In this type of system, 

the formerly separated structural and storage functions are cost-effectively combined in a single 

structure. The shelving system itself provides the support of the planned warehouse. In such structures, 

the focus is more on geotechnical and foundation issues. Taking into account both technical and 

economic aspects, 2D and 3D geotechnical finite element models were used to investigate the 

possibilities of slab foundations, rigid inclusion soil improvement and pile-supported slab foundations. 

The very strict deformation requirements can only be verified by such advanced modelling. In this study 

we emphasize the essential cooperation of the fields of structural and geotechnical engineering. 

KEYWORDS 

finite element modelling, deep foundation, automated warehouse 

1. INTRODUCTION

Our design task was the foundation of the automatic high-bay warehouse that was built as part of the

expansion of the LEGO plant in Nyíregyháza. Our company was involved in the construction of the

LEGO factory as technical inspector, and in the current expansion project as a geotechnical designer.

For this purpose, we used the previously completed soil investigation report and additional field tests

carried out for the detailed design.

In the framework of the expansion, we prepared the execution plans of three building called MLB, Raw

Material and PHB. The MLB and Raw Material buildings will be constructed using pile foundations

widely used in the Hungarian practice. From a geotechnical point of view, the design of the foundation

system of the PHB, i.e. the high bay warehouse building, was a challenge. The new building is an

automated warehouse for palletised goods, 37 m wide, 170 m long and 36 m high (Figure 1).
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Figure 1. Typical section of the planned high-bay warehouse (firewall on the left, service building on the right) 

2. ANTECEDENTS

The superstructure of the warehouse is made by a dutch manufacturer, Vanderlande Ltd. In the design 

of the shelving system, the structural calculation was carried out by using infinite rigid supports, taking 

into account the FEM specifications and standards [1]-[3]. In Hungary the general designer who was 

responsible for the structural design was provided with the loads on the shelf legs in each load case. 

Their task was to determine the combinations for the ULS and SLS limit states and then to proceed with 

the design of the floor slab. According to today's state-of-the-art design, the structural and geotechnical 

models of the floor slab had to be synchronised. 

When designing the base plate, the most important task is to meet the rotation and displacement criteria 

given in the regulations. Without that the storage system might become unusable due to the automatic 

filling and emptying system's limit of tolerance. The displacement values were influenced by loads from 

several directions. 

The new building will be connected to existing buildings. In these areas, it must be ensured that the 

construction does not place excessive additional loads on the pile foundations of the surrounding 

buildings. It was a challenge that the layout of the piles under the floor slab was also affected by the 

existing foundations on the boundaries of the adjacent buildings. A 36 m high firewall, with an 

independent foundation, was constructed from the adjacent buildings and match the height of the 

warehouse in accordance with fire regulations (Figure 1). 

The firewall is built as a structurally independent fixed end structure. From the geotechnical point of 

view the pile cap (which was near the surface) was loaded with an unusual magnitude of moment, about 

~4-6000 kNm, as the client's requirement was to assume that the firewall would be built before the 

warehouse. It is foreseen that the next high storage building will be built on the other side of the firewall. 

The impact of building this extension also needs to be assessed. On the other side of the warehouse, a 

two-storey utility building on pile foundations will be constructed. It should be noted that the rotations 

of the floor slab in SLS limit state are influenced by the loading of the warehouse. Therefore, the aim of 

the investigations is to optimise the foundation system and the calculations should take into account the 

directly connected existing and future structures. 
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3. GEOTECHNICAL CONDITIONS

The study area is located near Nyíregyháza, Hungary. The area is characterised by the presence of 

loamy, silty soils near the surface. The layers with bearing capacity for deep foundations are found at a 

depth of 10-12 m. The final geological model, based on field investigations and CPT testing, 

distinguishes 11 soil layers. 

The soil investigation report [4] prepared in the previous design phase analysed the site conditions on 

the basis of 4 CPT tests. As the design progressed and before construction started, additional tests were 

carried out, so that a total of 11 CPT tests were used in the final calculations. 

The planning area is characterised by heterogeneous stratification; sand, sandy silt, silty sand layers 

alternate. Between these with a varying thicknesses of fine grained layers occur frequently. 

The CPT tests show that the cover of the area is composed of a clayey sand layer up to a depth of 1 - 1.5 

m. Below this, sand and silty sand are deposited to an average depth of 10 m. The peak resistance of the

cone vary from 4 - 8 MPa initially to 16 - 22 MPa below 5 m. The diagrams clearly show the silty 

regions where the cone resistance decrease. Overall, the sand layer is moderately dense, with occasional 

dense settlements. 

Deeper, to the bottom of the tests, there is a layer of sand, silty sand, sandy silt with a lower bearing 

capacity than the previous one, the peak resistance of qc is about ~ 10 - 12 MPa. The layer is moderately 

dense, with fine grained layers characterized by stiff consistency. At these depths, sand layers also 

appear in variable thicknesses, with peak resitances of 20 - 24 MPa. 

Based on the available test results and the previous geotechnical documentation the level of the 

groundwater table is near the surface. 

4. APPLIED STANDARDS

The design had to consider the load combinations that could occur during the planned lifetime of the 

warehouse. It is not possible to combine meteorological loads and shelf loads in Plaxis software, this 

has to be done by the structural designer using their finite element software, AxisVM. 

It is essential to analyse both total and partial loads to calculate the plate rotation and settlement. Total 

loading would not be expected to result in the largest settlement difference and rotation. 

The partial load arrangements should be specified by the shelving system designer in agreement with 

the Client. This will depend on the further use, especially when using an automatic storage system. As 

no such information was provided in the data, loading schemes were defined by our company and 

applied in the calculations after the client has approved. In consultation with the structural designer of 

the superstructure, a total of 14 loading schemes were established (Figure 2). The settlement and rotation 

criteria were investigated in the SLS quasi-permanent limit state. The plate stresses were also calculated 

in the ULS limit state. 
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Figure 2. Schematic of load schemes 

The schemes should be interpreted as the maximum SLS load from the legs of the actively loaded 

shelves (grey part of Figure 2) to the plate, and only the load from the shelf's self-weight and the 

meteorological load from the unloaded shelves (white part of Figure 2). 

The first load scheme is total load, where the maximum load is applied to all shelves. This condition 

models the full load of the warehouse. In schemes 02-09, the shelving system is fully loaded 

longitudinally, while transversally some rows of shelves remain empty. Load conditions 10-13 show the 

change in the longitudinal fill level of the warehouse. In addition, the total loading in the ULS limit state 

was also investigated. 

5. CONCIDERATIONS BEFORE NUMERICAL CALCULATION

The design of the foundations for the storage facility was started based on three CPT and one SCPT 

from the previous soil investigation report. The aim of the design was to define a foundation system that 

would satisfy both technical and economic criteria. 

From a construction point of view, the simplest design would be a slab foundation. However, initial 

calculations made it clear that the structure would suffer from large, uneven settlements due to the 

compressible soil layers near the surface. A more rigid system could be created by bypassing the near-

surface soils with stiffening piles. When rigid inclusion elements are used, the floor slab can be 

constructed on a compacted bedding. Detailed calculations have also been carried out for possible design 

options for piled raft foundations. Given the size of the warehouse, it is clear that a small change in the 

thickness of the large surface area floor slab and the large number of piles supporting it can have a 

significant impact on costs. Establishing these dimensions was a major part of the design task. 

A structural analysis was carried out for the superstructure and the foundations of the shelving system. 

In Axis software, nodal forces were used in place of the shelf legs and the piles were modelled by nodal 

supports. The rails running between the shelves were included in the model as line loads. A separate 

structural calculation was performed for each of the loading schemes presented earlier. The node 

supports were set to infinite stiffness for the first run, and the stiffness and self-weight of the slab were 

not included in this model, knowing that it would be included in the geotechnical VEM model, and thus 
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its load-distributing effect would not be included twice in the scheme. Due to the size of the warehouse, 

the number of shelf supports exceeded 700, and the number of piles was also in this order of magnitude. 

Geotechnical finite element modelling was carried out using Plaxis software. The key to the foundation 

of the warehouse is to determine the final deformations as accurately as possible. With this in mind, the 

soil model was chosen for HardeningSoilSmall. The parameters of the soil model were taken from the 

CPT test obtained. By statistically evaluating the peak resistances of the layers identified in the CPTs, 

the average qc values of each layer were determined and their stiffness characteristics derived. The 

seismic CPT results were used to determine the parameters describing the small deformation range of 

the soil model. 

6. CALCULATION OF THE CROSS SECTIONS

To investigate the types of foundation, calculations were performed on the cross-section of the 

warehouse as a starting point. The 2D calculations are approximations, but can be used to quickly 

analyse different variations. When building the model, we determined the soil stratification for 4 cross-

sections based on the 4 CPTs available at the time, so we investigated the expected settlement 

differences due to stratification variations in 4 models. The result of the structural calculation included 

point loads, of which the values close to the cross-section were converted to line loads. These models 

were therefore not designed to provide accurate calculation results but to understand the overall 

behaviour of the structure. Their results give a reliable indication of the local behaviour of the plate in a 

given section. From a technical point of view, another major advantage of 2D models was that a smaller 

number of elements results a faster running time, so that it does not take days to analyse possible 

variations. It is worth mentioning that while the current latest version of the Plaxis2D software is capable 

of calculating plate rotations, in the 3D version the same values can be obtained by derivation the 

displacement function. 

The results of the first calculations showed that neither the slab foundation nor the rigid inclusion soil 

improvement can meet the 1/2000 rad rotation criteria specified in the standard (Figure 3). Thus, these 

foundation methods cannot be used to prepare the foundations for the warehouse. Due to the height of 

the warehouse, it is exposed to significant wind loads. At the edge of the slab in the ULS limit state, 

large tensile forces are generated by the wind load, which cannot be absorbed by slab foundations. 

With this in mind, we started to investigate deep foundation methods. Pile foundations were not an 

option due to the site layout and structural design. A possible good structural design is a piled raft 

foundation. 

Two possible designs for piled raft foundations were investigated. One of them is the layout of piles in 

a uniform grid pattern. A warehouse similar to the present one is already in use on the site and it was 

built with this pile arrangement.  

In the case of a grid layout, the structure can be optimised by varying the length of the piles and the 

distance between the rasters. In the case of the possible design mentioned above, i.e. piles under each 

shelf, the allocation is adapted to the support structure. The structure can then be made more economical 

by varying the length of the piles. 

Additional 2D models were created to investigate the two versions in an approximate way. Their results 

showed that these foundation systems meet the rotation requirements of the standard (0.0005 rad). Based 

on the results of the models (Figure 3), it was decided to perform 3D testing of two designs, covering 

the entire warehouse floor area, its surroundings and the connected buildings. In this way, several of the 

impacts described in the previous chapter could be accurately quantified. 
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Figure 3. Analysis of the rotations of possible foundation types 

7. SPATIAL CALCULATIONS

Using the 3D module of the Plaxis software, calculations were made with a more accurate view of the 

geometry. In our model, we considered both the floor slab currently being designed and the foundation 

of the warehouse in the future extension plan, considered as a negative effect. Over 1500 piles were 

placed under these slab foundations. Also included the foundations of the new firewall sections between 

the existing buildings and the new buildings, and the pile foundations for the utility building. The 3D 

model was thus 120 m wide and 230 m long and 40 m deep (Figure 4). 

From more than 700 shelves, concentrated loads in the order of tens of thousands were applied to the 

floor slab in 14 different load patterns. When building the 3D model, the command line was used to 

define the point loads on the floor plate. 

Figure 4. 3D finite element model of a high-bay warehouse 

The 3D models of the two versions were modified several times and the calculations were carried out. 

The aim of the tests was to achieve a technically satisfactory, economical structure. During the data 

processing, the displacements of the cross-section calculated on the plate were read out from the 

software and the rotations were derived from them. The results were evaluated in cross sections and 

longitudinal sections taken at the same location. 

For the pile layout under the shelf support, we first designed 14 m CFA piles, starting from the piles 

used in the previous building, (although the shelving system and load of these piles differed slightly 

from the current structure). Seeing that this solution met the deflection criteria (0.0005 rad) (Figure 5), 

we reduced the length of the piles and then ran the calculation again. The results for the shorter pile, 11 

m, also met the specifications and we were closer to the criterion. The maximum value of the settlement 

is obtained by the total load in the middle of the pile. However, the maximum deflections are developed 

in the plate due to partial loading patterns. 
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Figure 5. Rotation values in the cross-section of the plate calculated with the under-pole allocation 

In the case of even pile distribution, we first examined a rarely distributed 11.0 m long pile in a 4.5x4.5 

m grid. Then, as it did not meet the deformation criteria, a 3.0x3.0 m grid was considered. This allocation 

was at the limit of compliance. A more dense layout would have increased the number of piles 

significantly, so by increasing the length of the piles to 15.0 m, a technically compliant version was 

obtained (Figure 6). 

Figure 6. Rotation values calculated with uniform distribution in the cross section of the plate 

For both designs, the impact of the foundations of the future building on the existing building was 

investigated. The results of these calculations showed that the increased load would cause the rise of the 

displacement towards the planned new building, but the increase in displacement would still be within 

the 1/2000 rad value.  

During the spatial modelling, we also optimised the thickness of the slab, starting from 1 m thickness to 

70 cm in the edge band and 50 cm in the middle, which resulted in significant cost reductions. 

8. CONCLUSIONS

For this model size, with so many piles and loads, there is no other option but to use the embedded beam 

and plate element. The results obtained from the 2D model with approximations and the 3D model show 
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that the rotation curves calculated by the 2D program and the rotation curves calculated from the result 

of the section taken in the 3D model show good agreement (Figure 7).  

Figure 7. Comparison of 2D and 3D tests 

There are fundamental differences in the nature of the rotation curves shown in Figures 5 and 6. By 

examining the graph of uniform distribution, we can conclude that the deformation of the base plate is 

fundamentally influenced by the relative positions of the load (shelf supports) and the support (piles). 

The dashed alternating rotation diagram highlights the approximation of the calculation that the loads 

and supports are point-defined on the plate. The value of the rotation changes abruptly depending on 

how close the attack point of the load to the support. From the point of view of piling, this modelling 

result therefore highlights a real problem. When using uniform distribution, the maximum rotation does 

not necessarily occur under the action of partial loadings, but can occur under any loading scheme. The 

amount of deformation depends on the geometric design. This effect can be handled by placing piles 

under the shelf supports. This eliminates the outward settlement and provides the plate with a stiffer 

support at the point of force application.  

Due to the soft soil layers near the surface and the relatively stiff slab and the dense pile distribution, 

the calculated bedding under the slab was negligibly small. The plate is supported by the piles, acting 

as a slab.  
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ABSTRACT 

The layers in a soil stratum are normally idealized to a uniform continuum. However, irregular 

inclusions of material in such layers can influence the geotechnical behavior of the soil layers 

significantly. This includes the presence of boulders in glacial till, which can be very detrimental to pile 

drivability in such layers, as well as silt inclusions in clay, which can drastically increase the horizontal 

hydraulic conductivity. The latter can also increase the risk of slope instability since silt layers constitute 

zones where the localized sliding can occur. Herein, a statistical approach is demonstrated to conduct a 

synthetic site investigation, in which the presence of irregular zones is simulated with Monte-Carlo 

simulation, which is subsequently compared to the real site investigation. This is demonstrated for 

boulders in a glacial clay, and the expansion of the method to an assessment of the presence of 

continuous drained layers of silts and sands in clay, and other irregular zones in soils, is elaborated. The 

suitable extent of a site investigations and the need for furthers tests can then be determined based on a 

comparison between the simulations and the actual site investigation.  

KEYWORDS 

Site investigation; Risk assessment; Probabilistic methods; Cone penetration testing 

1. INTRODUCTION

The site investigation forms the basis of the geotechnical design process and should result in the 

necessary information to achieve the target reliability of the geotechnical structure subjected to the 

specified loads (Phoon et al., 2022). This includes (but is not limited to) the soil stratification, the 

material properties including the estimation of the stress-strain response of the soil in the specific 

deformation range, and the hydrogeological characterization of the soil strata (Wroth, 1984). Different 

in-situ and laboratory techniques for site investigations and the implementation in geotechnical design 

have been demonstrated extensively in the scientific literature, e.g. Wroth (1984) and Bilgin et al., 

(2019). In engineering practice, the layers of the strata are generally characterized by constant properties 

or by linear increasing, in order to facilitate the practical design and calculation model. In the research 

literature, the variability of the soil has been explored with the site investigations (Jaksa et al., 2005), 

but these advanced methods are rarely included in practice. However, in practice it is well understood 

that the idealization of the soil as a continuum is often associated with large simplification, which might 

not realistically represent the actual design situation (Phoon et al., 2002).  

There are some soil properties which are not possible either to generalize to a continuum or present as 

a statistical distribution, but rather are discrete objects located in a continuum, e.g. boulders in a soil 

mass (Ditlevsen, 2006) or silt layers in a clay mass (Potkin et al., 2021). Another frequent item in site 

investigations are pollutants, such as lead which can be distributed in the ground water (Toyoda et al., 

2022). Pollutants within the soil mass are not frequently well distributed within the soil but are rather 

closely associated with the permeability and drainage conditions of the soil mass (Arias-Estévez et al., 

2008). 
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These deviations from the homogenous soil layers which are generally adapted in geotechnical practice 

present the need for a different methodology of site investigations and inference of the site investigation 

results. An adaptive approach to the site investigation is then needed, in which the amount and properties 

of the objects are estimated from the site investigation alongside conventional properties, as outlined in 

Wroth (1984). Furthermore, the site investigation should be adapted to be able to detect the presence of 

such objects. This article discusses some examples of irregular zones or objects, and how to assess the 

scope of such objects within a standard site investigation program. It expands the methodology discussed 

in L’Heureux, et al. (2012) and especially discusses the assumptions of the soil stratification and 

homogeneity during the interpretation of the in-situ tests and the consequences for practical geotechnical 

design.  

The preferred method developed in this article is to conduct a synthetic site investigation, which can 

enable a simulation of the detection of the irregular zones. Different assumption about the properties of 

the irregular zones, whether these consists of layers or volumes, can then be analysed and compared to 

the real site investigation results.  

2. BACKGROUND

Soil consists of grains, which from a mechanical perspective are assumed to be a continuum consisting 

of a large cluster of grains so that the behaviour of the individual soil grains can be disregarded 

(Klausner, 2012). Starting from this assumption, sophisticated models can be assembled describing the 

mechanical response of soils as evaluated in laboratory tests and subsequently used for numerical 

predictions, e.g. Schofield and Wroth (1968). The geological formation of the soil materials is 

significantly more complex, and in some cases central to the response of the soil during loading 

(L’Heureux, et al., 2012). As an example, Northern Europe was affected by the Weichsel ice age, which 

resulted in a redeposition of the material which had been collected in the ice, initially as moraine as the 

ice melted. This was followed by sedimentation of sand, silt and marine clay deposited on the moraine 

and the bedrock. Some features of the Scandinavian soil stratigraphy are consequently massive layers 

of clay deposited on and, silt and moraine. The typical stratigraphy is therefore straightforward to 

characterize both the cohesive soil (clay) and the non-cohesive soil layers (sand, silt and moraine) as 

homogenous layers. However, the geological deposition process has caused irregular zones in the soil, 

which can sometime be critical for the geotechnical design. 

2.1. Irregular zones in a moraine layer 

By definition, the moraine soil is not homogenous. It is a residual soil containing the ice glacial soil. 

Large boulders are frequently discovered in the moraine layer. This is shown in Figure 1 where a boulder 

has fallen out from the excavated surface. Obviously, such information is only available in the 

excavation itself, which is why as much as possible information should be obtained by the site 

investigations. A common site investigation in Scandinavia is the soil-rock probe, in which the soil strata 

can be detected by a drill bit which can penetrate the boulders and the bedrock. Figure 2 shows a site 

investigation record of the boulders in a soil-rock probe with the boulder and the bedrock displayed.  
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Figure 1. A boulder from an excavation 

Figure 2. Detection of a boulder from a soil-rock probe, displaying the penetration resistance in seconds per 0,2 

m of the probe as it advances through the soil profile. Notice the increase in the penetration resistance when the 

probe encounters the boulder and the bedrock.  

Boulders such as those shown in figures above can influence the pile drivability, especially when very 

slender piles are driven into moraine sediments, which must be considered during pile design. The 

background to pile driving resistance is discussed in detail by Alinejad and Lundberg (2023). However, 

to estimate the consequences of the boulder in the soil strata on the pile drivability, the boulder content 

must be estimated from the site investigations.  

2.2. Irregular zones in a clay layer 

In Scandinavian soil conditions the clay layer is deposited on top of the moraine layer, or the 

intermediate silt and sand layer (L’Heureux, et al., 2012). If samples are obtained from the clay layers, 

there are frequently layers of silt deposited in the clay, due to periodic changes in the waterflow and 

climatic conditions during the deposition of the clay (Potvin et al., 2022). Figure 3 shows a piston sample 
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of clay, in which a layer of silt is located in the clay, just at the interface with the moraine. Such irregular 

layers can be detected during sampling but can also be shown in some in-situ tests. Figure 4 shows a 

CPT-record executed in soft clay, showing the total cone resistance qt, the sleeve friction ft, and the 

hydrostatic and pore pressure. Two irregular zones are shown in Figure 4, one located at the higher end 

of the clay layer, the other at the interface of the moraine and the clay layer.  

The presence of more permeable silt layer can have significant influence on the soil response during 

loading. Settlements will occur much faster when the drainage length of the clay is smaller, as shown in 

Figure 4, in which the excess pore pressures during consolidation can dissipate through the silt layers. 

The stability of slopes in such soils during piling can also be reduced by the generation of excess pore 

pressures from the driving of the piles (Randolph and Wroth, 1979).  

Figure 3. A cross-section of a piston sample of clay with silt inclusions 

Figure 4. CPT-measurement showing the total cone resistance qt, sleeve friction ft and the hydrostatic and pore 

pressure measures (the hydrostatic pressure in light blue, the pore pressure in dark blue, and the excess pore 

pressure in black). Two irregular zones are displayed in the graph in which the cone resistance, the sleeve 

friction are significantly higher than in the surrounding clay, while the excess pore pressure is significantly 

lower. 
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2.3. Detection of the irregular zones 

In this paper, a statistical approach is demonstrated to conduct a synthetic site investigation, in which 

the presence of irregular zones is simulated with Monte-Carlo simulation. This approach is demonstrated 

for boulders in a glacial clay, (Alinejad and Lundberg, 2023), but is further developed to include more 

geometries. The expansion of the method for assessment of the presence of continuous drained layers 

of silts and sands in clay is outlined, and the possible expansion to irregular zones with both a geometric 

shape and a scalar value is suggested. 

3. ASSUMPTIONS DURING THE INTERPRETATION OF THE SITE INVESTIGATIONS

The interpretation of the site investigations tests is usually dependent on the initial assessment of the 

stratification and the behaviour of the soil layers (Wroth, 1984). Common assumption is the undrained 

response from CPT tests in sufficiently impermeable layers (Potvin et al., 2022). However, if irregular 

zones are detected during the site investigation campaign, the process to infer the magnitude of such 

irregular zones relies heavily on the assumptions about the geometrical range and the homogeneity of 

the zone. Here, the description is initially limited to planes, and subsequently expanded to homogeneous 

volumes, followed by volumes described by a scalar, which is suitable for pollutants in soil.  

3.1. The irregular layers as a geometrical plane 

An idealized description of the irregular zone in the soil strata is the Euclidian plane, which can be a 

unique continuous plane of several continuous or discontinuous planes in the soil. Notice that the true 

properties of the layer if it is continuous in the soil mass can only be determined by a full excavation of 

the soil and is therefore inferred from the site investigation. The plane is located somewhere in the soil 

volume, characterized by the geometry of the discrete points obtained from the site investigation records. 

Figure 5 shows different forms of the irregular layers in the soil. These are characterized by having a 

geometrical area, but a limited volume, which is quite similar to the silt layers shown in Figure 3. Figure 

5a shows a continuous layer, while Figure 5b includes multiple continuous layers. In a real soil profile, 

there are obvious limitations to soil layers, and a more realistic description consists of the multiple 

discontinuous soil layers, as shown in Figure 5c.  

Figure 5. Different continuous and discontinuous layers in the soil. 

3.2. The irregular zones described as a volume 

A more realistic description of the boulders in the soil consists of volumes located in the soil mass as a 

result of the geological processes during deposition of the soil. Different levels of idealization are 

possible for volumes to get successively more realistic description of the reality, as shown in Figure 6a 

to 6c. The volumes can be considered as regular and uniform volumes, essentially spheres in the soil, as 

shown in Figure 6a. A more sophisticated assumption is to consider the items as spherical shapes but in 

different sizes in Figure 6b, following the empirical results of Ditlevsen (2006) for boulders. A 

furthermore realistic description is to consider the irregularity of the volumes, in which the shapes can 

be quite different depending on the geological processes, shown in Figure 6c.  
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Figure 6. Different sets of regular and irregular volumes in the soil.  

3.3. The irregular layers with a geometry and a scalar value 

For some irregular zones, such as pollutants, a suitable description of the phenomenon consists both the 

geometric condition and the scalar value, e.g. displaying the lead content in the soil (Toyada et al., 2022). 

The geometries shown in Figure 5 and 6 can then be complemented by one or more scalar values of the 

pollutant of any other necessary condition as given in Equation (1) below. 

 C = f(x,y,z) (1) 

where x,y,z is part of the layer or the volume in Figure 5 and Figure 6. Sophisticated models can then be 

constructed from the site investigation information.  

4. IRREGULAR ZONES DETERMINATION BY INVERSE ANALYSIS

Once the assumptions about the properties of the irregular zones are done, a synthetic simulation can be 

carried out. A more detailed description is discussed in Alinejad and Lundberg (2023). For this purpose, 

a probabilistic inverse analysis framework can be adopted to the description of irregular zones of the 

boulder content, or the drained soil layers in clay. For the clay layers, this stochastic framework includes 

a 3D domain of clay containing drained soil, and simulation of the suitable in-situ site investigation test, 

CPT. This model can be built to determine the presence and content of these irregular zones from the 

records of CPT. The content of drained soil can be defined by the geometrical location of the soil if it is 

assumed to be a layer. Alternatively, its volumetric content, VSC, can be assessed if the layer was a 

depth in the site investigation records. A methodology to address the statistical relation between the CPT 

results and the volumetric content of drained soil can be formulated in two steps, forward analysis and 

inverse analysis. The method permits generating a system with predetermined irregular zones, in which 

the site investigation methods can be simulated and the impact from the quantity of these tests can be 

studied in the synthetic model.  

4.1. Simulation of the domain, irregular zones and CPT 

A 3D domain representing the clay layer can be modelled. The depth of domain is based on the average 

thickness of clay in the area of interest. For glacial soil in Sweden 5 to 20 m is a reasonable choice. For 

the specific case, the depth of the soil is plugged into the model. The drained soil, silt layer, can be 

modelled with a plane, which can be finite/infinite. The inclination of the plane can be controlled by the 

angle it makes with the horizon. The amount of silt within the domain can be controlled with its volume. 

As mentioned earlier, CPT is a suitable site investigation test to indicate an irregular zone. The test can 

be modelled with vertical lines where their length is equal to the depth of the domain. Here, irregular 

zone can be represented with the depth of CPT cone goes through them.  

This is followed by a forward analysis and an inverse analysis described below. 
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4.2. Forward analysis 

In this step, the synthetic records of CPT tests are generated from the simulation of this test for 

predetermined volumetric silt content, VSC. Here, Monte-Carlo simulation is incorporated to provide 

the random generations of the finite and infinite irregular zones. Figure 7 shows an example of the 

simulated penetration length (length of the probe in the boulder relative to the total drilling length of the 

probe) in a simulation of boulders by Alinejad and Lundberg (2023). 

Figure 7. Example of simulated mean penetration length ratio of boulders and soil with Monte-Carlo simulation.   

4.3. Inverse analysis 

The forward simulation is followed by an inverse analysis, in which the real site investigation tests 

results are compared to the synthetic site investigation results. This can be carried out with a correlation 

of the results, flowing the methodology in Alinejad and Lundberg (2023), or with a direct comparison 

between the expected site investigation information and the results from the synthetic site investigation, 

shown in a flow chart in Figure 8.  

Figure 8. The role of the synthetic site investigation as a complement to the real site investigation.   

5. CONCLUSIONS

The standard site investigation methods discussed in the literature are often not suitable for the detection 

of irregular zones in soil such as boulders or drained layers. An alternative methodology in which a 
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synthetic simulation of the site investigations is carried out and compared with the real site investigation 

results has been demonstrated. Especially in large project in which several site investigation campaigns 

are included, this methodology can help the designer to choose the necessary extent of the site 

investigations.  
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ABSTRACT 

The aim of this research is to characterize the shrinkage phenomenon and the cracking mechanisms of 

a clayey soil subjected to the controlled desiccation in a laboratory experimental system. The approach 

consisted first to carry out a series of different controlled desiccation tests under three suction levels: 

high in 361MPa, middle in 110MPa and low in 38MPa. Using the digital image correlation (DIC) 

method, total local strains were measured. Drying and shrinkage kinetics analysis showed that strains 

are probably due to both a shrinkage part and another part that can be named “mechanical”. Only the 

mode I of cracking mechanisms was observed basing only on calculations of the principal “mechanical” 

strains. 

KEYWORDS 

Clay; Desiccation; Cracking; Image Correlation; Shrinkage, Critical strains. 

1. INTRODUCTION

The presence of cracks in a soil mass induces the creation of some zones of weak tension that drop down 

the mechanical resistance (Morris et al., 1992). Thus, this can have a significant impact on the hydraulic 

conductivity of clayey soils, which increases with the development of cracks. Relative humidity and 

temperature are the mainly influencing parameters during controlled desiccation tests. This can be 

characterized by a direct modification on drying variables such as: water content, saturation degree, 

shrinkage limit and local suction of the soil. 

Desiccation cracking of clayey soils usually occurred when the developed tensile stress due to suction 

exceeds the tensile strength of the soil (Kodikara et al., 1999). Tensile stresses develop only in the case 

where the soil is restricted against shrinkage. This restriction can be external due to the interface of a 

rough layer for example or internal due to some parts of soil during non-uniform drying for example. 

This research is mainly focused on the characterization of shrinkage phenomenon and understanding 

how controlled desiccation cracking initiate and propagate through a clayey material. A series of 

controlled desiccation tests where then performed under three levels of imposed suction. The 

experimental approach aims to estimate shrinkage using the digital image correlation (DIC) method and 

allows calculating a critical value of the mechanical local strain acting the cracking. 
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2. MATERIAL AND METHOD

2.1. Material properties and sample preparation 

The tested clayey material employed in this study was Kaolinite K13, which is an industrial clay 

marketed by Sibelco (Paris, France). Some of its physical properties are: liquid limit, wL = 40%; plastic 

limit, wP = 20%; density of the solid grains, γs/γw = 2.65; and shrinkage limit, wSL = 16%. This synthetic 

clay appears to be similar to the well-known Kaolinite P300. An elementary Kaolinite particle consists 

of a set of stacked sheets as described in Hattab et al. (2014). The mineralogical analysis of Kaolinite 

P300, carried out using X-ray diffraction technique performed by Hammad et al. (2013), reveals that in 

addition to Kaolinite, various secondary minerals such as Illite and Quartz have also been identified. 

Soil samples were made by spreading mixed slurry with an initial water content w0 = 1.2 wL on a 

rectangular Teflon support. The dimensions of each specimen are 190 mm in length, 130 mm in width 

and 4 mm in thickness. The upper surface of soil sample was flecked with small and very dense spots 

of dark paint spraying. This was necessary for DIC calculations needing different grey levels.  

2.2. Test equipment 

The experimental device developed for this study is shown in Fig. 1 as a control chamber of glass used 

to create a confined volume for applying the Vapor Equilibrium Technique (VET) described in section 

2.4. It is able to combine two techniques for performing controlled desiccation tests: (i) a balance with 

0.1g accuracy to follow water content evolution, salt solution to impose the hygrometric parameters 

(relative humidity and temperature) that were measured with a hygrometer; (ii) DIC method which needs 

an HD camera to take images every fixed time interval, a computer to save the images and allows 

running calculations with Vic2D software which leads an accuracy about 3% for displacements. 

Figure 1. Experimental controlled desiccation test apparatus 

To carry out the two-dimensional DIC method, Vic2D software was used similarly to that of Wei et al. 

(2016). It provides the displacement and strain fields to analyse precisely the local behaviour of the 

material during controlled desiccation paths. 

2.3. DIC method parameters and Vic2D software 

Before using Vic2D software, some parameters should be defined (Fig. 2): (i) scale calibration to convert 

pixels of saved images to milimiters of displacements, 1 pixel = 0.11 mm; (ii) subset = 17 and step = 5 

of the selected area into the image, important parameters that allow to optimize DIC calculations in 

terms of the correlation quality and time needed to finish the run. 
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Figure 2. DIC parameters on Vic2D software 

The outputs of running Vic2D software are: (i) displacements, u (mm) along the X-axis, and v (mm) 

along the Y-axis; (ii) strains generated in post-processing, εxx (%) normal component of strain in the X-

direction, εyy (%) normal component of strain in the Y-direction, and εxy (%) shear strain. 

2.4. Salt solutions technique characteristics 

Controlled desiccation tests were performed using salt solutions technique based on Kelvin’s law. Thus, 

the Equation (1), given by Fredlund and Rahardjo (1993), allows determining the imposed global suction 

sglob (MPa) as a function of relative humidity RH and thermodynamic temperature T inside the control 

chamber. 

𝑠𝑔𝑙𝑜𝑏 = −
𝜌𝑤𝑅𝑇

𝑀𝑤
𝑙𝑛 (

𝑅𝐻%

100
) (1) 

where Mw is the molar mass of water, R is the molar gas constant and w is volumetric mass of water. 

Three suction levels were fixed in this study corresponding to three salt solutions, selected according to 

the conditions cited in Delage et al. (1998): 

(i) high in 361±11MPa using KOH;  

(ii) middle in 110±5.7MPa using K2CO3; 

(iii) low in 38±9.8MPa using NaCl.  

Test names are given following this nomenclature: CD (controlled desiccation) _Test number (1 to 3) 

_Mean value of sglob (MPa). Example: CD2-s361 (test number 2 for high suction level). 

3. RESULTS AND DISCUSSION

3.1. Drying evolution under controlled desiccation path 

Figure 3 shows the drying curves evolution under each suction level. The results highlight that drying 

velocity, defined by dw/dt (%/h), changes with suction level. Three characteristic intervals of time can 

be identified for each curve:  

(i) first stage from t1 to t2, where the mean value of drying velocity noted (dw/dt)m is calculated; 

(ii) second stage where t2 is the beginning of drying velocity decrease and tends to zero at t3; 

(iii) final stage for t > t3, dw/dt equals zero meaning there is no drying more. 
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Figure 3. Drying velocity under different suction levels during controlled desiccation path (m = mean 

value) 

3.2. Shrinkage phenomenon: analysis at the global scale 

In order to analyse the shrinkage kinetic during drying, a shrinkage velocity was determined from an 

estimated volumetric strain defined by dεv/dt (%/h) and plotted as a function of time on Figure 4. The 

results show a similar trend of curves compared to that of drying velocity (Figure 3) with an evolution 

in three stages. Here, time t3 represents the shrinkage limit time tSL. This comparison highlights that t2 

and tSL on Figure 4 are less than t2 and t3 on Figure 3, respectively at each suction level. When shrinkage 

stops, drying of soil sample continues to happen and tends to zero later more.  

Figure 4. Shrinkage velocity under different suction levels during controlled desiccation path (m = 

mean value) 

3.3. Discussion: controlled desiccation cracking 

Only mode I (opening mode), developed in Ighil Ameur and Hattab (2022) through bending tests, was 

observed in all cracks of this study developed under high suction level. Generally, cracks initiate from 

edges and propagate to the center of soil sample. Two edge-cracking zones are localized on εxx and εyy 

maps shown in Figure 5 (a) and (b) and named III-CD2-s361 and II-CD2-s361, respectively. To 
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highlight this cracking mechanism (mode I), principal “mechanical” strains analysis were carried out 

using a calculation program developed by Wei (2014). The results are shown in Figure 5 (a’) and (b’) 

for III-CD2-s361 and II-CD2-s361, respectively. In these two zones, extension characterized by many 

long red vectors appears very dense and all perpendicular to the direction of the crack. This confirms 

the crack initiation by mode I.  

Figure 5. Identified cracks on εxx and εyy DIC maps and principal “mechanical” strains method (t = 161 

h and w = 2.65%) 

4. CONCLUSIONS

In this research, an experimental device based on both salt solutions technique and DIC method was 

developed in the laboratory. This allowed to perform controlled desiccation paths under different suction 

levels. Study is focused on characterizing shrinkage phenomenon and understanding cracks’ initiation. 

According to this analysis, there is an influence of suction level on drying and shrinkage kinetics 

evolution: more suction increases, more the kinetic is faster. Furthermore, a shrinkage part of strains can 

be distinguished and completed by an additional part assumed as “mechanical”, acting cracks. 

Cracking mechanism in mode I was observed under high suction level. Calculations of principal 

“mechanical” strains, without the shrinkage part, allowed confirming this mode of cracking. Thus, it can 

be assumed that cracks initiate when the “mechanical” strain part exceeds a critical value. 
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ABSTRACT 

Environmental studies have witnessed a surge in interest, as a result of the growing awareness of the 

substantial presence of waste materials on a global scale. Despite recycling and material reutilization, 

there is also trend for exploring novel ways for use of waste products. In geotechnical engineering one 

such materials is fly ash, a byproduct stemming from combustion of coal for electricity generation. 

While extensive research has been devoted to examining its efficacy in enhancing the properties of fine-

grained soils, comparatively less attention has been directed towards investigating mixtures comprising 

granular materials and fly ash. Adding fly ash to granular materials for soil replacement purposes would 

significantly mitigate the use of natural materials, but also the volume of deposited fly ash. Combining 

fly ash with sand introduces an aspect of liquefaction potential, necessitating thorough evaluation of this 

phenomena. This paper presents a comparative analysis of findings derived from two distinct studies for 

liquefaction resistance of sand-fly ash mixtures from different origin. Both studies show similar 

reduction of the liquefaction resistance of the sandy materials upon introduction of fly ash.  

KEYWORDS 

Fly ash; sand; liquefaction resistance. 

1. INTRODUCTION

Fly ash, a residual byproduct derived from coal combustion in electricity generation, is regularly 

deposited in landfills. To date, the primary and most prevalent application of fly ash has been within the 

concrete industry. Nevertheless, numerous investigations have been conducted to assess the viability of 

employing fly ash in the field of geotechnical engineering (Angelova and Sheshov, 2022). The 

aforementioned studies predominantly focus on the utilization of fly ash for soil enhancement and 

substitution, particularly in mixtures with fine-grained materials (Beeghly, 2003; Senol et al, 2006; 

McCarthy et al., 2009; Santos et al, 2011; Vukićević et al., 2019). Moreover, multiple case studies 

demonstrate the successful practical implementation of these methodologies. (Beeghly, 2003; Parsons 

and Kneebone, 2005; Edil and Benson, 2007; Jackson et al, 2007; Lin et al, 2009; Trast et al, 2011).  

Considering the combination of sand and fly ash, there are less available studies, originating from 

diverse geographic locations, indicating the global interest in such research. The existing studies refer 

to testing of natural sand sourced from various origins combined with fly ash. Specifically, in the 

literature can be found mixtures of Skopje sand with 5, 10 and 20% fly ash (Angelova et al, 2021; 

Angelova et al, 2023; Angelova et al, 2024), and Ottawa sand with 10, 20, 25, 30, 40 and 50% fly ash 

(Kolay et al, 2019).  

This paper compares the findings from cyclic triaxial tests conducted on mixtures with Skopje sand and 

Ottawa sand with fly ash, as investigated by Angelova et al (2024) and Kolay et al (2019). The 

comparability stems from the utilization of analogous ranges of fly ash percentages in the mixtures. 

Even though the sand and fly ash in the two compared studies have different origin, there are some 
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common trends which should be taken into consideration in further studies. Such findings hold particular 

significance if these composite materials are envisaged for application within seismically active regions. 

2. EXISTING FINDINGS

2.1. Skopje sand-fly ash 

Angelova et al (2024) performed cyclic triaxial tests on mixtures of Skopje sand and Class F fly ash 

with variable relative density. The mixtures contained 5, 10 and 20% fly ash. They were tested for 100 

kPa effective stress and CSR from 0.1 to 0.5. These results were compared to existing study for clean 

Skopje sand by Bojadjieva (2015). Angelova et al (2024) observed reduction in the liquefaction 

resistance of the primary material when fly ash is added as in the studied range of 5-20%, without regular 

trend of this reduction with respect to the percentage of fly ash. Based on their results for the maximum 

and minimum unit weight of the sand-fly ash mixtures, they have concluded that the fly ash is attached 

to the sand particles, coating them and reducing the contact between sand particles. The results from the 

tests are presented in Table 1 and Table 2. 

Table 1. Results from cyclic triaxial tests on clean Skopje sand by Bojadjieva (2015) 

Sample 
Relative density 

Dr [%] 
CSR 

No. of 

cycles 

Clean 

Skopje sand 

40 0.1 900 

40 0.15 63 

40 0.2 18 

40 0.25 9 

40 0.3 6 

40 0.5 2 

55 0.12 900 

55 0.2 83 

55 0.3 13 

55 0.5 5 

75 0.2 1351 

75 0.25 118 

75 0.3 54 

75 0.5 25 

Table 2. Results from cyclic triaxial tests on sand-fly ash mixtures by Angelova et al (2024) 

Sample 
Relative density 

Dr [%] 
CSR 

No. of 

cycles 

Skopje sand 

with 

5% fly ash 

61.19 0.1 500 

65.06 0.2 12 

53.32 0.3 5 

59.04 0.4 2 

Skopje sand 

with 

10% fly ash 

74.33 0.1 500 

72.08 0.2 29 

65.39 0.3 7 

58.46 0.4 3 

Skopje sand 

with 

20% fly ash 

59.58 0.1 152 

63.85 0.15 19 

65.40 0.2 9 

62.28 0.3 3 
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2.2. Ottawa sand-fly ash 

Kolay et al. (2019) tested mixtures of Ottawa sand and Class F fly ash with relative density of 50% in 

order to study the liquefaction behaviour. The authors used high percentages of fly ash, namely 10, 20, 

25, 30, 50 and 70% fly ash. The mixtures were tested for 103.42 kPa effective stress and CSR from 0.1 

to 0.5. Based on their results the authors concluded that the liquefaction resistance initially decreases 

and then increases for mixtures with fly ash in the range 20-25%, whereas for more than 25% fly ash 

the liquefaction resistance decreases. Based on the results for the maximum and minimum void ratio 

which decreased with higher presence of fly ash, the authors concluded that the fly ash filled the voids 

of the sand. Also, they observed that with the increase of fly ash the samples deform abruptly, meaning 

that fly ash increases brittleness of the samples. 

Table 3. Results from cyclic triaxial tests on clean sand and sand-fly ash mixtures at effective confining pressure 

103.42 kPa by Kolay et al (2019)  

Sample 
Relative density 

Dr [%] 
CSR No. of cycles 

Clean Ottawa 

sand 

50 0.10 Not liquefied 

50 0.20 9 

50 0.30 4.5 

50 0.35 3.5 

50 0.40 3 

Ottawa sand 

with 

10% fly ash 

50 0.10 234 

50 0.20 7.5 

50 0.30 2.5 

50 0.35 2.2 

50 0.40 2 

Ottawa sand 

with 

20% fly ash 

50 0.10 290 

50 0.20 8 

50 0.30 3.5 

50 0.35 2.5 

50 0.45 2.1 

Ottawa sand 

with 

25% fly ash 

50 0.10 Not liquefied 

50 0.20 520 

50 0.30 35 

50 0.40 5 

Ottawa sand 

with 

30% fly ash 

50 0.10 68 

50 0.20 10 

50 0.30 3 

50 0.40 1 

Ottawa sand 

with 

50% fly ash 

50 0.10 755 

50 0.20 30 

50 0.30 8 

50 0.40 2 

Ottawa sand 

with 

70% fly ash 

50 0.10 Not liquefied 

50 0.20 Not liquefied 

50 0.30 14 

50 0.40 10 

50 0.50 3 
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3. COMPARISON OF THE STUDIES

In the study by Angelova et al (2023) the fly ash is classified as sandy silt, whereas the Skopje sand is 

poorly graded sand with silt. In the study by Kolay et al (2019) the used fly ash refers to silty clay with 

sand and the Ottawa sand is classified as poorly graded sand. The comparison of the sand and fly ash 

used in both studies can be seen in the common graph in Figure 1, showing the difference in the fractions 

of these materials. 

Figure 1. Comparison of grain size of clean Skopje sand and fly ash by Angelova et al (2023) and clean Ottawa 

sand and fly ash by Kolay et al (2019) 

Figure 2 shows all results from the cyclic triaxial tests presented by Angelova et al. (2024), Bojadjieva 

(2015) and Kolay et al (2019). Angelova et al (2024) has recognized a consistent pattern across the 

compared studies, indicating a general decrease of the liquefaction resistance of sand upon addition of 

fly ash. Furthermore, their analysis reveals that in both studies there is an absence of particular trend in 

the liquefaction resistance reduction corresponding to incremental increases in fly ash percentage. 

Furthermore, in line with the observations by Angelova et al. (2024), the shared graphical representation 

in Figure 2 illustrates that the majority of curves from both studies align within a distinct region before 

the curve representing clean Skopje sand with a relative density of 40%. Notably, an exception to this 

trend is observed in the case of the Ottawa sand mixture comprising 25% fly ash, which, according to 

the findings reported by Kolay et al. (2019), exhibits a marked enhancement in liquefaction resistance. 

Numerous differences characterize the samples across the studies, spanning from variations in grain size 

of both sand and fly ash materials to variable relative density within the Skopje sand-fly ash mixtures, 

as well as a wider range of Ottawa sand-fly ash mixtures encompassing diverse percentages of fly ash. 

Despite these discrepancies, a noticable clustering of data points is evident, suggesting a common zone 

for the liquefaction resistance of sand-fly ash mixtures with variable properties. However, conclusive 

statements regarding the generalizability of this zone necessitate further testing. 
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Figure 2. Comparison of liquefaction resistance of clean Skopje sand (after Bojadjieva, 2015), Skopje sand-fly 

ash mixtures (after Angelova et al, 2024), clean Ottawa sand and Ottawa sand-fly ash mixtures (after Kolay et al, 

2019) 

4. CONCLUSIONS

Environmental studies have gained significant interest due to increased awareness regarding the global 

abundance of waste materials. While recycling and reuse efforts are ongoing, there is a rapidly growing 

interest in exploring innovative possibilities for waste utilization. One such material of interest in 

geotechnical engineering is fly ash, a byproduct of coal combustion for electricity generation. While 

extensive research has focused on its effectiveness in enhancing fine-grained soils, less attention has 

been devoted to mixtures involving granular materials and fly ash. Incorporating fly ash into granular 

materials for soil replacement could reduce reliance on natural resources and decrease deposited fly ash 

volume. However, this introduces liquefaction potential, necessitating comprehensive evaluation. This 

study compares findings from two separate investigations on sand-fly ash mixtures' liquefaction 

resistance.  

In conclusion, the comparative analysis of cyclic triaxial tests conducted on mixtures of Skopje sand 

and Ottawa sand with varying proportions of fly ash, as investigated by Angelova et al. (2024) and 

Kolay et al. (2019), shows several noteworthy insights. Despite inherent differences in sample properties 

such as grain size distribution, relative density, and fly ash content, a consistent reduction in liquefaction 

resistance of sand upon the addition of fly ash is observed across both studies. The clustering of data 

points behind the curve representing clean Skopje sand with a relative density of 40% suggests a 

common trend, which should be considered upon analysing the potential utility of fly ash in soil 

stabilization. However, the notable exception of the Ottawa sand mixture containing 25% fly ash, which 

exhibits an improved liquefaction resistance, highlights the different impact of varying mixture 

compositions. These findings highlight the importance of further research to comprehensively 

characterize the influence of material properties on the liquefaction behavior of sand-fly ash mixtures, 

particularly in contexts such as seismic-prone regions where soil liquefaction is a hazard. 
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ABSTRACT 

Piles are a common foundation solution to support buildings, bridge abutments and embankments in 

soft soil deposits to transfer structural loads to deeper more stable soil layers or bedrock. During pile 

driving adjacent to slopes, stability of the slope can be negatively affected due to excess pore pressure 

generation, dissipation of the excess pore pressure into the slope, induced displacements, and cyclic 

degradation of the soil among other possible factors. However, there is a lack of understanding of the 

failure mechanisms involved in this phenomenon; as well as methods to account for the temporary 

reduction in slope stability during pile driving. This paper provides an overview of this problem. 

Furthermore, the paper introduces a method which couples pile driving analysis using wave theory with 

numerical finite element analysis to obtain the extent of cyclic soil degradation due to pile driving. This 

could be further used to assess stability of a slope during pile driving. 

KEYWORDS 

Pile driving, Installation effects, Cyclic degradation, Slope Stability. 

1. INTRODUCTION

1.1.  Piles and pile driving 

Piles are foundation elements that transfer structural loads from weak soil layers to deeper more 

competent strata or the bedrock. Piles can be classified into replacement or displacement piles according 

to their method of installation. Piles that are driven into the soil by a piling hammer and displace the 

adjacent soil during lie in the displacement pile category. The magnitude of the displacement depends 

on the pile size and type (open vs close ended). In Scandinavia, onshore piles are generally precast 

concrete piles. For building foundations, pile diameter of 300mm or quadratic cross section piles of 230 

or 270 are common choices. Bridge foundations are commonly built with concrete in close ended 0.8m 

wide steep pipes. Offshore structures which require larger foundations can have piles with diameter up 

to 3m and length in the order of 50 to 100m. 

Driving piles into clay generates high shear strains in the soil as the pile tip goes through the ground. 

Hence, the soil close to the pile undergoes a high degree of remoulding. This process is usually 

considered to be undrained, except in high-permeability silty clays where certain degree of drainage 

may occur. The act of pile driving pushes the soil away and generates an increase in total horizontal 

stresses which depend on the undrained shear strength of the soil (typically in the order of 4 to 6 times 

the undrained shear strength), (Randolph and Gourvenec, 2011). Furthermore, changes in pore pressure 

occurs which arises from two different mechanisms: Firstly, an increase in pore pressure occurs in 

response to increase in total stress and secondly (and to a smaller degree of contribution), a change in 

excess pore pressure occurs due to undrained shearing of the soil (Randolph and Gourvenec, 2011). This 

change can be positive or negative with respect to the type of clay. Stiff clays show a dilative behavior 

during shearing and generate suction, whereas soft clays tend to contract and result in an increase in the 

pore pressure (Burns and Mayne, 1999). 
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1.2. Slope stability and pile driving in slopes 

Addressing stability issues in natural or engineered slopes presents significant challenges in engineering 

design and construction. Various factors, such as changes in groundwater table due to heavy rainfall or 

rapid drawdown, seismic forces, and construction activities can lead to slope failure (Broms and Wong, 

1991). Typically, slope failure occurs when the average shear stresses along the slip surface exceeds the 

shear strength of the soil or rock material (Broms and Wong, 1991). However, this isn't always the sole 

cause, particularly in the case of a progressive failure mechanisms -where a local failure can trigger a 

general slope failure. Preventing such incidents requires a comprehensive understanding of failure 

mechanisms, investigative and predictive tools, as well as stabilization measures (Abramson et al., 

2001). The primary objective of slope stability analysis is to ensure safety for individuals, structures, 

and infrastructure, while also contributing to the economically and safely designed and constructed 

structures (Chowdhury, 1978). 

Pile driving in clay induces rapid undrained soil behavior due to clay's low permeability (Randolph and 

Gourvenec, 2011). Early studies by Bjerrum et al. (1958) were among the first to address excess pore 

pressures around piles driven in clay. Subsequent research by Bjerrum and Johannessen (1960) 

highlighted that the increase in pore pressure during pile driving, followed by its dissipation, temporarily 

reduces the undrained shear strength and decreases the factor of safety of nearby slopes. The soil 

properties near the pile wall are influenced during the driving process, leading to the formation of plastic 

and elastic zones, as defined by Karlsrud and Nadim (1990). Zone I, characterized by high shear-induced 

and displacement-induced pore pressures, is confined to the immediate vicinity of the pile. Conversely, 

the elastic zone, representing excess pore pressure due solely to displacement, extends further and 

decays exponentially with distance. This elastic zone can be subdivided into zones II and III. In zone II, 

pore pressure decreases after pile driving ceases, while in zone III, dissipation of excess pore pressure 

leads to a delayed increase in pore pressure and subsequently a delayed reduction in effective stress (see 

Figure 1). The effects of the pore pressure migration into various zones in the slope is explained in detail 

in Attari et al. (2023). This paper aims to provide some insight into the cyclic effects of pile driving on 

slope stability. 

Figure 1. Affected zones around the pile wall due to pile driving, with regards to pore pressure generation and 

dissipation (Attari et al., 2023) 

1.3. Cyclic loading and soil degradation due to cyclic loading 

The response of soil to cyclic loading in clay differs from that in sandy materials due to the influence of 

time-dependent creep and preconsolidation periods (Yasuhara et al., 1992). Early investigations into 

clay behavior under cyclic loading were conducted by Sangrey et al. (1969), who performed triaxial 

tests on saturated clay samples. Their findings revealed the presence of a specific critical cyclic stress 

for each consolidation history, beyond which failure occurred. Subsequent studies by Andersen et al. 

(1976) extensively examined the behavior of Drammen clay under cyclic loading. Andresen et al. (1976) 

have developed calculation procedures to evaluate the impact of cyclic loading on various soil types, 
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based on extensive laboratory testing of clay samples and resulting contour diagrams. An example of 

these diagrams is presented in Figure 2. 

Figure 2. Extent of cyclic degradation of soil based on cyclic shear stress to undrained shear strength 

ratio, according to the number of cycles (Andresen et al., 1976).  

2. SUGGESTED METHODOLOGY

2.1. Pile driving analysis 

Pile driving transfers kinetic energy from the hammer to the top of the pile. Several hammer blows are 

required until the desired depth of the pile is reached (Woods, 1990). A compression body wave is 

generated in the pile by the hammer. As the wave travels down towards the pile toe, part of it is reflected 

in the pile and part of it transmits to the surrounding soil (Selby,1991). The energy transmitted to the 

soil from the pile depends on the pile and hammer characteristics. The elastic soil deformation due to 

this impact is propagated in the soil as elastic waves. 

Pile driving analysis evaluates the ability of a hammer with a certain energy to safely drive a pile down 

to the required design depth into the soil (Stevens et al., 1982). A pile driveability analysis takes into 

account the pile geometry, type and energy of the hammer, as well as soil properties, which quantifies 

the soil’s resistance to driving (Stevens et al., 1982). Pile driving analysis is typically performed using 

Wave Theory by means of software such as GRLWEAP. 

For the purposes of the analysis, a pile driving analysis was conducted in GRLWEAP using a typical 

size onshore concrete pile, as delineated in the introduction. The pile driving analysis provides the 

number of blows among other results. The displacement versus time history related to one hammer blow 

in this case was accordingly used as input in the numerical model generated in the next step. 

2.2. Finite element analysis and post-processing using cyclic degradation curves 

A wished-in-place pile is modelled in Plaxis 2D, axisymmetric model (see overview of the model in 

Figure 3). 
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Figure 3. Overview of the Plaxis model. 

The HSSs constitutive model is used for this analysis and a soil strength profile of Su=20+2z kPa, where 

undrained moel B is used. The displacement in dynamic time generated in the previous stage is used as 

a dynamic prescribed displacement in the Plaxis 2D model. Required boundary conditions and interface 

properties are considered accordingly. Among the results of this analysis, shear stresses generated in 

different points in the soil are looked at (See Figure 4, where X is the lateral distance between pile and 

considered output point, and Y denotes the vertical distance). The accumulation of the shear stress in 

the soil body is then calculated based on the piling layout. These results are used to assess the extent of 

the cyclic shear degradation (generation of cyclic shear strains and cyclic excess pore pressure). 

Dynamic time [s]

Figure 4. Shear stresses in the soil in dynamic time (related to one hammer blow) 

3. DISCUSSION & CONCLUSION

Pile driving adjacent to slopes can pose challenges with regards to slope stability. The cyclic loading 

resulting from the hammer blows can in some cases depending on the soil properties, pile geometry and 

piling layout cause excessive soil degradation which can generate excess pore pressure and affect soil 

strength. A methodology in the early phases is suggested for this purpose, where pile driving analysis is 

conducted to provide time-displacement input to a simplified numerical model that aims to calculate the 
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shear stresses generated due to pile driving in each case. This can further on predict the magnitude of 

the generated excess pore pressure and evaluate the dynamic effects of pile driving on soil strength. This 

paper attempts to suggest a method to account for the cyclic degradation of soil due to pile driving in 

cohesive soil which could have the potential to be used with regards to slope stability problems. A 

challenge is to implement this into a slope where initially a degree of shear is being mobilized. This is 

being researched further and in more detail. It shall be noted that this is under development and final 

results will be presented in future publications. 
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ABSTRACT 

In recent years, the need for effective soil improvement methods to overcome challenges associated with 

problematic soils has grown significantly. However, many of the conventional methods come with 

considerable environmental impacts, energy consumption and financial costs. Microbially Induced 

Calcite Precipitation (MICP) has emerged as an alternative and promising soil improvement technology, 

utilizing the capabilities of urease-producing bacteria. This study investigates the feasibility of the MICP 

method for enhancing the engineering characteristics of a fine sand extracted from the Rhenish lignite 

mining area, Germany. The changes in the soil characteristics were evaluated by unconfined 

compressive strength (UCS) testing, acid washing, scanning electron microscopy (SEM) and energy-

dispersive X-ray spectroscopy (EDX). Sand samples were prepared using the dry pluviation and moist 

tamping method. Subsequently, 1.5 pore volumes of Sporosarcina pasteurii bacteria solution was 

introduced into the samples, followed by the addition of a cementation solution comprising urea, calcium 

chloride, and ammonium chloride through 5 and 10 injection cycles. Furthermore, in an effort to 

decrease the costs associated with sterilizing bacteria nutrient media, the cultivation of bacteria in non-

sterile media was investigated. The results showed a substantial increase in the engineering 

characteristics of MICP-treated soils, yielding UCS values of approximately 0.4 MPa and 1.2 MPa for 

samples treated with 5 and 10 injection cycles, respectively. However, a higher calcite precipitation 

uniformity was observed along the length of samples treated with 5 injection cycles. 

For both treatment times, no discernible differences were observed in compressive strength or calcite 

precipitation uniformity between samples prepared initially using dry pluviation and moist tamping. 

Moreover, the results indicated that bacteria cultivated in non-sterile media can achieve comparable 

UCS values to those cultivated in sterile media, offering a cost-effective and time-efficient alternative. 

KEYWORDS 

Soil Improvement; Microbially Induced Calcite Precipitation; Sporosarcina pasteurii; Rhenish Lignite 

Mining Area 

1. INTRODUCTION

The rapid rise in global population demands the provision of more construction and enhanced 

infrastructure. As not every soil type has the desired characteristics for construction, various methods 

have been developed to enhance the properties of problematic soils, including densification, stone 

columns, and cement/lime stabilization (DeJong et al., 2010, Shahin, 2017, Zamani, 2017). Despite the 

considerable efficiency, traditional soil improvement methods are often too costly and ecologically 

harmful. To overcome these issues, some biological soil improvement methods have been introduced in 

recent years. Among these, Microbially Induced Calcite Precipitation (MICP) has received considerable 

attention due to its sustainability and efficiency. The MICP method particularly relies on the urea 

hydrolysis pathway, accelerated by the presence of urease-producing microorganisms such as 

Sporosarcina pasteurii, leading to calcite production (DeJong et al., 2013). Calcite precipitation creates 

bridges between soil grains, effectively cementing them into a stiffer structure. The created cementation 

improves the compressive and shear strength of granular soils while preserving their permeability, 
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offering advantages over traditional soil improvement methods (Shahin, 2017). Various factors 

influence the pattern of calcite precipitation and its impact on the mechanical properties of soils. The 

key factors include the concentration of the injected bacteria and reactants, initial soil characteristics, 

number of treatment cycles, temperature, and pH (Lauchnor et al., 2015, Shahrokhi-Shahraki et al., 

2015, Mahawish et al., 2018, Mahawish et al., 2019). Furthermore, besides the key factors, additional 

variables may also affect the efficiency of the MICP method in granular soils. For instance, most 

previous studies have relied on bacteria cultivated in sterilized nutrient media prepared in distilled water. 

Considering the substantial costs and extensive time required for sterilization and using large quantities 

of distilled water in large-scale projects, some samples in this study were treated with bacteria solutions 

prepared in non-sterile tap water. This approach aimed to examine the effects of sterilization and water 

purity more accurately on the resulting cementation pattern. Additionally, the effect of sample 

preparation method also remains unclear in the literature. To that aim, in some samples sand was poured 

into the molds using the dry pluviation, while in other sample series sand was filled into the mold using 

the moist tamping method. Furthermore, the effect of the number of injection cycles was examined on 

the final unconfined compressive strength (UCS) and uniformity obtained. 

2. MATERIALS AND METHODS

2.1. Soils 

The sand used for the experiments was collected from the dump site of the Inden opencast mine in the 

North-Rhine Westphalia state, Germany. The grain size distribution curve, determined through sieve 

analysis in accordance with the German standard code DIN 17892-4, is depicted in Figure 1. Additional 

soil properties, including fines content (FC), mean grain size (D50), specific gravity (Gs), coefficient of 

uniformity (Cu), and minimum and maximum void ratios (emin and emax) are presented in Table 1. Based 

on the measured characteristics, the soil is classified as a poorly graded sand. 

Figure 1. Grain size distribution curve of the used sand. 

Table 1. Soil material properties. 

Parameter FC (%) D50 (mm) Gs Cu emin emax 

Value 5.08 0.194 2.64 2.6 0.622 1.079 

2.2. Biological solutions 

For this study, the bacteria strain Sporosarcina pasteurii (DSM-11), purchased from the German 

microorganisms collection (DSMZ) was used as the urease source. The bacteria were cultivated in a 

medium composed of constituents listed in Table 2. Except urea, all constituents were added to distilled 

water and subsequently sterilized using the autoclave device. Due to the high sensitivity of urea to heat, 
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it was added to the medium after cooling using 0.22 microliter syringe filters. Moreover, an alternate 

medium was prepared using tap water, mixing in all the ingredients without sterilization. The 

cementation solution utilized consisted of urea, calcium chloride, and ammonium chloride at the 

concentrations specified in Table 3. To investigate the effect of the cementation level on the final UCS 

and calcite content, the cementation solution was injected at 5 and 10 injection cycles across two 

experimental setups. 

Table 2. Constituents of the medium culture. 

Constituent Concentration (g/L) 
Peptone from Casein 15 

Peptone from Soymeal 5 

Sodium chloride 5 

Urea 20 

Table 3. Constituents of the cementation solution. 

Constituent Concentration (mol/L) 
Urea 0.5 

Calcium chloride 0.5 

Ammonium chloride 0.374 

2.3. Sample preparation 

For both the dry pluviation and moist tamping methods, sand was initially dried at 100 °c for one day. 

In the dry pluviation method, sand was filled into the syringe mold to a height of 7 cm with a relative 

density of 30%. For the moist tamping method, the soil was mixed with deionized water to reach a water 

content of 5% and compacted into three distinct layers with an undercompaction ratio of 5%. All samples 

were saturated using deionized water before the injection of the bacteria solution. To ensure complete 

void space filling with the bacteria solution, 1.5 pore volumes of the solution was flushed through the 

samples from top to bottom at a flow rate of 10 mL/min. Following a 6-hour retention time, the 

cementation solution was introduced into the samples at the same volume and flow rate in 10 injection 

cycles every 12 hours. To determine the effect of injection frequency on the uniformity of calcite 

precipitation and UCS of the biocemented samples, a group of the samples, prepared through dry 

pluviation, was treated by 5 cycles of cementation solution injections at the same time intervals. In order 

to confirm the crucial role of Sporosarcina pasteurii in accelerating the reaction between urea and 

calcium chloride, control samples were prepared without the bacteria, where distilled water was injected 

at 1.5 pore volumes followed by 10 cycles of cementation solution. To remove the unreacted salts, all 

samples were rinsed with around 10 pore volumes of deionized water 24 hours after the last cementation 

cycle. Subsequently, samples were oven dried at 60 °c for approximately three days. 

2.4. Unconfined compressive strength 

After the drying phase, samples were removed from the molds and their top and bottom surfaces were 

smoothed using sandpaper. The UCS tests were then conducted on the biocemented samples with a 

height to diameter ratio of 2:1. These tests involved loading the samples at a strain rate of 1%/min until 

their complete failure. 

2.5. Calcite content determination test 

To evaluate the uniformity of calcite precipitation within the samples height, around 8 grams of material 

were cut from the top, middle, and bottom of the samples after the UCS tests. Following the German 

standard code DIN 18129, calcite content was determined by inducing a chemical reaction between 

calcite and hydrochloric acid. 
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This process generates carbon dioxide gas, causing an increase in pressure in the testing chamber, 

enabling the calculation of the calcite content. To achieve a representative measurement for each part of 

the sample, the calcite content was measured at least three times for each section. 

2.6. Scanning electron microscopy and energy dispersive X-ray analysis 

To investigate the pattern and composition of the calcite precipitation following mechanical testing, 

scanning electron microscopy (SEM) and energy dispersive X-ray (EDX) analysis were carried out on 

small biocemented samples. To that aim, small sections were cut from the cylindrical samples and gold 

coated prior to the microscopic examination. 

3. RESULTS AND DISCUSSION

3.1. UCS and calcite distribution 

Soils treated with both bacteria and cementation solution demonstrated a notable increase in UCS. As 

shown in Figure 2a, samples treated with sterile bacteria solution demonstrated an average UCS of 1.09 

kPa, comparable to the 1.12 kPa observed in soils treated with bacteria from a non-sterile medium 

culture. Additionally, as demonstrated in Figure 2b, the average calcite content of samples from sterile 

and non-sterile bacteria solution are almost similar. However, higher calcite content was observed in the 

middle portion of the samples treated with non-sterile bacteria solution, possibly due to the presence of 

various bacteria strains with different sizes, limiting the movement of urease-producing bacteria to the 

bottom of the samples. 

Nonetheless, all these observations could be a positive step towards the upscaling of the MICP method, 

as avoiding the sterilization process can considerably save in time and costs. Also, the strength results 

from using non-sterile medium for bacteria cultivation were within a suitable range for the prospective 

application of the biocementation technique on a larger scale. 

Regardless of the sample preparation method used - moist tamping or dry pluviation - the influence on 

the UCS and calcite content was not significant. As illustrated in Figure 3a, samples prepared through 

dry pluviation and moist tamping exhibited average UCS values of 1.01 kPa and 1.11 kPa, respectively. 

Additionally, based on Figure 3b, the calcite content across the height of both sample types was observed 

to be between approximately 8.5% to 11%. These observations suggest that at a constant relative density, 

the different soil grains arrangements resulting from the two preparation methods will not cause any 

considerable changes in the uniformity and the compressive strength of a biocemented soil. Furthermore, 

as shown in Figure 4a, samples prepared using bacteria cultured in distilled and tap water produced 

similar UCS values. Yet, a more uniform calcite distribution was observed in samples from distilled 

water, possibly due to the chemical composition of tap water influencing the pattern of calcite deposition 

along samples height (Figure 4b). 

(a) (b) 

Figure 2. Effect of sterilization on the (a) UCS and (b) calcite content of the biocemented sand. 
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(a) (b) 

Figure 3. Effect of the sample preparation method on the (a) UCS and (b) calcite content of the 

biocemented sand. 

Figure 5 shows that samples subjected to 5 injection cycles exhibited lower UCS and calcite content 

values compared to those treated by 10 cementation cycles, pointing to the significance of the treatment 

frequency on the cementation level. Moreover, samples receiving 10 cycles of cementation solution 

showed a higher average calcite content than those treated 5 times. Nonetheless, Figure 5b reveals that 

a higher calcite precipitation uniformity was achieved in samples subjected to 5 treatment cycles with a 

calcite content range of approximately 5.7%to 5.9% across the samples heights. Meanwhile, samples 

subjected to 10 injection cycles showed a wider calcite content range from approximately 8.5% to 

10.8%. The reduced uniformity in samples receiving higher number of injection cycles may be attributed 

to a greater loss of bacteria from the samples bottom with each injection cycle, thereby negatively 

affecting the acceleration of the MICP process. Furthermore, bacteria are displaced towards the samples 

outlet, resulting in their accumulation and the consequent increase in calcite production in that area. 

(a) (b) 

Figure 4. Effect of water purity on the (a) UCS and (b) calcite content of the biocemented sand. 

Moreover, as shown in Figure 6, samples treated solely with water and the cementation solution 

preserved their loose structure without any improvement in their UCS. Also, similar to the uncemented 

sand, the calcite content in those control samples remained at zero. This phenomenon emphasizes the 

critical role the urease source plays in accelerating the MICP process, enabling the production of the 

desired calcite amounts in days rather than several years under natural conditions. 
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(a) (b) 

Figure 5. Effect of the number of injection cycles on the (a) UCS and (b) calcite content of the 

biocemented sand. 

Figure 6. Control sample after the injection cycles. 

The data presented in Figure 7, plotting the UCS versus the average calcite content, show a direct 

relationship between these two parameters similar to some previous studies (Ahenkorah et al., 2020, 

Hoang et al., 2020, Tian et al., 2020). The correlation highlights the significant impact of the calcite 

content on increasing the compressive strength of biocemented soils. 

Figure 7. Relationship between the calcite content and UCS. 
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3.2. SEM-EDX analysis 

As presented in Figure 8, calcite precipitation occurred both on the surface of sand particles and at 

particle-particle contact points. This mechanism suggests that the observed enhancement in the 

compressive strength can be attributed to both the roughening of particle surfaces and the bridge 

formation between particles through calcite deposits. Additionally, the chemical composition of the 

biocemented sand at the green point referenced in Figure 9a is shown in Figure 9b confirming the 

presence of calcite through the detection of of calcium (Ca), oxygen (O) and carbon (C) in the sand’s 

composition. 

Figure 8. SEM image of the biocemented sand. 

(a) (b) 

Figure 9. SEM-EDX analysis of the biocemented sand: (a) SEM and (b) EDX. 

4. CONCLUSIONS

In conclusion, biocementation via MICP has been demonstrated to be an effective approach for 

significantly enhancing the compressive strength of a sandy soil from an opencast lignite mine. 

Regarding the variables examined within this study, it was revealed that the initial sample preparation 

method has no specific influence on the UCS and calcite content of the biocemented sands. Additionally, 

the successful calcite precipitation under non-sterile conditions utilizing tap water also indicates a 

promising step towards reducing the costs of medium culture preparation for larger scale applications 

of this soil improvement method. The study also found that an increased frequency of injection cycles 

correlates with higher compressive strength, although this may lead to a non-uniform calcite 

precipitation pattern due to the bacterial detachment at the injection point. Furthermore, a direct 

relationship was found between the UCS and the average calcite content, proving the critical role of 

calcite in increasing the soil strength. Ultimately, for larger scale applications of the MICP method in 

some parts of the opencast mine, future research on soils with different initial characteristics under 

simulated field conditions is crucial. 
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ABSTRACT 

The chemical structure of clays is a significant determinant of their behavior, particularly in the case of 

active clays renowned for their high-swelling and hydro-isolating characteristics. These properties make 

them valuable in diverse geotechnical applications, including nuclear waste repositories and landfills. 

High swelling capacity and low permeability originate from the water physically attracted to clay 

particles, often termed "adsorbed" or "physisorbed" water. This water exhibits distinct features such as 

an ordered structure, higher density, and unique dielectric constant compared to bulk liquid water. Its 

interaction is influenced by factors like pore water salinity, degree of saturation, and temperature of the 

waste at repository. Predicting the mechanical response, such as swelling upon hydration, necessitates 

advanced modelling considering the physical-chemical interplay between water and clay particles. 

Accurate multi-physical predictions rely on precise microstructural investigations, crucial for 

understanding active clay behavior. This study introduces a novel methodology utilizing 

Thermogravimetric Analysis (TGA) to quantitatively assess adsorbed water in active clays. Employing 

this approach provides fresh insights into the types and quantities of water retained at different saturation 

levels of MX-80 bentonite. These findings can be incorporated into mechanical prediction models to 

augment their precision. 

KEYWORDS 

Bentonite; Adsorption; Thermal analysis; Expansive clays 

1. INTRODUCTION

Bentonite is extensively employed in waste disposal applications (Laine and Karttunen, 2010). Its 

advantageous characteristics in waste management include swelling and low hydraulic permeability 

upon moisture exposure, effectively preventing the migration of contaminants from waste disposal sites. 

Bentonite serves as a reliable "seal" for nuclear waste containment (Laine and Karttunen, 2010). 

The uniqueness of bentonite is primarily dictated by its constituent mineral, montmorillonite. With a flat 

shape approximately 500x500nm in size and a thickness of 1nm, it has one of the highest surface-to-

mass ratios (specific surface area up to 800 m2/g) among soil materials. Its natural chemical structure 

consists of an octahedral 𝐴𝑙𝑂6 sheet located between two tetrahedral sheets of 𝑆𝑖𝑂4. Isomorphic 

substitution can naturally occur in both types of sheets, resulting in a charge deficit (Rouquerol et al., 

2014; Mitchell and Soga, 2005). The resulting negative charge at the surface is counterbalanced by 

exchangeable alkaline cations. This interaction between water and clay particles, facilitated by the 

exchangeable cations, induces water adsorption (here, physical adsorption is the process of enrichment 

of a material or increase in the density of the fluid in the vicinity of an interface without chemical 

bonding (Rouquerol et al., 2014)). This leads to the formation of water layers extending up to four times 

the thickness of the clay platelet itself. Consequently, the high specific surface area of bentonite becomes 

fully saturated with water upon hydration, resulting in swelling. While swelling upon hydration arises 
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from water-clay particle interaction, overlooking this interaction could yield inaccurate predictions of 

mechanical behavior. 

Existing modeling approaches allow predicting hydration isotherms of bentonite by combining different 

mechanisms connected to types of water adsorbed (e.g., Wang et al., 2022; Qiao et al, 2021). Existing 

experimental assessments of adsorbed water are limited to platelets spacing assessment by X-Ray 

Powder Diffraction (XRPD) and it is assumed the space between platelets is filled with water. Moreover, 

XRPD requires fine powders and is unable to detect amorphous structure (such as water or randomly 

located surface cations) (Cockcroft and Fitch, 2008).  

Montmorillonite, a key mineral in bentonite, attracts water in two forms: tightly bonded crystalline 

hydrates and weakly bonded osmotic hydrates. Mercury Intrusion Porosimetry (MIP) is unable to 

capture crystalline hydration (e.g. Norrish, 1962), occurring at humidities above 25% (Cases et al., 

1992). Additionally, at low humidity levels, most of the surface area remains vacant from water layers. 

Thermogravimetric Analysis (TGA) is a technique that allows to obtain the change of mass of a small 

specimen as a function of temperature (dynamic heating) or time (Tajeddine et al., 2015). Each 

temperature level corresponds to the energy needed for sublimation/evaporation of certain molecules in 

the sample (Vieillard, Tajeddine L, 2015). Thus, higher-level bonds removal would be visible at a higher 

temperature. 

In case of clays, similar processes were distinguished to take place in kaolinite, montmorillonite, 

saponite and other clay minerals during heating from 30°C to 950°C:  first step – evaporation of adsorbed 

water; second one – dehydroxylation – the release of structural OH in the form of water molecules, third 

– silica phase transformation. It is generally assumed that by the start of dehydroxylation no adsorbed

water is left (Tajeddine et al., 2015; Saadatkhah et al., 2020; Zeng et al., 2022), however, that assumption 

remains not proved. Additionally, there is no consensus between authors on the temperature levels when 

all adsorbed water is removed. 

Discrepancies between water retention mechanisms in literature require development of new 

experimental tools capable of detecting water-clay particle interactions at the nanoscale across different 

chemo-hydro-mechanical states. These tools are essential for later implementation into accurate 

modeling approaches. 

In the present contribution, a new methodology for quantifying the different types of water retained by 

active clays is proposed. The proposed methodology involves using thermogravimetric analysis (TGA) 

on active clay specimens at different hydration stages, as well as using TGA on water samples having 

the chemical composition of the active clay specimens of interest. 

2. MATERIALS AND METHODS

2.1. Tested material 

Bentonite MX-80 mixture was obtained by mixing the grains of fractions up to 4 mm with Fuller 

granulometry distribution. Smectite content of the material is 85%, Specific Surface Area (SSA) is 

523m2/g, specific gravity 2.74 (Seiphoori et al., 2014). Liquid and plastic limits are 544% and 110% 

respectively. Hygroscopic water content of the resulting mixture under laboratory conditions (imposed 

total suction 140 MPa, T=25°C) is 5.9%, dry density – 1.3 Mg/m3. 

2.2. Methodology 

The proposed methodology involves, after an initial specimen preparation phase, performing TGA on 

clay and water samples (using unique heating programme for all samples). A comparison of the 

temperature-water content curves of the clay samples and of the water samples reveals the temperature 

ranges required to remove a certain type of retained water and allows the corresponding water content 

to be quantified. 
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2.3. Hydration procedure 

Bentonite was placed into 3 “Microcells” (cells made of brass able to create constant volume conditions 

with small openings) for confined hydration in desiccators with the imposed total suction values of 1, 

26, 59 MPa (D, C, B states on Figure 1). Total suction of bentonite was measured by WP4C dew point 

chilled-mirror potentiometer (Leong et al., 2003). Total suction value of 1 MPa was measured on fully 

saturated bentonite (saturation was performed in Microcell in a chamber with water pressure 2.5 MPa 

for 2 days until no change in water volume in the pump was observed). 

Figure 1. Hydro-mechanical states of tested samples represented in form of water retention curve. 

2.4. Thermogravimetric analysis 

Experimental part of TGA consists of 2 sub-parts: testing of bentonite samples and of distilled water 

(Figure 2).  

Bentonite samples, taken immediately after opening microcells, are put in ceramic crucibles in the 

heating chamber of a Perkin Elmer TGA 4000 apparatus (Figure 2). The following heating (for all 

heating steps the rate is 10°C/min) is adopted: (i) isothermal step for 1 min at 30°C for equilibration; (ii) 

heating from 30 to 80°C; (iii) isothermal step for 15 min at 80°C; (iv) heating from 80 to 950°C; (v) 

isothermal step 1 min at 950°C. Bentonite samples included also those oven-dried (105°C) for more 

than 1 month to ensure the evaporation of all water in the sample. These long-dried samples are taken 

as reference state later in the analysis. 

Figure 2. Samples for thermogravimetric analysis. 

Water samples are put into crucibles in capillary form using syringe. The impact of capillarity on 

evaporation of water is presented on figure 3. Presence of capillars, that are created by ceramic grains 

and bentonite after heating, slows down the evaporation of water. However, the differences between 

various capillarities are negligible (Figure 3), which allows to use the curves of capillary water 

evaporation for later modelling. The initial mass of water varies from 2mg to 21mg (Figure 3). The 

following heating program is adopted: (a) isothermal step for 1 min at 30°C; (b) heating from 30 to 

80°C; (c) isothermal step at 80°C; (d) heating from 80 to 150°C. The final curves of water used for the 

proposed methodology are shown on figure 4. 
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2.5. Accuracy of the measurements 

The Perkin Elmer TGA 4000 apparatus makes measurements with accuracy of the balance 0.01% (for 

most of samples 0.005 mg), temperature accuracy 0.8°C.  

Additionally, the influence of total mass of sample and granulometry on accuracy was measured. Mass 

of samples influences the first part of the normalized curves (30...450°C) with coefficient of variation 

0.53% (standard deviation 0.57%). Granulometry of the sample influences predominantly the part 

between 600 and 800°C with coefficient of variation 0.42%, standard deviation 0.4%. 

Figure 3. Analysis of water evaporation in capillary form and form of a drop. “Bentonite matrix” corresponds to 

bentonite after heating up to 950°C, which loses its activity due to dehydroxylation at high temperatures. 

Figure 4. Output of TGA experiments and analysis after. 

2.6. Results analysis 

The experimental results are analyzed implementing the following procedure: (i) normalization of all 

bentonite TGA curves with respect to the final mass; (ii) combination of water evaporation curve with 

the long-dried sample TGA curve (Figure 4), representing the change of mass of bentonite without 

adsorption phenomena; (iii) difference between the actual sample with adsorbed water and the modelled 

curve. The combined curve is modelled in a way that it has the same water content as the samples in 

hydration path (Figure 1), in this way, the only difference between actual and modelled curve is the 

mass of water bonded to clay platelets. That mass is expressed as the mass of water per unit mass of dry 

clay on Figure 5 (the normalization changed to initial mass for interpretation of results). 

3. RESULTS AND DISCUSSIONS

Figure 5 represents the results of presented methodology. Two main regions could be identified: (i) 

30...200°C with sharp peaks at around 80°C and (ii) 600°C...800°C with peaks starting from 0 to 0.021. 

The first region of the difference represents the water bonded to clay, thus, this region corresponds to 
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adsorbed water (bulk water was removed by difference operation).  According to the second region, the 

states  of total suction 26, 59 and 140MPa show peaks of around zero, and the saturated sample has a 

higher value of 0,021. That fluctuation most probably corresponds to the change of fabric during 

saturation, as the accuracy evaluation due to granulometry was the highest at similar temperature zone. 

As samples from the mixture were picked randomly, most probably the variation in grain size and in the 

amount of water retained by big and small grains resulted in scatter data. Therefore, this methodology 

should be targeted on the grain size of interest. 

Figure 5. Final result of the difference between real and modelled TGA-curves at 4 

hydraulic states. 

Overall, the values of adsorbed water obtained in present analysis is similar to some of the other 

methodologies, reporting half of the water stored in adsorbed form (e.g., Warr and Berger, 2007). On 

Figure 6 the interpretation of results is presented in a form of soil water isotherm, representing the water 

types’ amounts change upon hydration (capillary and adsorbed). 

Figure 6. Outcome of the analysis. 

4. CONCLUSIONS

In present work a novel thermogravimetric methodology for experimental quantification of adsorbed 

water has been developed for the first time. The advantage of this methodology lies in its reliance on 

energy-based measurements.  

It was found that the adsorbed water and capillary water are present simultaneously and vary upon 

hydration. The abovementioned water types were quantified and a water isotherm was presented based 

on the findings.  

Present methodology can be implemented for other materials with adsorption phenomena (clays, sulfate 

rocks and others). 
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Determination of foundation damping coefficients for monopile supported 

offshore wind turbines 
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ABSTRACT 

The interaction of the monopile foundation with the surrounding soil could have a substantial impact on 

the behaviour of the offshore wind turbine (OWT) structure in terms of the resonance frequency and the 

amplification of forces and bending moments. As a result, it is crucial to incorporate both the stiffness 

and the damping of the monopile into integrated numerical analyses in order to satisfy fatigue design 

requirements and to improve structural cost reductions. Foundation damping, which is mainly hysteretic, 

is formed as a result of the monopile moving against the soil volume in the vicinity, causing energy 

dissipation due to the development of plastic strains within the soil. This research project aims to derive 

foundation damping ratios to be used as viscous dashpot coefficients by calibrating the parameters of a 

nonlinear constitutive model to the results of cyclic triaxial tests and then building full 3D finite element 

(FE) models incorporating the soil volume with the monopile and the tower structure. The damping 

ratios are determined by applying cyclic loads at the rotor-nacelle-assembly (RNA) level, and then 

calculating the damping ratios from the hysteretic load-deformation loops at the mudline level. The 

small strain hardening soil model (HSsmall) is used due to its capability to exhibit nonlinearity upon 

load reversals. The coefficients determined with the approach yield valid results when comparing the 

critical damping ratios with those obtained from 3D FE analyses. 

KEYWORDS 

Monopile; Offshore wind turbine; Small strain hardening soil model; Foundation damping 

1. INTRODUCTION

Offshore wind is now regarded as a promising renewable energy source to help in tackling climate 

change challenges, reducing the reliance on fossil fuels, and achieving net-zero carbon dioxide 

emissions. However, the greatest limitation that hinders the growth of offshore wind is the significant 

cost required for the installations. Furthermore, the support structure must be designed such that it can 

sustain the severe environmental loads of wind and waves that are applied throughout the design lifespan 

without compromising the fatigue limits of the different structural components. The internal forces of 

the OWT are greatly influenced by the interaction of the monopile with the soil which govern the 

stiffness and the damping. Research studies such as Carswell et al., (2015) highlighted the importance 

of foundation damping, by comparing the moments at the mudline for the case which incorporates 

foundation damping as a rotational viscous dashpot, against the simulation model without foundation 

damping. According to the analysis results, Carswell et al., (2015) estimated that foundation damping 

reduced the maximum and standard deviation of the mudline moment by 7-9% respectively during storm 

conditions. A more recent study by Carswell et al., (2022) showed that including foundation damping 

accounted for approximately 25-33% reduction in mudline bending moment under an emergency 

shutdown scenario when compared to the same undamped numerical model. There are two types of 

foundation damping: radiation and hysteretic damping. Radiation damping involves dissipating the 

energy by spreading the elastic waves away from the monopile. Since the effect of radiation damping is 

very small for vibration frequencies below 1 Hz, its effect is often neglected (Andersen, 2010). 

Hysteretic damping is the form of damping that is of concern in this research, which is mainly due to 
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the plastic shear strains within the soil. Unlike radiation damping, Hysteretic damping is relatively 

insensitive to the loading frequency (Damgaard et al., 2013). This research focuses on obtaining the 

foundation damping ratios that can be converted to viscous dashpot coefficients which could then be 

used in integrated wind turbine analysis. The damping ratios are obtained by carrying out FE analyses 

using the software package Plaxis 3D. To check if the damping ratios are adequate, free decay 

simulations are implemented with Plaxis 3D to obtain the critical damping ratios of the OWT structure, 

which are then compared with critical damping ratios determined by applying the viscous dashpots in a 

1D FE model. 

2. METHODOLOGY

Accurate determination of foundation damping requires obtaining the hysteretic damping of the soil at 

different mean effective stresses (i.e., variation of damping with depth). This section will discuss the 

procedure followed to carry out the triaxial laboratory tests along with the steps needed to calibrate the 

HSsmall parameters and building the 3D FE model. Bender element tests were also conducted to yield 

the small strain shear modulus Go. Soil samples were taken from a quarry site in Ireland referred to as 

Blessington, and then reconstituted in the laboratory to 60% relative density using the moist tamping 

under-compaction approach. Cyclic and monotonic tests were carried out to obtain damping and 

effective shear strength parameters according to ASTM (D3999) and ASTM (D7181) standards 

respectively. The difference between the cyclic and the monotonic tests is only during the loading stage, 

while the preceding steps of sample preparation, saturation, and consolidation are identical. All samples 

were consolidated isotropically to the desired mean effective stresses. Cyclic loading was performed in 

undrained conditions as recommended by ASTM (D3999) standard. The initial dimensions of the 

samples were 70 mm in diameter and 140 in height. Each soil sample was divided into 10 layers with 

approximately 14 mm thickness. To achieve the desired compaction with relative ease, each layer is 

dampened to around 15% moisture content. The under-compaction method was proposed by Ladd 

(1978) to achieve uniform void ratio samples by increasing the density successively for each layer to 

account for the compaction that occurs in the underlying soil layers. The amount of under-compaction 

is controlled by the percent under-compaction according to the following equation: 

𝑈𝑛 =  𝑈𝑛𝑖 −  (
𝑈𝑛𝑖 − 𝑈𝑛𝑡

𝑛𝑡 − 1
(𝑛 −  1))              (1)   

where Uni is the under-compaction percent for the initial layer, and Unt is the under-compaction for the 

topmost layer. The total number of layers is represented by nt, while n is the current layer. The value for 

Uni is 2% as suggested Escribano (2015) for relative densities higher than 40%, and the value for Unt 

is set as zero. On sample local transducers were used to overcome the issues related to compliance of 

the apparatus and bedding errors. Two diametrically opposite axial LVDTs (Linear Variable 

Displacement Transducer) were used to measure the average axial strain. The distance between the pads, 

that hold the axial LVDTs against the soil, is adjusted such that the gauge length is around one-third of 

the soil height. The radial strain is measured with a calliper which has the LVDT at one end, and a hinge 

that permits the calliper to open and close at the other end. All the pads are fixed with pins that pierce 

through the latex membrane. To prevent water from leaking into and out of the sample, Silicon sealant 

is applied onto to the pads prior to inserting the pins. The triaxial tests were conducted in fully saturated 

conditions. To facilitate saturation, the sample was initially flushed with CO2 which replaces the air in 

the soil voids and is more soluble in water. Afterward, water is allowed to flow upwards from the bottom 

of the sample and to escape from the drainage valve at the top cap. This is followed by back pressure 

saturation whereby the back pressure and cell pressure are increased simultaneously so that the pore 

pressure increase allows the remaining air pockets to dissolve in the water. The cell pressure is kept 

higher than the back pressure by a small offset of 20 kPa to allow the sample to remain stable. To check 

if full saturation is accomplished, the B value is checked by raising the cell pressure and closing the 

drainage valve. The sample is regarded to be fully saturated when the output B value is larger than 0.95. 

During the consolidation stage, the pore water is permitted to dissipate from the top cap drainage valve 



50 

to the back pressure controller which can be used to calculate the volume of the dissipated water, and 

hence, the volume change of the sample. 

The cyclic tests were two-way stress controlled in which the deviatoric stress was oscillating around a 

mean deviator of 0 kPa. The amplitude of the cyclic deviatoric stress increased gradually from one stage 

to another, and the number of load cycles was 40 for each stage. Consolidation stages were added after 

each dynamic stage to restore the initial mean effective stress before the succeeding dynamic stage 

began. The stresses were applied at 0.1 Hz which is within the range of frequencies encountered for 

OWTs in the field. 

The small strain shear modulus Go is determined by bender element tests. The bender elements consist 

of two piezoelectric ceramic plates that can convert electrical signals into mechanical waves when 

operating as a transmitter, and as a receiver, when the vibrations are transformed into electrical signals. 

The bender elements were procured from GDS. The input and the output signals from the bender 

elements are recorded by PicoScope 5242D oscilloscope. The input signals to the transmitter are 

supplied by TTI TGA1241 arbitrary function generator which can produce pulse sine signals of up to 

10 Volts amplitude. Frequencies in the range of 1-20 kHz were applied by the function generator. Figure 

1 shows the schematics of the main triaxial and bender element testing systems. 

The results of the triaxial and bender element tests are then used for calibrating the HSsmall constitutive 

model. The soil test facility in Plaxis 3D allows to recreate of the tests in the laboratory to check whether 

the values used as inputs yield satisfactory simulations when compared to the laboratory results.  Only 

the monotonic tests were evaluated in the soil test facility. The reliability of the input values for damping 

is examined by comparing the damping ratio curves displayed by Plaxis 3D when the parameters of 

HSsmall are inserted, against the damping ratio graphs from the cyclic triaxial tests.  

The overall model of the monopile, tower structure and soil domain is created by Plaxis 3D software. 

This research aims to study foundation damping for the reference 15 MW wind turbine (Gaertner et al., 

2020). To create the hysteretic load-deformation loops at the foundation, cyclic loads are applied at the 

RNA level. The loads are applied statically without taking inertia into account. The damping ratio 

determined from the horizontal load-displacement response is denoted as the translational damping ratio, 

whereas the damping ratio calculation from the moment-rotation loops is referred to as the rotational 

damping ratio. The translational and rotational damping ratios can consequently be converted to viscous 

dashpots to be employed in integrated dynamic structural analysis. Furthermore, free vibration 

simulations are also performed to obtain the variation of the critical damping ratio with the mudline 

displacement. A 1D FE model with the same structural properties as the 3D FE model is used to assess 

whether the damping coefficients lumped at the foundation level yield critical damping ratio values 

matching those of Plaxis 3D FE. 

Figure 1. (a) Triaxial apparatus testing system; (b) Bender element testing system 
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3. SOIL CALIBRATION

This research is concerned with calibrating Blessington sand at a relative density of 60%. Cyclic tests 

were carried out at mean effective stresses of 25, 50, 150, 300 kPa and the results were used in curve 

fitting to obtain the coefficients of the hyperbolic function proposed by Hardin and Drnevich (1972). 

The hyperbolic function with the determined coefficients is used to obtain damping (D) versus shear 

strain (γ) at different mean effective stresses. The hyperbolic function is as follows: 

𝐷

𝐷𝑚𝑎𝑥
 =  

𝛾

𝛾𝑟
[1 + 𝑎 𝑒𝑥𝑝(−𝑏

𝛾

𝛾𝑟
)]

1 + 
𝛾

𝛾𝑟
[1 + 𝑎 𝑒𝑥𝑝(−𝑏

𝛾

𝛾𝑟
)]

 (2) 

where a and b are varied to obtain a good fit for the laboratory results. Dmax is the maximum damping 

ratio and γr is the reference strain taken as √𝑃′/100. P` is the mean effective stress and 100 kPa is the 

reference atmospheric pressure. This form of γr is different than the one used by Hardin and Drnevich 

(1972), which is the ratio of the maximum shear strength to the shear modulus.  

HSsmall parameters are adjusted such that the damping ratios displayed by Plaxis 3D are similar to the 

damping ratios obtained by the hyperbolic function for the required mean effective stresses. The main 

parameter that is manipulated is the γ0.7 which reduces the damping ratio as it is increased. The 

monotonic tests are performed for mean effective stresses of 50, 150, 300, and 500 kPa. The parameters 

that are adjusted are φ, ψ, E50ref, Eoedref, Eurref, Goref, and vur. The stiffness parameters are maintained 

constant, while the shear strength parameters (φ and ψ) are varied based on the mean effective stress. 

The value of Goref is obtained by the bender element tests. As mentioned previously, the soil test facility 

is utilised to inspect the validity of the input parameters by comparing the monotonic triaxial results 

with Plaxis 3D simulations as shown in Figure 2.  

Figure 2. Monotonic triaxial test results and simulations 

Figure 2 shows that the simulations match the triaxial results and thus can be used for the numerical 3D 

FE analyses. The maximum axial strain measured by the LVDTs before reaching their limit is roughly 

around 3%. However, the tests are further continued to determine the critical angle of shearing resistance 

which is approximately 35 degrees for the sand used in this research.  The parameters and the 

stratigraphy for the model are summarised in Table 1. The overall stratigraphy is divided into 7 layers 

and the parameters are determined for mean effective stresses of 25, 75, 125, 175, 225, 275, and 300 

kPa. Figure 3 shows the damping ratio from Plaxis versus the damping ratio obtained from the 

hyperbolic function. The maximum damping ratio remains constant for all the layers since the same 

ratio of Goref/Eurref is used. The Poisson’s ratio is 0.20 and the interface Rinter is kept as 0.7. Parameters 

that are not mentioned are maintained as the standard values in Plaxis 3D. 
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Figure 3. Calibrated damping curves 

Table 1. Soil stratigraphy and input parameters 

Soil 

layer 

Depth 

(m) 

𝛾’(kN/m3) 𝜑’ 𝜓 E50ref

(kN/m2) 

Eoedref

(kN/m2) 

Eurref

(kN/m2) 

Goref

(kN/m2) 
𝛾0.7

1 0-5 9.74 49.29 17.86 45000 30000 90000 83690 0.00016 

2 5-10 9.74 45.17 12.71 45000 30000 90000 83690 0.00024 

3 10-15 9.74 43.25 10.31 45000 30000 90000 83690 0.00034 

4 15-20 9.74 41.99 8.74 45000 30000 90000 83690 0.00041 

5 20-25 9.74 41.05 7.56 45000 30000 90000 83690 0.00045 

6 25-30 9.74 40.29 6.62 45000 30000 90000 83690 0.00052 

7 30-80 9.74 39.97 6.21 45000 30000 90000 83690 0.00055 

4. NUMERICAL MODEL

The 3D FE model is comprised of beam and plate elements. The monopile beneath the mudline is 

represented using plate elements, while the tower is modelled with beam elements. A weightless plate 

with a very large Young’s modulus is created 1m above mudline (so no soil is in contact with the plate) 

and is connected to the beam elements to allow the transfer of shear and bending moment between the 

tower and the foundation. The mass at the RNA level is represented by modelling a small beam element 

with equivalent unit weight. The dimensions of the tower (diameter and thickness) and the mass of the 

RNA were taken from IEA Wind TCP 37 technical report (Gaertner et al., 2020). Since the loading and 

the structure are symmetrical, only half of the model is created. The length of the entire soil domain is 

taken as 16 times the diameter of the monopile, while the width is taken as 8 times the diameter. The 

effective unit weight of the soil is used and hence the water table is placed at the bottom of the model. 

For the free decay analyses, viscous boundaries are activated to prevent wave reflections. The diameter 

of the monopile is 10 m and the embedment depth is assigned as 30 m which makes the slenderness 

ratio (embedment depth/diameter) appropriate for current monopile geometries. The thickness of the 

monopile is taken as 0.1 m. The number of the beam elements for the tower is 90 and the length for each 

element is 2 m. The number of cyclic loads at the RNA was 5 and the hysteretic loop created by the last 

cycle was used for the damping ratio determination. The damping ratio is determined using the following 

equation: 

𝐷𝑎𝑚𝑝𝑖𝑛𝑔 𝑅𝑎𝑡𝑖𝑜 =
1

4𝜋

∆𝑊

𝑊
 (3) 

where ∆W is dissipated energy (area of the hysteretic loop), and W is the elastic strain energy stored 

during the cycle. The overall model of the wind turbine structure and the soil domain is shown in figure 

4.
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Figure 4. 3D FE model 

5. RESULTS

The translational damping ratio is depicted in Figure 5, whereas the rotational damping ratio is shown 

in Figure 6. This research aimed for obtaining the damping ratios for small level deformations which 

are of concern when designing for fatigue limit states.  

Figure 5. Translational damping ratio at the mudline 

Figure 6. Rotational damping ratio at the mudline 
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These damping ratios are subsequently converted to translational and rotational damping coefficients 

according to the following equation: 

𝐷𝑎𝑚𝑝𝑖𝑛𝑔 𝐶𝑜𝑒𝑓𝑓𝑖𝑐𝑖𝑒𝑛𝑡 =
2𝐷𝐾

𝜔
      (4) 

where D is the damping ratio, K is the secant stiffness of the foundation (Not shown in this paper) and 

ω is the angular frequency of the load applied. Since the loads applied on OWTs are within a wide range, 

the natural frequency of the simulated OWT structure (0.16 Hz), is used in this study as was done by 

Carswell et al., (2022). It is important to note that the choice of ω may underestimate or overestimate 

the effect of hysteretic damping and hence Fourier spectrum analysis must be carried out initially to 

determine the primary vibration frequency. The damping coefficients are lumped at the foundation level 

for a 1D FE model to check whether the critical damping ratio values are approximately similar to those 

of 3D FE. Free vibration in Plaxis is conducted by applying a load at the RNA level and then removing 

the load to allow the structure to freely vibrate. The 1D FE analysis is carried out by a Python script 

which assembles the global stiffness, mass, and damping matrices. The constant acceleration time 

integration approach is used to solve the equations of motion. A sufficiently small time step increment 

of 0.005 seconds is used to ensure the stability and accuracy of the solution. The free vibration is 

performed by increasing the load linearly at the RNA and then dropping the load to zero. The following 

equations are used for calculating the logarithmic decrement ratio (δ) and the damping ratio (ξ): 

δ =
1

𝑛
𝑙𝑛 (

𝐴𝑜

𝐴1
)      (5) 

ξ =
1

√1+(
2𝜋

𝛿
)

2
  (6) 

where Ao and A1 are two successive amplitudes at the RNA level and n is number of cycles apart. Figure 7 

compares the critical damping ratio from 3D FE and 1D FE with the viscous dashpot attached at the mudline. 

According to the results in Figure 7, the critical damping ratios determined from the 1D FE yields very close values 

to those obtained from 3D FE. As a results, the viscous dashpots calculated from the damping ratios can readily 

be used in integrated structural analysis for OWTs. 

Figure 7. Comparison between 3D FE and 1D FE 

6. CONCLUSIONS

This paper aimed to obtain the damping ratios at the foundation level to incorporate them into full wind 

turbine numerical analyses. The main objective was to calibrate the non-linear HSsmall constitutive 

model based on results obtained from dynamic triaxial tests to allow for a realistic representation of 

hysteretic soil damping for monopile foundations. This combined approach of conducting laboratory 
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tests along with implementing numerical analyses can lead to optimised structural support design. 

Furthermore, the overall critical damping ratios determined from free decay simulation can give a 

perspective on the damping that can expected for large-size OWT’s.  
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ABSTRACT 

The Po River, the longest watercourse in Italy (652 km), flows eastward from the western Alps to the 

Adriatic Sea confined for half of its course within major river embankments. Over the centuries, many 

urban centres, industrial and agricultural settlements developed near these structures and today 16 

million people reside here. Among the possible failure mechanisms affecting these structures, backward 

erosion piping (BEP) results one of the most threatening. BEP refers to the process in which, in presence 

of high-water events, seepage forces gradually erode the coarse material of the embankment foundation, 

creating a shallow pipe at the interface with the cohesive top layer. 

The paper addresses the safety assessment of river sections to sand boils reactivations. The focus is on 

the modelling of water dynamics in proximity of the sand ejection pipe able to reliably simulate the 

phenomenon at the verge of activation. The study refers to a section in Mazzorno Sinistro (RO) along 

Po River affected by recurrent phenomenon reactivations. A 2D FE model of the section is developed 

to reproduce accurately the hydraulic behaviour upon transient seepage. The distribution of the hydraulic 

parameters of the different soil units has been estimated initially from in-situ and laboratory tests then 

validated in back analysis on piezometric data. Finally, the variations in the hydraulic gradients and in 

the flow rate in proximity of the pipe are traced upon increasing stationary hydrometric levels and the 

obtained results compared to literature critical gradients. 

KEYWORDS 

Erosion; Piping, Numerical modelling; sand boil, Po River embankments 

1. INTRODUCTION

The Po River (Figure 1C) meanders eastward toward the Adriatic Sea through the landscapes of 

Northern Italy, proudly claiming its title as the longest waterway in the nation. Its wide drainage basin 

gave birth to a vast and fertile floodplain, on which approximately 16 million people, a quarter of Italy's 

population, are settled. The Po Basin also plays a central role in the country's economy, hosting 

uncountable agricultural and industrial activities. Given its significance, the Po River necessitated to be 

bordered for over half of its course within major embankments in order to protect the territory against 

periodic surges. These man-made structures, constructed over centuries, were erected upon a relatively 

impermeable top layer (blanket) atop a sandy foundation (aquifer), as illustrated in Figure 2.  

The management of the Po River and the surrounding territories falls under the supervision of various 

Italian public bodies, with AiPo (Interregional Agency for the Po River) having central role. AiPo, with 

the support of universities, is at the forefront of pioneering investigations and studies, particularly 

focusing on a critical threat to Po River embankments: backward erosion piping (acronym BEP). BEP 

is a specific form of internal erosion process occurring during water events in which soil particles are 

eroded by seepage forces from beneath river embankment structures. The erosive phenomenon starts at 

an unfiltered seepage exit and progresses backward along the boundary between an erodible, granular 

layer (such as sand) and a cohesive top layer (such as clay). Once initiated, the erosion process develops 

if the hydraulic load is maintained, gradually forming a "pipe" beneath the structure, potentially leading 
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to the structural failure of the section. The progression of the phenomenon is well evident at the exit 

point because the fluidized sand particles settle in a ring outside the boiling zone, forming a “volcano”. 

Volcanoes, commonly referred to as "fontanazzi" in Italian dialect, often develop in the middle to lower 

sections of the Po watercourse, where the riverbed results pensile and thus higher hydraulic forcings 

may establish between the river and the exit point of the flux. Ringing the sand boil, is a typical 

temporary solution for reducing hydraulic gradients in proximity of the seepage exit after BEP 

activation/reactivation (Figure 1B). In fact, an appropriate height of the sack ring reduces the hydraulic 

head between river and exit point preventing sand transport and the upstream progression of the erosion 

pipe. Generally, after the equilibrium is reached, a further increase in water level is required in order to 

reactivate the phenomenon and for the pipe to extend beneath the embankment base and reach upstream 

levels. The reactivation of the process can eventually lead to the widening of the pipe and finally to the 

structure collapse.  

The paper presents the case study of a river embankment section along the Po River, 35 km from its 

deltaic area, and close to the city of Mazzorno Sinistro (RO) (Figure 1C). This section is characterized 

by the periodical reactivation of historical sand boils in conjunction with medium-high water events. An 

in depth geotechnical-geological campaign has been carried out in the area in order to investigate the 

local stratigraphy and estimate the relevant parameters for the problem (Figure 1A). A two-dimensional 

(2D) numerical model of the section has been elaborated and the trend of the average exit hydraulic 

gradient in the vertical pipe is traced with changes in the model parameters upon increasing hydraulic 

load. Finally, the obtained results are compared to literature critical gradients. 

Figure 1. In image C, schematization of the Po river with its tributaries and, indicated with a pink point, the location 

of the investigated section in Mazzorno Sinistro (RO). In image A, map of section reporting the location of the 

performed in situ tests (continuous core boreholes and cone penetration tests). Image B shows the sack ring 

positioned around the sand boil during the reactivation occurred in November 2019. 

2. THE CASE STUDY

The chosen embankment segment has been interested by two geotechnical campaigns, the first one 

carried out in 2020 and the second one in 2021 for a total of 9 continuous core boreholes performed and 

14 cone penetration tests with pore water pressure measurement. The length of the embankment covered 

by the investigations is approximatively 1 km, in order to acquire sufficient data to characterize the 

deposit in proximity of all the historical sand boils scattered in the area. The paper focuses on the sand 

boil located within a ditch (exact position in Figure 1A) which reactivated during the floods registered 
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in 2019, 2018 and 2016 and probably even before, when no records were kept. The cross-section A-A 

(Figure 2) passing in proximity of the investigated sand boil (trace of the section in Figure 1A) shows 

the soil stratigraphy obtained by CPTs standard interpretation according to Robertson (2009). Profiles 

with depth of corrected cone penetration resistance qt and pore water pressure u2 of CPT tests, performed 

at different distances from the river, have been superimposed on the cross-section. The erosion process 

triggered by BEP reactivation affects the aquifer (unit A), constituted by an alternation of sands and silty 

sands, and the cohesive top cover (unit B), confining superiorly the aquifer and constituted by an 

alternation of silty mixtures. In proximity of the exit pipe, a cohesive layer ~2.5m thick is interposed 

within the aquifer, reducing considerably the flow section. 

 Figure 2: Top) Soil stratigraphy along section A-A (trace of the section in Figure 1A) with superimposition of the 

CPT profiles of corrected cone penetration resistance qt and pore water pressure u2. Bottom) The numerical 2D FE 

model of the section elaborated in Plaxis 2D with indication of the stratigraphy and of the applied boundary 

conditions (B.C.). An enlargement of the geometry in proximity of the exit vertical pipe is also provided. 

3. SOIL PARAMETERS

Figure 3: Frequency distributions of permeability data in terms of logk obtained from CPTs interpretation and, 

superimposed, the gaussian probability distributions. 

The hydraulic properties of the sediments composing the river embankment section were primarily 

estimated through cone penetration tests interpretation, leveraging insights gained from the use of in-

situ tests for the geotechnical characterization of a similar river segment located 40 m upstream, in 

Guarda Ferrarese (FE) (Bertolini et al., 2022a; Bertolini et al., 2022b; Martinez et al., 2020a). In 



59 

particular, the coefficients of saturated permeability (k) of the different soil units were estimated from 

the log(k) profiles with depth obtained applying the well-known CPT-based empirical correlations by 

Robertson and Cabal (2010) (eq.s 1 and 2), formulated in function of the Soil Behaviour Type Index 

(Ic). 

1.0 < 𝐼𝑐 < 3.27:    log (𝑘) = 0.952 − 3.04 𝐼𝑐  (1) 

3.27 < 𝐼𝑐 < 4.0:    log (𝑘) = −4.52 − 1.37 𝐼𝑐  (2) 

The log(k) profiles were compared to the punctual estimations of the permeability coefficient from 

Lefranc tests and dissipation tests (carried out during CPTs) performed in the sandy units and in the 

cohesive ones, respectively. Direct laboratory estimations of k were obtained through permeability tests 

in triaxial equipment on undisturbed soil samples. The successful outcome of the data match has entitled 

the use of CPT tests for a reliable estimation of k for each soil unit located below the phreatic water 

level. It is worth noting that the application of CPT to unsaturated soils can be misleading both in soil 

profiling and in parameter estimation, while it can provide valuable insight on the parameter spatial 

variability (Miller et al., 2018; Marchi et al., 2022). Hence, CPT data from the unsaturated zones of units 

E (embankment), D (berm) and B (blanket) have been excluded from the analyses.  

Figure 3 displays the frequency distributions of log(k) derived from CPT data. Most of the soil units 

exhibit a bell-shaped distribution, which is typical of a normal distribution. Conversely, the 

heterogeneous unit B1, located underneath Unit A and characterized by alternating silty clays and sandy 

silts, displays a bimodal distribution. In this case, the smaller peak is observed at log(k) = -6.25, typical 

of sandy silts, while the higher peak corresponds to log(k) = -9.25, consistent with silty clays. Since the 

BEP phenomenon affects mainly the aquifer (unit A) and the blanket (Unit B), it was deemed 

unnecessary to further subdivide B1 in subunits to reduce the parameter dispersion. The mean value of 

the normal distribution approximating B1 data and equal to log(kavg)=-7.65 has been considered as 

representative of the average behaviour of the whole unit and thus, it has been adopted for the following 

analyses. The mean values of the Gaussian distributions, indicated in Figure 3 in correspondence of the 

curve peaks and in the first three rows of Table 1, have been selected as representative log(k) parameters 

for each soil unit.  

Table 1. Average value (μ) and standard deviation (ϭ) of the parameters adopted in the numerical FE model. 

ϭk/μk (i.e., ratio between the average value and the standard deviation) represents the percentage of variation of 

each parameter. 

log(kA) log(kB) log(kC) log(kD) log(kB1) log(kE) 
μlogk -6.44 -8.58 -9.25 -7.57 -7.65 -7.90 

ϭlogk 1.30 0.46 0.35 1.36 1.77 0.90 

kA kB kC kD kB1 kE kexit 
μk 3.19e-05 4.69e-09 7.86e-10 3.74e-06 1.75e-07 1.06e-07 6.38e-05 

ϭk 3.66e-07 3.21e-09 8.11e-10 2.72e-08 2.24e-08 1.27e-08 3.19e-05 

ϭk/μk (%) 1.1 68.5 103.2 0.7 12.8 11.9 50 

Pipe diameter 

(m) 

Semisphere diameter 

(m) 

Blanket thickness 

(m) 
μ 0.2 2 3.15 

ϭ 0.1 2 0.06 

ϭk/μk (%) 50 100 1.8 

The coefficient of permeability k is a soil property that exhibits a significant natural variability. Several 

authors have suggested that this property can be described satisfactorily with the two-parameters 

lognormal distribution, irrespective of the soil class considered (Freeze, 1975; Sudicky, 1986; Benson, 

1993 among others). It was thus assumed a lognormal distribution of k and, as stated before, a normal 

distribution of log(k), for all the soil units. In order to estimate the two governing parameters of the k 

distribution (average, μk, and the standard deviation, ϭk) to be used in the numerical modelling, initially, 

the log(k) parameters (μlogk; ϭlogk) have been converted to the natural logarithm base (i.e., multiplying for 
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log(e)), then the properties of the lognormal distribution have been applied (i.e., μk and ϭk estimated in 

function of μlnk and ϭlnk). 

4. NUMERICAL MODELLING OF THE BEP PHENOMENON

 A 2D finite element (FE) model of the groundwater flow beneath the examined river embankment 

section has been developed to investigate the hydraulic gradient and the discharge within the exit hole 

of the sand boil (Figure 2 bottom). The analysis is conducted by incrementally increasing the water head 

(H) regulated by the river hydrometric level and applied to the model boundary. The numerical model, 

which measures 36 meters in height and 1556 meters in length, is designed to prevent any potential 

boundary effects on the simulated groundwater flow. The discretized model consists of 22524 triangular 

elements and 183541 nodes, generated using the Plaxis2D commercial code by Bentley Systems. The 

average dimension size of the mesh element in the model domain is equal to 1.9m, refined up to 0.5m 

in Units A, B and C1, affected by BEP phenomenon, and up to 0.02m in proximity of the vertical pipe 

of the sand boil. Following the approach of García Martínez et al. (2020a) and Bertolini et al (2022b), 

the sand boil exit volume is represented as a cylindrical vertical pipe with a hemispheric cluster at its 

base (as depicted in the enlarged detail in Figure 2 top). The hemisphere is included to simulate the 

presence of a previously eroded soil volume formed during the past reactivations and characterized by 

a permeability higher than that of the aquifer. Data collected by a system of piezometers installed in 

proximity of the sand boil allowed a calibration of the coefficient of permeability of the hemisphere and 

of the pipe that turned out equal to twice the one of the aquifer (Bertolini et al., 2024) and its variation 

range between [k(A), 3k(A)] (see kexit in Table 1). 

Figure 2 bottom reports the geometry and the stratigraphy of the elaborated numerical model and the 

applied boundary conditions. The bottom of the model is located within a clayey layer (deep Unit C1) 

unaffected by the underseepage responsible for the BEP erosion process. Therefore, a no-flux boundary 

condition (BC) is assigned to it. Similarly, the left vertical boundary of the model is also designated as 

a no-flux boundary, corresponding to the centerline of the river. Underseepage phenomenon is 

influenced by the river water level, thus a constant head is applied to the interface between the river and 

the aquifer, the berm and the inner slope of the river embankment. Specifically, a sequence of 19 steady-

state stages of constant hydraulic head has been set in succession in the analyses to simulate a variation 

in water level from 0 meters, the riverbed, to 18.7 meters corresponding to the crest of the embankment. 

The hydraulic BC applied to the right side of the model replicate the piezometric far field observations 

obtained from a recently installed piezometer in the aquifer and consequently, a constant head condition 

is imposed to each stage. 

Table 1 reports the average values and the standard deviations of each parameter or geometric 

dimensions which can possibly have an influence on the underseepage and BEP phenomena. In 

particular, the average diameter of the exit hole is assumed equal to 0.2 meters, based on field 

observations obtained in another investigated section along the Po River and located close to Guarda 

Ferrarese (Marchi et al., 2021 and Garcia Martinez et al., 2020b). A diameter of the exit vertical pipe 

equal to 0.1 meters is assumed as initial activation diameter and therefore sets the lower boundary for 

the range of this random variable, which spans from 0.1 to 0.3 meters. A hypothesis on the average 

dimension of the hemisphere has been made (d = 2m) and its possible range of variation is set between 

0 and 4 meters. The average value and the standard deviation of the blanket thickness has been obtained 

from the soil profile interpretation of the CPT tests performed in proximity of the sand boil (CPT 3, 4 

and 5 in Figure 1A) and of the embankment toe (CPT 6). 

4.1. Results of seepage analyses 

N° 21 seepage analyses have been performed: one adopting the average values of the properties and 

element dimensions (diameter of the pipe and hemisphere and blanket thickness) indicated in Table 1 

and the remaining simulations adopting, one at a time, their average values (μ) +/- the standard deviation 

(ϭ). In particular, the focus is on the pore pressure distribution around the exit hole of the sand boil and 



61 

on the average hydraulic gradient reached at each stage in the vertical pipe, as a function of the 

incremental changes in river water head. A further simulation (n° 22) has been carried out in order to 

investigate the response of the model in proximity of the exit hole in a hypothetical configuration of the 

aquifer (Unit A) without the interposed clayey layer (Unit C). The average hydraulic gradient (iavg) in 

the exit pipe has been calculated, for each analysis, from the ratio between the pressure head loss 

between top and bottom of the pipe and the pipe length (~2.7m). A constant 0.2-meter water level has 

been assumed in the ditch. Comparing the average hydraulic gradients of the 22 simulations, differences 

are observed for hydraulic loads greater than ~9 meters (i.e., water level above the berm height) and 

they increase more than linearly with the hydrometric level (Figure 4 A). To ease a comparison between 

simulations, an enlarged detail of the results of the model for the highest water levels (H from 17 to 

19m) is reported in Figure 4 B.  

Figure 4: In graph A, trend of the average hydraulic gradient (iavg) in the vertical pipe with increasing hydraulic 

loads applied to the river hydrometric boundary and obtained from the 2D seepage analysis. Different parameter 

configurations have been analysed. The reference simulation is Sim_1 which adopted the average values of each 

parameter, the remaining ones have varied, one at a time, the parameters within the variation range obtained by in 

situ tests elaboration or initial assumptions. In graph B, an enlargement of the iavg trend for hydraulic loads between 

17 and 19m is shown. “μ” stands for “average” while “ϭ” for “standard deviation”. 

As expected, the lowest seepage velocity and hydraulic gradient (iavg) are observed for the lowest 

coefficient of permeability of the vertical pipe (k(exit)_μ-ϭ = 3.19E-05 m/s), with an iavg reduction equal 

to ~6.8% for H=19m, with respect to Sim_1 (Figure 4 B). Sim_1 is the “base simulation” that is the 

simulation that adopts the average values of the parameters. Similarly, to an increment in the vertical 

pipe diameter (Diameter_pipe_μ+ϭ = 0.3m) corresponds a reduction of the flow velocity and, according 

to the Darcy’s law, of iavg (the latter of ~4.4% with respect to Sim_1). A much smaller incidence on 

model results (~1.4%) is obtained adopting the upper boundary of the blanket permeability variation 

range (i.e., k(B)_μ+ϭ = 7.9E-09 m/s). Variations in the permeability coefficients of Units D, E and B1 

(see stratigraphy in Figure 2 bottom) do not produce any changes in iavg with respect to Sim_1, being 

these units not affected by the BEP phenomenon. More interesting (and somewhat less predictable) is 

the observation that changes in the hemisphere diameter (from 0 to 4m) have negligible effects on the 

iavg in the pipe. Conversely, a reduction in the diameter of the vertical pipe, an increment in the 

permeability of the vertical pipe and hemisphere or a reduction of the blanket thickness (i.e., of the pipe 

length) have relevant incidence on the simulated iavg, showing an increase, with respect to Sim_1, equal 

to ~10.8%, ~10.6% and 4%, respectively. The absence of a clayey layer (Unit C), within the aquifer 

(Unit A), causes a marked increment in the simulated hydraulic gradients (of ~13.3%) with respect to 

Sim_1, which seems against the Darcy’s idea that an increment in the flow area is always accompanied 

by a decrement in flow velocities and hydraulic gradients, for a constant seepage discharge. An 

explanation could be found analysing, from a numerical point of view, the water dynamics in the 

pervious layer (Unit A) in proximity of the exit pipe. The flux mainly one-dimensional and preponderant 

in the horizontal direction turns into bi-dimensional in proximity of the exit pipe, with an increase of the 

vertical discharge within the pipe (qy) caused by the greater afflux of water from the wider aquifer 

section (qy increments of ~88% with respect to the configuration without the interposed layer). A 
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separate consideration is reserved to the incidence in the seepage modelling of the permeability 

coefficient of the aquifer. The range of variation of k(A) deduced from CPT tests is quite reduced (ϭk is 

~1.1% of μk, see Table 1) and thus the adoption in the numerical modelling of the upper or lower bounds 

of this parameter (i.e., μ +/- ϭ) affect only slightly the outcome of the simulation in proximity of the exit 

pipe. Considering a wider k(A) variation range (e.g., ϭk is 10% of μk), iavg increases of ~1.4% with respect 

to the outcome of Sim_1 (see k(A)=μ+10%μ =3.51E-05 m/s in Fig. 4 B) resulting more in line with the 

expected results. 

The critical hydraulic gradient of Terzaghi (1960) (icrit = 0.969), estimated in function of the void ratio 

and the specific weight of the solid particles of the aquifer, and the one suggested by USACE (1999) 

(iUSACE = 0.85) express the limit hydraulic gradient in the pipe causing a BEP activation/reactivation. 

Reached these values, a lifting and, to a further increase, also a transport, of soil particles occurs from 

the vertical pipe. From the superimposition of these values on the trend of iavg in Figure 4 A, it can be 

observed that the critical gradients are overcome when the river water level floods the berm but not the 

inner slope of the embankment. Moreover, in this range of hydraulic loads (11-13m), the dispersion of 

the hydraulic gradients estimated by the FE model, adopting different sets of initial parameters, is quite 

narrow (range of variation [0.864; 0.916] for H=11m) with the blanket thickness individuated as the 

most sensitive parameter. The remaining model parameters that show a low or null sensitivity over this 

range of hydraulic loads, do not require a calibration, easing the subsequent process of parameter tuning. 

It is important to recall that the discussed results have been obtained from a 2D modelling of the section 

which could be somewhat inaccurate in the simulation of the pore water pressure distribution in 

proximity of the vertical exit pipe and of the hemisphere, being their geometry axisymmetric and not 

correctly approximated by bi-dimensional elements. This is especially true when it comes to the 

evaluation of the incidence on the iavg of the hemisphere diameter, whose tri-dimensional configuration 

guarantees most likely an increased convergence of the flow into the pipe with respect to the 2D 

configuration and thus a consequent increment in the simulated exit hydraulic gradient. Consequently, 

a possible confirmation or adjustment of the obtained results should be sought in a three-dimensional 

modelling of the problem.  

5. CONCLUSIONS

The paper presents the results of a series of numerical two-dimensional FE seepage analyses of 

Backward Erosion Piping (BEP) affecting a river embankment section located in Mazzorno Sinistro 

(RO) along Po River. Several field tests have been conducted in the site in order to estimate the 

parameters possibly affecting the phenomenon, among which the coefficients of saturated permeability 

of the soil units and the thickness of the cohesive top layer (blanket). These simulations consider the 

variability of the parameters as emerged from the elaboration of cone penetration tests by varying, one 

at a time, each parameter within the range [average+/- standard deviation] and investigating the outcome 

of the model in proximity of the vertical exit pipe of the sand boil under increasing hydraulic load applied 

to the river boundary. Other analyses investigate the incidence on the seepage simulation of a variation 

in the diameter of the exit vertical pipe and of the hemisphere, located at its base and used as a stratagem 

to take into consideration the presence of a previously eroded soil volume. Comparing the obtained 

hydraulic gradients within the pipe, it turned out that the permeability of the aquifer, in which the erosion 

pipe may develop, together with the permeability of the exit vertical pipe, of the hemisphere and of the 

blanket, have relevant incidence on the simulated seepage outcomes. On the contrary, the permeability 

of the embankment and berm units and of the cohesive units underneath the aquifer have a null incidence 

on them. The identification of the sensitivity of each parameter in its range of variation eases the future 

calibration process of the model by allowing an exclusion from the parameter tuning process of the non-

sensitive ones. Surprisingly, the presence of an interbedded cohesive soil layer within the aquifer causes 

a decrease of the vertical discharge in the pipe accompanied by a reduction of the hydraulic gradient, 

with respect to the configuration without this layer. As future development of the present work, a 3D 

analysis of the problem may allow the quantification of the error committed in the simulation of the 2D 

pore water pressure distributions in proximity and within tri-dimensional geometries, as the vertical pipe 

and the hemisphere, whose conditions, in some cases, may result badly approximated to bi-dimensional. 
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Likely, these approximations account for the minimal impact on the 2D model outcome of the variations 

in the hemisphere diameter. However, this hypothesis requires further investigation for confirmation. 
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ABSTRACT 

On 29th of December 2020, an earthquake of Mw 6.4 (ML 6.2) with epicenter around 4km SW of Petrinja 

hit the wider area of Sisak-Moslavina County (Croatia). Following disastrous earthquake, company 

Geotehnički studio d.o.o. carried out geotechnical investigation works for the purpose of reconstruction 

of the earthquake-damaged buildings. Applied methods were geomechanical CPTU and geophysical 

MASW. The investigations were carried out for determining the liquefaction potential of the underlying 

soil at a particular location and for determining the type of soil according to the Eurocode-8. The 

obtained results served as guidelines for the design of new or renovation of existing buildings. In this 

paper, an overview of the obtained investigation results is presented, where a total of 103 locations were 

investigated. The results were processed statistically, and an insight is given into the conducted CPTU 

depths, obtained liquefability classes, defined soil types according to Eurocode-8 and S-wave velocities 

in the first 30 m of the subsoil.With further data analysis those locations that contain the largest number 

of potentially liquefiable layers at depths greater than 5m were identified. At such locations, the values 

of normalized tip resistance (Qtn), estimated values of S-wave velocities (Vs,CPTU), CSR variable values 

and CRR variable values for individual liquefiable interlayers were extracted. Ultimately, overburden-

stress corrected shear wave velocity Vs1, CPTU was calculated for every interlayer. Finally, all parameters 

in the potentially liquefiable zones are correlated and compared with global experiences. 

KEYWORDS 

CPTU; Liquefaction; Earthquake; Sisak-Moslavina 

1. INTRODUCTION

The area of Sisak-Moslavina County (Croatia) belongs to the so called Pokupsko-Petrinja epicentral 

area. Until the most recent and devastating earthquake on December 29th 2020, that area was charac-

terized by a smaller number of stronger earthquakes and larger number of weaker ones in the past. The 

earliest recorded stronger earthquake (by Croatian Earthquake Catalog) in the mentioned epicentral area 

occurred on August 17th 1903. with the estimated magnitude of ML=4.6 its effects were described as VI° 

by MCS. Next, the strongest earthquake, until the recent one, and at the same time the most famous one, 

not only in Croatia, but also globally, occurred on 8th of October 1909., with the epicenter 3.5km SW of 

Kravarsko and 9km N from Pokupsko and is known as “Pokupsko earthquake”. The magnitude was 

ML=5.8, with the focal depth of 14km. Effects that it caused were assessed as VIII° by MCS.  

In the last 25 years the strongest earthquake, within mentioned epicentral area, occurred on 10th of 

September 1996, it had magnitude ML= 4.5 with its epicenter 3km S of the Petrinja. Effects that it caused 

were assessed as VI° MCS. Finally, the most recent earthquakes in mentioned epicentral area occurred 

on 28th and 29th of December 2020. First one with magnitude of ML=5.0 on the 28th of December which 

preceded a devastating earthquake with epicentre about 5km SW of Petrinja with the magnitude of 

Mw=6.4 (ML=6.2) on 29th of December. Effects of that latter were assessed as VIII-IX° by MCS. That 

earthquake was followed by many aftershocks, and it has not calmed down even today. 
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During and shortly after the earthquake many people noticed specific phenomena on their lands or near 

them, as they called it “sand molehills” which are result of process called liquefaction. Liquefaction is 

defined as transformation of granular material from solid to liquefied state as a consequence of increased 

pore-water pressure and reduced effective stress (Marcuson, 1978.). Increased pore-water pressure is 

induced by tendency of granular material to compact when subjected to cyclic shear deformations. The 

change of state occurs most readily in loose to moderately dense granular soils with poor drainage, such 

as silty sands or sands and gravels capped by or containing seams of impermeable sediment. Loose soils 

also compact during liquefaction and reconsolidation, leading to ground settlement (Youd, Idriss, 2001) 

which widely happened at the area of Sisak-Moslavina County and damaged residential and public 

buildings. But, as the time showed, ground settlements were not the only threat to the habitants and their 

homes. Because of specific geological conditions the area was characterized by extreme secondary post 

seismic near-surface effects, namely suffusion and opening of almost a hundred sinkholes during the 

first months after the first foreshock (Terzić et al., 2021.). 

Precisely because of the mentioned specific geological characteristics of the Sisak-Moslavina County 

area and the poor quality of the post-war reconstruction of the buildings, specialized geotechnical 

companies, such as Geotehnički studio d.o.o., with specific professional staff and equipment were 

engaged in order to carry out investigative works for the purpose of obtaining data on the quality of the 

underlying soil and gathering information to ensure quality reconstruction of the earthquake damaged 

buildings or construction of the new ones. 

2. INVESTIGATION APPROACH AND OVERVIEW OF THE RESULTS

2.1. Investigation approach 

During investigation works on location sites, two methods for data acquisition were used: piezocone 

penetration test (CPTU) and multichannel analysis of surface waves (MASW). Both methods were used 

because of their minimum time consumption and their low cost regarding to regular geomehanical 

investigative drilling. Furthermore, advantage of CPTU method is continuous profile of penetration 

resistance and results which are more consistent and repeatable. Continuous profile also allows a more 

detailed definition of soil layers than the other methods, so CPTU has advantage for developing 

liquefaction-resistance profiles.  

On the other hand, MASW has advantage of being non-invasive, covers surface continuously and 

provides more complete coverage with improved resolution, which complements CPTU results very 

well. Also, measured Vs values are possible to obtain in soils that are difficult to penetrate with CPTU 

and at the sites where soundings may not be permitted. Furthermore, Vs is a basic mechanical property 

of soil materials, directly related to small-strain shear modulus, and small-strain shear modulus is a 

parameter required in analytical procedures for estimating dynamic soil response and soil structure 

interaction analyses. But, according to Youd and Idriss, (2001), there are three notable concerns about 

using Vs results for liquefaction-resistance evaluations, they are as follows:  

• those measurements are made at small strains, whereas pore-water pressure buildup and the

onset of liquefaction are medium to high-strain phenomena,

• seismic testing does not provide samples for classification of soils and identification of

nonliquefabile soft clay-rich soils,

• thin strata may not be detected if the measurement interval is too large.

Because of these concerns, and delicacy of the assignment, values of Vs obtained by MASW method 

were used only to define ground types according to Eurocode-8 (EC8) and to get insight into S-wave 

velocities in the first 30 m of the subsoil. However, within this paper, calculated Vs values based on 

CPTU data from liquefiable layers were used for correlation analysis and comparison with the world 

experiences data. 
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2.2. Investigation scope 

Until the release of this paper there were in total 103 investigated locations that were considered. Within 

those both CPTU and MASW methods were done on 101, and on extra 2 locations only MASW method 

was conducted (there was no ability to perform CPTU with the rig). On the following figure, 

georeferenced positions of all locations can be seen on a map within area of Sisak-Moslavina County.  

Figure 1. Georeferenced positions of 103 investigated locations at the area of Sisak-Moslavina County (Croatia) 

2.3. Results of CPTU investigations 

Regarding a CPTU method, the investigation depths reached ranged from 1.0 to 14.66 m, with the 

average depth of 7.33 m. All acquired CPTU data was analyzed and interpreted using CPeT-IT and CLiq 

software. Input parameters for the liquefaction analysis were as follows:  

• earthquake magnitude Mw=6.50

• peak ground acceleration agR= 0.12

• depth to water table (insitu) GWT=1.00m

Evaluation method used for calculating resistance of soils to liquefaction at the investigated locations 

was based on NCEER (1998). Results were displayed in the form of Qtn,cs and CSR plot. Furthermore, 

to classify potential of liquefaction at the particular location sites, approach by Chen and Juang (2000) 

was used which is based on relationship between probability of liquefaction and factor of safety. 

Implementing the same approach, resulting data on liquefaction probability obtained by CPTU is given 

in the following table. 

Table 1. Overview of the resulting liquefability classes on the Sisak-Moslavina County area 

Liquefaction classes 

Total Class 1 Class 2 Class 3 Class 4 Class 5 

Nr. of locations 101 53 27 15 5 1 

Percentage (%) 100 52.48 26.73 14.85 4.95 0.99 

By reviewing the table 1, it can be noted that for 53 locations is almost certain that liquefaction will not 

happen, for 27 of them liquefaction is unlikely, furthermore, there is a rather small number, 15, of those 

locations that are uncertain, while 5 locations show a rather high certainty for liquefaction. Finally, only 

1 location, out of total 101 locations, shows very high certainty for liquefaction. Roughly speaking, it 

can be said that about 80% of all investigated locations is rather safe from liquefaction processes, about 

15% of them are uncertain and about 6% of locations are at higher risk of liquefaction. 
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2.4. Results of MASW investigations 

Regarding the MASW method, all field acquired data was processed using ZondST2D software. Data 

processing included the preparation of field recordings, transformation from the time domain to the 

frequency domain (spectral analysis), extraction of dispersion curves and finally the inversion, which, 

through an iterative process, obtains a 1D Vs profile from dispersion curves. That profile shows the 

change in the velocity of propagation of the shear wave Vs with depth, and by accordance to the EC8 

that velocity is observed in the first 30 m of depth. Results of the MASW detected ground types 

according EC8 for the investigated area of Sisak-Moslavina County are given in the following table. 

Table 2. Overview of the resulting ground types according to EC8 on the Sisak-Moslavina County area 

Ground types in accordance with EC-8 

Total A B C D E S1 S2 

Nr. of locations 103 0 45 35 0 22 0 1 

Percentage (%) 100 0.00 44.55 34.65 0.00 21.78 0.00 0.99 

It can be noted that the most common ground type that occurs on the area of the Sisak-Moslavina County 

is type B, with 45 location occurrences. Type C is second one with 35 location occurrences, then comes 

type E with 22 location occurrences and finally special ground type S2 with occurrence at only 1 

location. Furthermore, results showed that statistically lowest measured shear wave velocity in the first 

30 m of the depth was Vs,30low=197 m/s, whereas highest measured shear wave velocity in the first 30 m 

of the depth was Vs,30high=702 m/s with average shear wave velocity of Vs,30aver=407 m/s. 

3. COMPARISON OF RESULTS WITH GLOBAL EXPERIENCES

3.1. Filtering and adjusting of the data used 

For the purpose of comparison of the data results obtained from Sisak-Moslavina County area with 

world experiences, filtering of locations was done. Out of 103 total locations only 24 of them was used 

in analysis. Only CPTU data was used for this purpose because of limitations of MASW measured 

velocities as mentioned in chapter 2.1. Location filtering was based on: 

• reached depth of CPTU that is at least 5m or greater,

• higher number of detected liquefiable layers per location with FS<1.

Depths of CPTU at those filtered locations ranged from 5.32 to 14.66m and there were 111 liquefiable 

interlayers detected in total with the FS range from 0.46 to 0.99. 

Since the fact that world experience plots used data such as normalized tip resistance (Qtn), estimated 

and/or measured values of S-wave velocities (Vs, CPTU), CSR variable values and CRR variable values 

those data were extracted for every individual liquefiable interlayer within our 24 filtered locations. 

Furthermore, it is important to emphasize, that the analysis of the liquefability of an individual location 

at the Sisak-Moslavina County area was based on an earthquake magnitude of Mw=6.4, but for 

comparison purposes with global results, it was necessary to adjust, reduce, our results to an earthquake 

magnitude equivalent to Mw=7.5 since global experiences are shown in that form. Therefore, the values 

of normalized tip resistance Qtn7.5 and values of the variables CSR7.5 and CRR7.5 were used. Those 

reduced parameters were calculated in the CLiq software during the interpretation of the CPTU data.  

When it comes to Vs, CPT parameter, those data were not used directly for liquefaction analysis at the 

investigated locations since they are not measured by MASW rather calculated using specific relations, 

so their usage within the scope of this paper was only for comparison purposes and to see how well 

those data fits to world experience Vs1 plot. For successful comparison, values of Vs, CPT for every 

extracted interlayer needed to be corrected to a reference overburden stress using the following equation 

(Sykora 1987., Kayen et al. 1992., Robertson et al. 1992.): 
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𝑉𝑠1 = 𝑉𝑠 (
𝑃𝑎

𝜎𝑣0
′ )

0.25
(1) 

where Vs1 is overburden-stress corrected shear wave velocity, Pa is atmospheric pressure approximated 

by 100 kPa and 𝜎𝑣0
′  is initial effective vertical stress in the same units as Pa.

Finally, the following table presents a summary of the mentioned and considered parameters for 

comparison and their median value obtained from the 111 liquefiable layers. 

Table 3. Median values of parameters considered for comparison with global experiences 

Qtn7.5, med Vs1(CPTmed) CSR7.5, med CRR7.5, med 

28.80 161.94 0.133 0.112 

3.2. Correlation of the data 

All considered parameters for liquefaction analysis, reduced to magnitude Mw =7.5, were paired and 

correlated so that the best extent of relationship between pairs would be found. Values of Vs1, CPT were 

also correlated for the purpose of comparison with global experiences. Two types of correlation methods 

were used, Pearsons’s correlation which measures the strength of the linear relationship between two 

variables, and Spearman’s rank correlation which evaluates the monotonic relationship between the 

ranked values. The usage of Spearman’s correlation is decided because of outlier data that is often 

occurring in our measures and Spearman’s correlation is not sensitive to outliers because it performs 

calculations on the ranks, so the difference between actual values does not have meaning. Following 

table presents magnitudes of both Pearson’s and Spearman’s correlation coefficient calculated for the 

specific pair of parameters: 

Table 4. Calculated correlations between studied pairs of parameters 

Nr. of 
pair 

Studied parameters 
Correlation values 

Pearson’s linear corr. Spearman’s ranked corr. Abs. difference 

1 Vs1, CPT and Qtn, 7.5 0.857 0.881 2.72 % 

2 Vs1, CPT and CSR7.5 0.409 0.201 103.25 % 

3 Vs1, CPT and CRR7.5 0.780 0.709 10.04 % 

4 Qtn, 7.5 and CSR7.5 0.368 0.485 24.02 % 

5 Qtn, 7.5 and CRR7.5 0.559 0.485 15.29 % 

Reviewing above table and comparing the magnitudes of both Pearson’s and Spearman’s coefficients, 

pairs that can be highlighted are pair 1 and pair 3. Those studied parameters have the highest magnitudes 

of correlation coefficient by both methods so they can be considered as highly correlated. 

Furthermore, if we compare values of the magnitudes for pair 1 it is visible that Spearman’s coefficient 

is slightly higher, 2.72% higher in magnitude. That indicates that data in that pair is in favor of not being 

normally distributed, or it is in somewhat greater non-linear relationship and that there are outliers which 

affect a value of Pearson’s correlation. But, when it comes to the pair 3, then the situation is reversed. 

Magnitude of Pearson’s coefficient is greater for 10.04% than the Spearman’s, which indicates that data 

in that pair is in favor of being in linear relationship rather than non-linear. 

Overall, it is also evident that in addition to the mentioned pair 3, pairs 2 and 5 have greater values of 

Pearson’s coefficient compared to Spearman’s. So, in summary 3 out of 5 studied parameters (pairs 2, 

3 and 5) are in favor of Pearson’s correlation method which can be interpreted in the way that most of 

the studied data pairs tend to have linear relationship. Nevertheless, the magnitudes of most of these 

higher valued coefficients are not high enough from the point of correlation view since they can be 

considered as mostly moderately correlated variables (pair 2 and 5), excluding pair 3 which shows 

already mentioned high correlation.  
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From the Spearman’s correlation point of view, except of mentioned pair 1 which represents highly 

correlated data, there is also pair 4 that has higher correlation magnitude compared to Pearson’s, but that 

magnitude value is not high enough from the point of correlation view since that data pair is considered 

as low corelated. In the following figures, a plotted view of Pearson’s and Spearman’s correlations are 

given for both pair 1 and pair 3 data which are highlighted as highly correlated pairs by both methods 

used.  

Figure 2. Relationship overview of data pair 1 (Vs1, CPT 
and Qtn, 7.5) 

Figure 3. Relationship overview of data pair 3 (CRR7.5

and Vs1, CPT) 

3.3. Global experiences plots 

Comparison of our data with the global experiences was based on the plots given in Youd and Idriss 

(2001). First, and most important plot used, is based on CPTU data. It is valid for magnitude 7.5 

earthquakes only and shows calculated cyclic resistance ratio plotted as a function of dimensionless, 

corrected and normalized CPTU resistance qc1N (Qtn) from sites where surface effects of liquefaction 

were or were not observed following past earthquakes (figure 4). Plot also provides curves prepared by 

Robertson and Wride (1998) for direct determination of CRR for clean sands from CPTU data. That 

clean sand curve conservatively separates regions of the plot with data indicative of liquefaction from 

regions indicative for nonliquefaction. Following relationship gives us normalization calculation of cone 

penetration resistance: 

𝑞𝑐1𝑁(𝑄𝑡𝑛) = 𝐶𝑄 (
𝑞𝑐

𝑃𝑎
) (2) 

where 

𝐶𝑄 = (
𝑃𝑎

𝜎𝑣0
′ )

𝑛
(3) 

and where CQ is normalizing factor for cone penetration resistance, Pa =1 atm of pressure in the same 

units as 𝜎𝑣0
′ , n is exponent that varies with soil type and qc is measured filed cone penetration resistance

at the tip. 

Second plot used for comparison is based on CRR versus Vs1 curves recommended for engineering 

practice by Andrus and Stokoe (2000) for magnitude 7.5 earthquakes and uncemented Holocen age soils 
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with various fines content (figure 5). It should be once more noted that Vs data plotted in figure 5 is not 

MASW measured data, rather than Vs1, CPT data. That Vs1, CPT data are overburden stress corrected Vs 

velocities calculated in CPT interpretation and analysis software by using following relationship: 

𝑉𝑠 = (
𝐺0

𝜌
)

0.50
(4) 

Where Vs is shear wave velocity, G0 is small strain shear modulus and 𝜌 is density of material. 

Overburden stress correction of calculated Vs is done by applying relationship (1). 

Also, plot contains points (black and white) calculated from liquefaction case history for magnitude 5.9 

to 8.3 earthquakes. Three curves shown on the plot were determined by iterative process following 

relationship between CRR and Vs1:  

𝐶𝑅𝑅 = 𝑎 (
𝑉𝑠1

100
)

2
+ 𝑏 (

1

𝑉𝑠1
∗ −𝑉𝑠1

−
1

𝑉𝑠1
∗ ) (5) 

Where 𝑉𝑠1
∗  is limiting upper value of Vs1 for liquefaction occurrence and a and b are curve fitting

parameters.  

Figure 4. Overview of the Qtn7.5 (qc1N) and CRR7.5 data 
from the area of Sisak-Moslavina County in comparison 

with the global experiences 

Figure 5. Overview of the overburden stress 
corrected shear wave velocity Vs1 and CRR data 

from the area of Sisak-Moslavina County in 
comparison with the global experiences 

Reviewing figure 4 and the plotted data one can see that the results from investigated locations of area 

of Sisak-Moslavina County (blue point cloud and orange median point) sit roughly within 0 – 50 Qtn 

region, and 0,1 – 0,2 CRR region. Overall, plotted data falls in expected, liquefiable, region of the global 

experience chart since only liquefiable interlayers were used in analysis and there are no illogicality. 

Reviewing the above figure 5 it can be said that overburden stress corrected shear wave velocity Vs1, CPT 

based on CPTU correlations and calculations shows roughly good match with the world experience data 

plot. But there are some points that illogically fall in “no liquefaction” part of the plot, that indicates that 

there could possibly be some more appropriate relationship for calculation of Vs data based on CPTU 

than the one mentioned above (4) which could give us potentially better results, or fine tuning of the 

proposed curve could be done by using appropriate a and b fitting parameters for our conditions. 
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4. CONCLUSIONS

Two field tests, CPTU and MASW, were used on the epicenter area of Sisak-Moslavina County for the 

purpose of obtaining data on the quality of the underlying soil and gathering information to ensure 

quality reconstruction of the earthquake damaged buildings or construction of the new ones. In total, 

until the release of this paper, 103 locations were investigated. CPTU data was given priority for 

determining liquefaction potential of the investigated locations and for further analysis of results because 

of data which is more consistent, while MASW results were primarily used for determining ground type 

with accordance to EC8 because of specific concerns about using measured Vs results for liquefaction-

resistance evaluations as mentioned in chapter 2.1. 

Because of mentioned MASW concerns, scope of this paper was mainly focused on presentation of the 

work done and on comparison of our results with existing global experiences. Parameters used were 

extracted from isolated locations and 111 detected liquefiable layers, those parameters were normalized 

CPTU tip resistance Qtn, CRR variables and CSR variables since they were used in liquefaction 

probability calculations. Furthermore, since MASW obtained Vs values were not used in liquefaction 

analysis in any way, decision on using Vs, CPT data for solely comparison purposes with global 

experiences was made. Finally, it is noted that Qtn studied data from the area of Sisak-Moslavina County 

fits as expected with world experiences plot and falls into “liquefable region” of the plot. Furthermore, 

CPTU based calculated, and corrected Vs values from the same locations fit rather well, but there are 

some data points that fall into “no liquefaction region” of the plot even though only Vs values from the 

already liquefied layers were used in analysis. That indicates that relationship used for calculation of the 

Vs values based on CPTU could be revised or that there is a need for fine tuning of the plot curve 

parameters that will give us a curve that better fits our specific case. Unfortunately, these processes are 

beyond the scope of this paper. 
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ABSTRACT 

This investigation assesses the influence of leachate contamination on the shear strength of soil and its 

microstructural implications over a six-month period. Employing a combination of macroscopic shear 

tests and microscopic SEM analyses, the study interprets the dynamic interactions between soil stability 

and varying leachate concentrations. Shear strength parameters, including peak and residual friction 

angles, alongside cohesion, were measured at leachate concentrations of 5%, 10%, 15%, 20%, and 25% 

relative to the soil's dry weight. The results indicate a decrement in both friction angles with increased 

contamination, while cohesion initially rises at lower contamination levels, peaking at 15%, before 

deteriorating. SEM imaging reveals significant microstructural transformations, highlighting the 

chemical and physical alterations in the soil matrix. These microstructural changes correspond to the 

observed macroscopic mechanical behavior, with increased contamination compromising the 

mechanical interlocking critical for soil shear strength. 

KEYWORDS 

Leachate; Soil Contamination; Shear Parameters; SEM 

1. INTRODUCTION

In the contemporary era marked by exponential urban growth and industrial proliferation, society faces 

serious environmental challenges when it comes to waste management. The most common waste 

management strategy adopted worldwide is landfilling. Consequently, environmental regulations have 

evolved to require landfill designs to incorporate inclusive isolation barriers aimed at reducing leachate 

penetration to the subsurface and reducing the contamination risk. Despite these measures, the threat of 

environmental accidents that can develop is still reported in the literature. 

Understanding the interaction between soil mechanics and environmental contaminants in leachate is 

essential for the safety and stability of structures in contaminated areas, especially with the reintegration 

of former landfills for community use as parks and green places. The infiltration of leachate into the 

subsurface can significantly affect the shear strength of soils, a fundamental parameter that dictates the 

soil's ability to resist shear stress and, consequently, its structural integrity (Mosavat and Nalbantoglu, 

2013; Moody and Townsend, 2017). This modification also raises significant environmental concerns 

due to the potential for hazardous substances to migrate and impact the surrounding environment. 

Therefore, a comprehensive investigation into the shear strength parameters of leachate-contaminated 

soil is essential for assessing the risks associated with land development and formulating effective soil 

remediation strategies (Shariatmadari et al., 2018; Khodary et al., 2021).  

This paper is part of extensive research on the influence of municipal solid waste (MSW) leachate 

contamination on soil behavior. It focuses on the leachate influence on soil shear parameters. This 

investigation offers a cautionary framework for both environmental and geotechnical engineering 

methodologies in addressing the complexities of waste management and soil contamination. 
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2. METHOD

2.1. Leachate characteristics: 

This study focuses on soil shear strength alterations due to leachate contamination, and for that, the 

leachate used for the testing was directly taken from the leachate collecting system of the Pusztazámor 

landfill in Hungary in order to preserve its initial characteristics. The chemical properties of the used 

leachate are given in Table 1. 

Table 1. Leachate characteristics (CODcr= Dichromate oxygen consumption; BOI5= Biological Oxygen 

Demand; TIN =Total inorganic N; ASS= All suspended solids; P= Total phosphorus; TDS= Total dissolved 

salts; Fe= Iron; F = Fluoride; S =Sulfides) 

Tested 

parameter 

pH Conductivity CODcr BOI5 TIN ASS P TDS Fe F S 

Unit - µS/cm O 2 

mg/L 

mg/L N 

mg/L 

mg/L mg 

P/L 

mg/L mg/L mg/L mg/L 

8,9 25900 7110 1280 2070 753 8,9 12300 5,6 <5 47.8 

2.2. Soil characteristics 

The soil used in this experiment was collected from the same landfill, typical of that region and very 

abundant, used as levelling soil and daily cover. The samples were subject to rigorous geotechnical 

testing to determine their properties, essential for the study of leachate impact on shear strength. Table 

2 summarizes their characteristics. 

Table 2: Soil characteristics 

Property Sand Silt Clay K C Fi 

Value 30.14% 55.59% 10.73% 6.428x10-7 10.3 (kPa) 36.5° 

2.3. Test program 

This study presents a comprehensive evaluation of how various leachate concentrations affect the shear 

strength of soil in a 6-month time frame. This experimental setup offers a thorough analysis of leachate's 

impact on soil, combining both macroscopic mechanical tests and microscopic structural examinations. 

Soil samples were mixed with leachate in concentrations of 5%, 10%, 15%, 20%, and 25% relative to 

the soil's dry weight. This range was chosen to cover an extensive array of contamination scenarios. 

Rigorous mixing ensured an even distribution of leachate within the soil. 

Post-preparation, the samples were stored at a steady laboratory temperature of 25°C in airtight 

containers. This was crucial to isolate them from external variables such as atmospheric composition, 

oxygen, and light, which could potentially modify their characteristics. The samples were conditioned 

over six months to maintain a consistent interaction between the soil and leachate. 

After the conditioning period, the soil samples were subjected to shear strength tests using a 60 mm x 

60 mm direct shear apparatus, in line with the ISO 17892-10:2018 standards. The samples underwent a 

series of loads under normal stresses of 50, 100, 200, 300, 400, and 500 kPa to assess the impact of 

leachate concentration on the soil's shear resistance. 

To further understand the changes in shear strength, Scanning Electron Microscopy (SEM) was 

employed on selected samples. This analysis aimed to reveal the microstructural changes due to leachate 

interaction, linking these changes to the overall mechanical behavior of the soil. This multi-scale 

analysis approach provides a more in-depth understanding of the soil's response to contamination. 
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3. RESULTS

3.1. Shear parameters 

The influence of leachate concentration on the shear strength parameters of the soil was examined over 

a six-month conditioning period. Incremental additions of leachate to soil samples showed a discernible 

impact on both the friction angle and cohesion of the soil, as illustrated in Figure 1. 

For clean soil, the friction angle (Fi) was observed at its maximum. However, with the introduction of 

leachate at concentrations ranging from 5% to 25%, a marginal decrement in the friction angle was 

noted. The trend was not strictly linear but indicated a general inclination towards reduced friction angles 

as the concentration of leachate increased, suggesting a diminution in the soil's intrinsic resistance to 

shear deformation. 

Figure 1. Shear parameters of contaminated soil [above: Cohesion (peak, C, and residual, C’, values) and 

friction angle (peak, Fi, and residual, Fi’, values) of clean and contaminated soil; below: Shear envelope] 

Conversely, peak cohesion (C) values exhibited an initial increase, peaking noticeably at a 15% leachate 

concentration, which suggests a threshold level at which the leachate-induced interparticle forces 

contribute positively to the soil's cohesive strength. Nonetheless, a subsequent decline in cohesion was 

recorded at concentrations beyond 15%, alluding to a potential oversaturation effect that undermines the 

aggregative forces within the soil matrix. On the other hand, residual cohesion (C’) values, despite the 

increase compared to the initial clean soil cohesion, displayed a different liner trend of reduction after a 

remarkable peak at 5% of the contamination rate. The disparity observed between the peak and residual 

cohesion values is attributable to the interaction between the soil and the leachate, which facilitated the 

formation of new soil bonds. However, these newly established bonds were insufficiently robust to 
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withstand the applied shearing forces. These findings are in accordance with several results reported in 

the literature (Shrihari and Nayak, 2009; George and Beena, 2011; Sujatha et al., 2013). 

3.2. SEM 

The Scanning Electron Microscopy (SEM) analysis provided a stark portrayal of the microstructural 

evolution in soil samples subjected to varying degrees of leachate contamination. The SEM images, 

presented in Figure 2, effectively illustrate the progression from pristine to contaminated soil conditions 

and the ensuing microstructural transformations. 

Panel A captures the baseline condition of the clean soil, characterized by a relatively uniform and 

undisturbed matrix of soil particles. The granular integrity and lack of agglomeration serve as a control 

against which the effects of contamination are measured. 

Panels B and C reveal the onset of particle agglomeration in soils with increasing leachate 

contamination. This agglutination is a direct reflection of the cohesive forces at play, induced by the 

leachate, which is also suggested by the enhanced cohesion values observed in the shear strength tests. 

The extent of this agglomeration is more pronounced as we progress from Panel B to C, indicating a 

higher degree of contamination and suggesting a correlation with the observed increase in cohesive 

strength noted in our mechanical tests. 

Panels D and E depict a noticeable shift in the soil structure with clear signs of surface alteration and 

corrosion. The integrity of individual soil particles appears compromised, with the particle surfaces 

exhibiting signs of disintegration. This degradation is symptomatic of the chemical interactions between 

the leachate and the soil constituents, potentially contributing to the observed decrease in the soil’s 

friction angle. 

Figure 2. SEM results (A: Clean soil, B and C: agglomeration of contaminated soil; D and E: Soil 

particles alteration and corrosion; F: new mineral crystals formation) 

A B C 

D E F 
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Panel F illustrated an advancing formation of new mineral crystals throughout the specimens. The 

emergence of these crystals was significantly more evident in samples subjected to higher levels of 

contamination. Specifically, at a contamination intensity of 25%, these crystalline structures seemed to 

enhance the soil matrix's robustness. Similar results were reported by Sitaram et al., and Oztoprak and 

Pisirici (Shrihari and Nayak, 2009; Oztoprak and Pisirici, 2011). 

4. CONCLUSIONS

The experimental investigation has yielded pivotal insights into the interaction between leachate 

contamination and soil stability, with direct implications for environmental safety and landfill 

management. The study presents a multifaceted picture of how varying degrees of contamination 

modulate soil behavior. 

A complex pattern of cohesion is observed. Regardless of the degree of contamination, the cohesion 

registered was much higher than the clean soil. Nevertheless, an initial increase at lower contamination 

levels suggests enhanced particle bonding, followed by a decrease at higher levels of contamination. An 

optimal contamination threshold, identified at a 15% leachate concentration, enhances soil cohesion, 

likely due to chemical interactions among soil particles. Beyond this concentration, the beneficial effects 

are surpassed by detrimental impacts on new soil integrity. 

SEM analyses have uncovered alterations within the soil, including the formation of novel mineral 

crystals at elevated levels of contamination. Leachate-induced microstructural changes in soil, 

particularly at higher contamination levels, including the formation of novel mineral crystals at elevated 

levels of contamination. These changes manifest as a reduction in interparticle friction, undermining the 

soil's inherent shear strength and an increase of cohesion. The findings indicate a critical contamination 

threshold (15%), exceeding which may lead to a deterioration of the soil's structural and mechanical 

characteristics. 
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Comparison design-monitoring a diaphragm wall 

for a deep excavation up to 11.60m 

Ciumeică Daniela 

a, SBR Soletanche Bachy Fundații, Bucharest, Romania 

ABSTRACT 

This article presents a comparison design-monitoring a diaphragm wall for a deep excavation up to 11.60 

meters in Sibiu. Works were done between May and August 2021. Scope of the works were design and 

execution of a pit enclosure to accommodate an infrastructure for an administration building with two 

underground levels 3.00 meters below groundwater level. A retaining system supported with modular 

struts on one level at -2.80 m was the adopted solution, which has been modelled by means of finite 

element method (FEM), using Plaxis 2D, which offer conservative values compared to the behaviour on 

the overall behaviour of the excavation due to the reduced plan dimensions of the enclosure which lead 

to a stiffening of the field areas of the enclosure from its corner areas 

KEYWORDS 

Diaphragm wall; Monitoring; Deep excavation; Groundwater 

1. INTRODUCTION

1.1. Scope of the works 

The project scope was the design, execution and monitoring of a pit enclosure in order accommodate an 

infrastructure for an administration building with two underground levels 3.00 meters below 

groundwater level, to the depth of 11.60 meters, from original ground level. 

1.2. General description 

The project required a deep excavation support solution for the construction of the infrastructure of an 

administration building (Figure 1 and 2). 

By adopting the presented solution, it was aimed at obtaining an efficient structural system in terms of 

execution, productivity, and technologies for carrying out the works, optimally adapted to the 

particularities of the project which are mainly the obtaining of an enclosure pit that has relatively small 

dimensions in plan and that is in the vicinity of existing buildings. 

The location of the construction, with an area of 2010 sqm, is in Sibiu. The ±0.00 m architectural level 

of the building is +434.30 msl.  
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=
Figure 1. Project layout 

Figure 2. Cross section 

The outline of the designed pit is in the vicinity of some existing buildings, according to the Urban 

Planning Certificate, constructions and buildings with different height and functionality, whose 

foundation depth is located at variable elevations below the elevation of the original ground. 
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1.3. Ground conditions 

The Geotechnical survey was made in 2021 period and was based on profiles of four boreholes, with a 

maximum length of 20 m, carried out together with in-situ geophysical tests and laboratory 

investigations. 

According to the geotechnical study, the sequence of the layers intercepted by the boreholes are 

described in table 1. 

Table 1. Average lithology for design 

Layer Level relative to natural terrain level Description of intercepted lithology 
1 0.00 m … -0.40/-0.70 m Top soil – uncohesive fill, loose, with 

leavings construction materials 

1a -0.40/-0.70 m … -1.00/-1.70 m Vegetal soil – firm blackish clay 

2 -1.00/-1.70 m … -4.50/-5.50 m Clay / silty clay / silty-sandy clay, brown, 

firm to stiff 

3 -4.50/-5.50 m … -9.40/-12.00m Gravel with sand / sand with gravel / 

brown-grey sand, dense 

3a -9.40/-12.00 m … -15.00/-18.00 m Sand / brown-grey silty sand, medium dense 

/ dense, with rare gravel 

3b -15.00 m … -17.00 m Brown - ferruginous sandy-clayey silt, 

medium dense / dense 

4 -17.00/-18.00 m … -20.00 m Sandy-clayey silt / sandy silt, marl, gray, 

very stiff 

Ground water table was intercepted in geotechnical boreholes between -8.60 m and -8.80 m below 

ground level, stabilizing at elevations between -8.40 m and -8.50 m (Figure 3). 

Figure 3. Lithology boreholes 
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The design values of the physical-mechanical parameters of the soil considered in the design process of 

the premises are based on the data provided by the geotechnical investigations (Table 2). 

Table 2. Design value used in modelling (Hardening soil model) 

Layer 
γunsat 

[kN/m3] 

γsat 

[kN/m3] 

ref
E50

[kN/m2] 

ref
oedE

[kN/m2] 

ref
urE

[kN/m2] 

m 

[-] 

c’ref /su,ref* 

[kN/m2] 

φ’ 

[º] 

Ψ 

[º] 
𝐾0

𝑛𝑐

[-] 

1 18.50 19.00 6500 6500 19500 0.5 0 20 - 0.658 

1a 18.20 19.00 5000 5000 15000 0.5 10.00 10 - 0.826 

2 20.20 21.00 5000 5000 12300 0.66 24.5 16.25 - 0.720 

3 18.75 20.00 84940 70000 250000 0.5 0 46.85 16.85 0.270 

3a 19.00 20.00 50000 50000 150000 0.5 0 42 12 0.331 

3b 20.00 21.00 16260 16260 48780 0.5 20 28 - 0.531 

4 19.90 21.00 25000 25000 75000 0.55 150* - - - 

2. SOLUTION

2.1. General structural considerations 

The infrastructure of the construction is conformed in a rigid box type system with floors, beams, 

columns, and inner walls made of reinforced concrete. 

The foundation of the interior structure is designed as a general reinforced concrete raft, with a thickness 

of 100 cm. 

2.2. Excavation support system 

Because of the depth of excavation (about 11.60 m compared to ±0.00 m level) and the penetration 

beneath hydrostatic level, as well as because of the execution of the structure below ground level, it was 

necessary to build a diaphragm wall retaining structure (figure 5).  

Diaphragm wall execution works continued from a stable working platform 0.75 meters below ±0.00 

level. 

Reinforced concrete panels of the diaphragm wall were made with the use of bentonite slurry support. 

The technological characteristics of the project and the structural configuration of the newly designed 

construction imposed the necessity of choosing a retaining system supported with modular struts on one 

level at -2.80 m, the strut-diaphragm wall connection was made by steel plates embedded in reinforced 

cage panel through the rebars anchors which can provide excavation protection as well as an increased 

productivity of execution (Figure 4). 

The entire perimeter of the pit was solidarized by capping beam measuring 60 x 80 cm. 

Calculations were performed with design approaches according to current regulations such as Eurocode 

7 with corresponding national annexes, or local Romanian regulations, NP 120 (2014) and NP 124 

(2010). 

To obtain the design stress, the support system was modelled using two-dimensional numerical 

calculation, in plane state of stress and deformations. The calculation is based on the finite element 

method, through the numerical geotechnical calculation application Plaxis 2D. 



81 

Figure 4. Diaphragm wall geometry and support system 

Figure 5. Pit general cross section 
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3. COMPARISON DESIGN-MONITORING

3.1. Inclinometer monitoring 

For the inclinometer monitoring, the design - monitoring comparison will be presented for the two 

characteristic sections 1-1 and 2-2, which have two characteristic stages of execution for which 

monitoring was done (Figure 6). 

Figure 6. Position of the monitoring 

The characteristic section 1-1, the current section that has no vicinities, presents the following values of 

the displacement of the diaphragm wall (Table 3). 

Table 3. Comparison diaphragm wall displacements cross section 1-1 

Stage 

Elevation at which the 

maximum displacement 

was recorded 

Design 

displacement 

Elevation at which the 

maximum displacement 

was recorded 

Measured 

displacement 

Excavation -3.80 

m 

0.00m 6.13 mm 0.00 m 0.90 mm 

Final excavation 

(-11.55 m) 

-8.50 m 17.90 mm -5.50 m 7.70 mm 

Figure 7. Design cross section 1-1 

20 kPa 
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The characteristic section 2-2, the section through the building that is abutting the pit, presents the 

following values of the displacement of the diaphragm wall (Table 4). 

Table 4. Comparison diaphragm wall displacements cross section 2-2 

Stage 

Elevation at which the 

maximum displacement 

was recorded 

Design 

displacement 

Elevation at which the 

maximum displacement 

was recorded 

Measured 

displacement 

Excavation -3.80 

m 

0.00m 5.14 mm 0.00 m 2.00 mm 

Final excavation 

(-11.55 m) 

-8.20 m 18.26 mm -5.50 m 6.80 mm 

Figure 8. Design cross section 2-2 

It can be observed that the measured displacement values are about 57%-85% lower than the calculated 

ones, which shows us that the numerical modelling offers a conservative behaviour on the overall 

behaviour of the excavation. 

3.2. Settlement marks 

For the comparison of the settlements of vicinity building P+E, the values of the maximum differential 

settlements measured are found between the settlement marks M2 and M3 in the final excavation stage 

according to the table 5. 

Table 5. Comparison differential settlements 

Design settlement Measured settlement 
2.45 mm 2.90 mm 

3.3. Strain gauge 

Table 5. Comparison compression force in struts 

Section Design compression force Average measured compression force 
1-1 / Strut 7 1100 kN 706.5 kN 

2-2 / Strut 2 1300 kN 614. 7 kN 

It can also be observed that the values measured in the struts are about 36%-53% lower than the 

calculated ones, as in the displacement situation, which shows us that there is a correlation in the way 

of transmission of stress from the d-wall to the struts. 

40 kPa 
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4. CONCLUSIONS

Through presented retaining system the main objective was to build an effective structural system. But 

also, easiness of carrying out structural works inside the shaft and site efficiency were important factors, 

adapted and optimised based on this project features. 

We can observe conservative values of the calculated displacements compared to the measured ones due 

to the way in which the calculation sections were considered. The reduced plan dimensions of the 

enclosure lead to a stiffening of the field areas of the enclosure from its corner areas, a fact that cannot 

be quantified with certainty in a 2D calculation model. 

Also, the same thing happens for the strain in the struts, which according to the measurements resulted 

in comparatively lower values by 35-50% compared to the designed ones. 

This retaining system was conceived and designed based on the experience gained from similar projects 

and modern numerical methods, based on geotechnical applications software. 

Figure 9. Pit top view 
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1915 Çanakkale Bridge European anchor block excavation project: 

a case study 
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ABSTRACT 

This paper presents a deep excavation of the reinforced concrete anchor block structure with a volume 

of 68,000 m³, located on the European side of the 1915 Çanakkale Bridge. Slope stability, excavation, 

and dewatering works within the scope of the European Anchor Block Project with a maximum 

excavation depth of 46,0 m were completed within the tight schedule in a very heterogeneous soil profile 

consisting of Miocene-based sandstone-mudstone layers and Holocene deposits containing gravelly 

sand-clay units, especially on the seaside. Within the scope of the project, 170,000 m³ of excavation 

work, 10,000 m of rock bolts, 12,000 m² of shotcrete applied with ±1cm construction tolerance, besides 

431 no’s of secant piles and 28 no’s of dewatering wells were executed. In order to verify the in-situ 

design capacity of the rock bolts, a total of 26 no’s of preliminary pull-out tests were performed, on each 

side of the excavation pit and each excavation stage prior to the commencement of the production rock 

bolts. In this study, the design of the slope stabilization project, details of the construction works, and 

the results of the rock bolt tests are presented. Detailed information about the quality control tests 

followed within the scope of the project and the performance of the slope protection system has also 

been presented. 

KEYWORDS 

Slope stability, Deep Excavation, Rock bolt, Pull-out test, Quality control tests. 

1. INTRODUCTION

The 1915 Çanakkale Bridge, with a main span of 2,023 meters, commemorating the centenary of the 

founding of the Republic of Turkey, has become the largest mid-span suspension bridge in the world, 

surpassing the Akashi Kaikyo Bridge in Japan. The 1915 Çanakkale Bridge has a total length of 4,608 

meters, with a central span of 2,023 meters, side spans of 770 meters, and approach viaducts of 365 and 

680 meters. The approach viaduct on the Asian side (Lapseki) of the 1915 Çanakkale Bridge is 680 

meters long, and the approach viaduct on the European side (Gallipoli) is 365 meters long. The anchor 

block is to comprise two front pads and a rear concrete massif. The rear concrete massif is to be 16.0m 

deep (below natural ground level), 50.2m wide, and 74.4m long, and the front anchor pads are to be 

18.0m by 17.5m in plan and 5.0m deep (below ground level). Each front pad is to be connected to the 

rear massif with a connecting beam. The project map photo of the study area is given in Figure 1. The 

excavation geometry for the anchor block is mainly defined by the distance between the pier PE1 and 

the abutment, which is defined as 51 meters horizontally. The maximum excavation depth is 

approximately 46 meters. Within the scope of the study, detailed information about anchor block 

excavation, the design of the shoring system, monitoring of shoring performance, quality control test 

results, and production details are presented. 
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Figure 1. Map photo of the study area. 

2. SITE CHARACTERIZATION

Detailed soil investigation was carried out at the project site by Fugro. 4 boreholes with depths ranging 

from 30-70 m and 6 CPT tests with depths ranging from 10.6 m to 35.70 m were performed.  Soil 

classification was made using the Robertson 1990 classification chart by taking into account results 

obtained from CPT experiments. The idealized soil profile is given in Figure 2. 

Figure 2. Idealized soil profile. 

Generally, thickness of the Holocene deposits; described as mixed layers of lean, sandy to fat clay (CL-

H1 to CH-H1) to fine, silty sand (SM-H1/-H2) to well-graded, gravelly sand (SP-H1) is significantly 
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larger on the European side, than on the Asian side, while the Miocene basement mainly comprises 

Sandstone, SM-M2, embedded with layers of extremely weak to weak mudstone, CH-M3. 

Geotechnical design parameters of soil layers are given in Table 1. 

Table 1. Geotechnical design parameters of soil layers. 

Soil 

layer 

ˠ w ' c' cu E vu Cc Cr k 

[KN/m³] [%] [°] [kPa] [kPa] [MPa] [-] [-] [m/s] 

CL-H1 19 28.5 29 0 40 - 0.5 0.15 0.02 5 ⋅ 10−9 

CH-H1 19 24 29 0 40 - 0.5 0.15 0.02 5 ⋅ 10−9 

SM-H1 18 30 30 1) 0 - 6 0.5 - - 5 ⋅ 10−5 

SM-H2 19 25 33 1) 0 - 24 0.5 - - 5 ⋅ 10−5 

SP-P1 19 18.5 35 0 - 37 0.5 - - >0.001 

SM-M2 21 17 37 300 - - 0.5 - - - 

CH-M3 22 10 40 40 600 - 0.5 - 0.008 - 

3. ANCHOR BLOCK EXCAVATION

The general layout plan of the project site is given in Figure 3. The excavation geometry for the anchor 

block is mainly defined by the distance between the pier PE1 and the abutment, which is horizontally, 

51 m as shown in Figure 4. The maximum excavation depth is 46 m approximately.  

Figure 3. General layout plan. 
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The slope of the upper section is 1.2H:1V with a height of 13.7 m; the slope of middle section is 1H:1V 

with a height of 13.4 m and and the slope of bottom section is 1H/5V with a height of 18.9 m. A U-

shaped secant pile wall on the sea side of the excavation is designed in order to cut-off water inflow 

from the Holocene deposits and Sandstone layers into the excavation area. The toe level of the secant 

pile wall is -8.00 m, in such a way that the piled wall reached the mudstone level.  

Figure 4. Excavation section and 3D view of anchor block. 

3.1. Safety factors for global stability 

Conservatively, the global stability calculations have been performed considering the unit SM-M2 with 

a reduced effective cohesion (see Figure 5) due to possible weakened zones in the soil mass and a 6 m 

thick layer close to the excavation face with the residual strength properties of the sandstone to consider 

the weakening of the sandstone due to the unconfinement and weathering effects during the excavation. 

The analysis of the slope stability for the excavation works at the anchor block has been carried out 

using PLAXIS 2D. For verification of the global stability, the specified minimum safety factors are 

given in Table 2, according to the KGM Technical Specification (both for temporary and permanent 

structures). 

Table 2. Safety factors for global stability analysis 

Soil Parameter/Condition 
With undrained strength 

parameters 

With Effective strength 

parameters 

Long term analysis (Static) ----- 1.5 

Short term analysis (Static) 1.5 ----- 

The values defined in KGM specifications are total factor of safety for analyses performed with 

characteristic soil parameters (𝛾𝑐′=𝛾𝜑′=𝛾𝑐𝑢=1.0). Effective strength properties have been considered 

only for the evaluation of the stability of the excavation due to the nature of the prevailing soil 



89 

conditions.  The finite element analysis model, maximum displacement at the final excavation stage, 

and critical shear envelopes are summarized in Figure 5. 

Figure 5. Plaxis 2D analysis summary. 

As a result of the finite element analysis, the safety factor against total collapse was estimated to be 

1.89. 

In the final excavation stage, the variation of the displacement amount obtained with the Plaxis finite 

element software with depth and the displacement values obtained from the inclinometer boreholes No:1 

and No:4 are given in Figure 6. As can be seen from the graph below, the calculated (estimated) 

displacement values and the actual displacement values were very close to each other. 
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Figure 6. Estimated and actual displacement 

4. ROCK BOLT PULL-OUT TESTS

The slope stability of the excavation is designed by shotcrete and grouted rock bolts drilled into the rock 

(sandstone), as shown in Figure 4. In order to calculate the maximum pull-out resistance per grouted 

bar, lateral skin resistance has been estimated as follows: 

 𝑇𝑠𝑘𝑖𝑛,𝑚𝑎𝑥 = 𝜋𝑥∅𝑑𝑟𝑖𝑙𝑙𝑥𝜏  (1) 

where, ∅𝑑𝑟𝑖𝑙𝑙, is the diameter of the drilling, which is defined as ∅𝑑𝑟𝑖𝑙𝑙   = 76.2𝑚𝑚. 𝜏, represents the 

characteristic soil/grout bond strength. The estimated value for the bond strength 𝜏 in the Sandstone can 

be obtained from Table 3, assuming conservatively an upper value of the bond strength for weathered 

sandstone proposed in the table. This bond strength is considered to be a conservative/lower bound value 

for the inner "intact" sandstone. For the verification of the pull-out force, a bond strength of 𝜏=300𝑘𝑃𝑎 

has been assumed. 

Table 3. Bond strength estimation for rock bolts in rock (Lazarte 1 et al., 2003). 

Material Construction Method Soil/Rock Type 
Ultimate Bond Strength, qu 

(kPa) 

Marl/limestone 300  -   400 

Soft dolomite 400  -   600 

Rock Rotary Drilled Fissured dolomite 600  - 1000 

Weathered sandstone 200  -   300 

Weathered shale 100  -   150 

Basalt 500  -   600 

Slate/Hard shale 300  -   400 

The ultimate characteristic pull-out force per meter of rock bolt is, then: 

Plaxis-2D (Estimated) 
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 𝑇𝑠𝑘𝑖𝑛,𝑚𝑎𝑥 = 𝜋𝑥∅𝑑𝑟𝑖𝑙𝑙𝑥𝜏 =  𝜋x0.0762x300 = 71.82 kN/m 

Since the EN1997-1 does not consider the design of the soil nails or rock bolts a reasonable partial factor 

on pull out resistance of γ=1.50 has been adopted following the BS 8006-2. 

 𝑇𝑠𝑘𝑖𝑛,𝑚𝑎𝑥,𝑑 =
𝑇𝑠𝑘𝑖𝑛,𝑚𝑎𝑥,𝑑

𝛾
=

71.82

1.5
= 47.88 𝑘𝑁/𝑚  (2) 

Nevertheless, the maximum bond strength was verified during the pull-out tests to be carried out on-site 

before the excavations. The maximum force in the rock bolt will be limited by the maximum tensile 

capacity of the steel bar, as follows: 

 𝐹𝑦,𝑑 =
𝐹𝑦,𝑘 𝑦

𝛾
 =

500𝑥103

1.15
𝑥

𝜋𝑥0.0322

4
 (3) 

Sacrificial Tests 

26 pull-out tests were performed within the scope of the Sacrificial testing program. The location of 

these tests in the project site is given in Figure-7.  

Figure 7. Rock bolt pull-out tests layout plan. 

For the all-sacrificial tests, maximum test load of 400 kN was achieved successfully without pull out 

failure of bond. By considering third cycle of sacrificial rock bolt test for T8, no bond failure was 

observed until 450-460 kN load of which was near yielding limit of reinforcement. The mobilized bond 

stress (without failure) of sacrificial rock bolts is given in Table 4.  
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Table 4. Mobilized Bond Stress (without failure) of Sacrificial Rock Bolts. 

Rock 

Bolt 

No 

Dia. 

(mm) 

Datum 

Load 

(kN) 

Max. 

Load 

(kN) 

Elongation 

Difference 

(mm) 

Permanent 

Displacement 

(mm) 

Theoretical 

Displacement 

(mm) 

Apparent 

Free 

Length 

(m) 

Rock 

Bolt 

Length 

(m) 

Actual 

Bond 

Length 

(m) 

Mobilized 

Bond 

Stress 

(kPa) 

T1 76.2 40 400 19.2 3.8 15.4 6.5 12.0 5.5 303.8 

T2 76.2 40 400 20.2 2.0 18.2 7.3 12.0 4.7 355.5 

T3 76.2 40 400 19.1 0.7 18.4 7.4 12.0 4.6 363.2 

T4 76.2 40 400 21.7 1.0 20.6 8.3 12.0 3.7 451.6 

T5 76.2 40 400 19.4 0.7 18.7 7.5 12.0 4.5 371.3 

T6 76.2 40 400 21.1 1.2 19.9 8.0 12.0 4.0 417.7 

T7 76.2 40 400 19.8 -1.3 21.1 8.3 12.0 3.1 539.0 

T8 76.2 40 460 - - 25.0 - 12.0 3.3 591.2 

T9 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T10 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T11 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T12 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T13 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T14 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T15 76.2 40 400 14.5 3.3 7.5 5.0 10.0 7.0 238.7 

T16 76.2 40 400 23.4 -0.6 26.6 10.7 12.0 1.3 1285.3 

T17 76.2 40 400 19.8 1.2 15.7 8.3 10.0 3.7 451.6 

T18 76.2 40 400 - - 16.8 - 10.0 3.3 514.1 

T19 76.2 40 400 - - 16.8 - 10.0 3.3 514.1 

T20 76.2 40 400 - - 16.8 - 10.0 3.3 514.1 

T21 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T22 76.2 40 400 - - 20.3 - 12.0 3.9 434.0 

T23 76.2 40 400 20.6 8.2 8.7 5.5 10.0 6.5 257.1 

T24 76.2 40 400 19.6 3.1 13.4 7.4 10.0 4.6 363.2 

T25 76.2 40 400 22.5 4.1 15.4 8.2 10.0 3.8 439.7 

T26 76.2 40 400 18.4 1.1 14.2 7.7 10.0 4.3 388.6 

Average Mobilized Bond Stress (kPa) 455.1 

During testing of rock bolt; T7, it was observed that elongations based according to measured 

displacement in both cycles were near to theoretical values. However, displacements and related 

elongations at both cycles were far away from the theoretical values for rock bolt no T8. This issue can 

be explained with the fact that datum load of 160 kN, applied for steel plate to set on shotcrete face, was 

higher than the datum load specified in the test procedure. For this reason, the calculations in Table-4 

for determination of actual bond length do not consider rock bolt no T8. Related with this issue, creep 

performance under maximum test load was evaluated for only rock bolt no T7 and it is concluded that 

creep rate below the limit defined in relative standard (EN 14490:2010).  Having reviewed mobilized 

bond stress without bond failure and observation of no bond failure at nearly yielding point of 

reinforcements for T8, T18 to T22, it is clearly seen that installation of production rock bolts with 

diameter of 76.2 mm will be adequate for assumed maximum bond stress (300 kPa) and maximum 

design loads for static condition (270 kN per rock bolt). The variation of mobilized bond stress for 

weathered sandstone according to actual rock bolt lengths is given in Figure 8.  
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Figure 8. Load-displacement curve (a) and variation of mobilized bond stress with actual bond length 

(b) for weathered sandstone. 

𝝈𝒎𝒐𝒃 = 𝟏𝟕𝟎𝟓. 𝟕
𝑳𝒃𝒐𝒏𝒅

⁄      (4) 

5. CONCLUSIONS

This article delves into the extensive excavation of the reinforced concrete anchor block structure, 

boasting a volume of 68,000 m³, situated on the European side of the 1915 Çanakkale Bridge. In the 

scope of the project, 170,000 m³ of excavation work, 10,000 m of rock bolts, 12,000 m² of shotcrete 

application, 431 no’s of secant piles, and 28 no’s of dewatering wells were executed successfully. The 

amount of displacement obtained in the finite element analysis performed with residual soil parameters 

was very closely related to the inclinometer readings (Inco-4 and Inco-1) made in the final excavation 

stage. To verify the in-situ design capacity of the rock bolts, a total of 26 no’s of preliminary pull-out 

tests side of the excavation pit, and results are summarized. Design of temporary excavation works was 

performed by assuming rock bolts having pull-out resistance of 300 kPa with borehole diameter of 

76.2mm. All the sacrificial rock bolts were produced with a borehole diameter of 76.2 mm. All rock bolt 

tests successfully met the test load without creep. 
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Improving axial pile design through full-scale field testing and fibre optic 

sensing 
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ABSTRACT 

Recent advancements in fibre optic sensing have increased the range of monitoring techniques available 

for measuring the axial response of full-scale piles. For instance, distributed fibre optic sensing gives a 

continuous measurement of normal force with depth in a pile, meaning the shaft resistance of a pile can 

be accurately quantified in each soil layer. Other fibre optic sensing methods, such as Fibre Bragg 

Gratings, have been shown to provide accurate and robust high-frequency measurements of pile 

installation. With these improved measurement techniques, detailed insights can be obtained into not 

just the geotechnical response of the pile, but also the structural response. Presented in this paper is some 

first-hand fibre optic data collected from axial load tests on piles founded in dense to very dense sand, 

ranging from driven piles to screw displacement piles. Using fibre optic sensing, key insights could be 

gained into both the structural and geotechnical response of these piles at large base and shaft 

resistances, facilitating changes to CPT-based pile design methods at a site-specific and nationwide 

level. 

KEYWORDS 

Fibre optic sensing; Cone Penetration Test; Axial pile design; Pile design; 

1. INTRODUCTION

Recent changes to the Dutch design code (NEN, 2017; Gavin, Kovacevic and Igoe, 2021) has prompted 

a large amount of research (Duffy et al., 2022) in recent years into the axial capacity of piles in sand, 

through field testing, numerical modelling (both finite and discrete element modelling) and laboratory 

testing (calibration chamber and centrifuge). In terms of field testing, static load tests were performed 

on full-scale piles representative of typical piles installed in practice. Four of the most common pile 

types in the Dutch piling industry were tested: 

• Driven closed-ended piles

• Driven open-ended piles

• Driven cast-in-situ piles

• Screw displacement piles

The research focused on specific aspects of axial pile behaviour and how these aspects are integrated 

into design method which use the Cone Penetration Test (CPT) to predict the pile base and shaft 

capacity. One aspect included an investigation into pile-specific design factors and how depth-dependent 

effects, such as friction fatigue, should be incorporated into design, particularly for driven cast-in-situ 

piles (Flynn and McCabe, 2016). Another aspect focussed on the necessity of limiting resistances for 

piles in dense to very dense sands. 

In total, twenty full-scale piles were tested, spread across three different test sites. Uniquely, all piles 

were instrumented with state-of-the-art fibre optic sensors, giving detail insights into the pile base and 

shaft response under axial compressive loading. A short summary of these results are provided in this 

paper and for further information, readers should refer to Duffy et al. (2022; 2024a; 2024b). 
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2. FIBRE OPTIC SENSING

Fibre optic sensing techniques look at small changes in the frequency of scattered lightwaves within an 

optical fibre. Many different types of fibre optic sensing techniques are available, although two types of 

fibre optic sensors tend to be the most prevalent in geotechnical monitoring: Fibre Bragg Gratings (FBG) 

and distributed fibre optic sensing (DFOS, Brillouin-based sensing). Both sensing techniques were used 

during the research programme to monitor the change in strain or deformation of each test pile under 

axial compressive loading. 

FBG and DFOS technologies provide complimentary benefits in the context of pile testing. FBGs are 

similar to traditional strain gauges in that they are short-gauge sensors, comprising a small grating that 

is laser-etched into an optical fibre. FBGs also allow for high frequency measurements (>5 kHz) and 

have been successfully used in monitoring stress wave propagation along a pile during installation 

(Doherty et al., 2015; Buckley et al., 2020). In contrast, DFOS uses the entire length of the fibre optic 

cable as a sensing element, measuring the strain acting on every single portion of the cable. However, 

while DFOS gives spatially rich data, the measurements come at a much lower frequency compared to 

FBG sensors—two minutes per measurement in the case of the pile load tests. 

Figure 1. Fibre optic sensors embedded in a concrete pile 

The fibre optic cables used for both DFOS and FBG are not much different to standard 

telecommunication cables. However, pile hammering or concrete pouring can be particularly harsh 

environments for fibre optic cables. Steel-reinforced fibre optic cables were used to provide more 

robustness, whilst sacrificing very little in terms of their sensing capabilities. The small size of the fibre 

optic cables (Figure 1) reduces the space required for instrumentation within a pile. As a result, fibre 

optic instrumentation provides little impedance to concrete flow and maximises the structural stiffness 

and integrity of the pile. 

Strain is the primary measurement quantity in pile load tests and gets subsequently converted to a nor-

mal force based on the assumed cross-sectional stiffness of the pile. Temperature-induced changes on 

the strain measurements are generally considered to be negligible during a load test. However, the 

installation of a driven pile also results in locked-in stresses along the pile shaft and underneath the pile 

base, known as residual stresses. To accurately measure these stresses, a reference measurement should 

be made before installation with the pile above ground and with a known load acting on the pile, if any 

load at all. The temperature change between the measurement periods can be substantial, and so 

thermistors or “loose-buffered” fibre optic cables (Figure 1) were used to correct for the temperature 

change in the pile between the reference measurement and any measurement after pile installation, 

described in Duffy et al. (2022). 
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3. LOAD TEST PROGRAMME

Two different types of test frames were used across the different test sites, one with grout reaction 

anchors (Figure 2a) and another with heavy concrete blocks, also known as kentledge (Figure 2b). The 

choice of test frame was dependent on the local site conditions and mobilisation cost. Both test frames 

used hydraulic jacks to generate the load on the pile, with each pile loaded incrementally to a pile base 

displacement of 10% of the pile diameter, referred to as pile failure. 

During each load-holding increment, the fibre optic sensors measured the pile response in each soil 

layer. The test results of a cast-in-situ pile (Figure 3) gives a comparison between the DFOS and FBG 

sensors. Both sensors compare well, showing a gradual reduction in normal force across the looser upper 

layers. A sharp reduction in force is seen at a depth of 28 m, corresponding to the top of a very dense 

sand layer. The DFOS readings also shows deviations between FBG measurement points. For instance, 

the small, localised reduction in load between 15 m and 20 m depth could suggest local deviations in 

pile diameter or stiffness. These deviations would otherwise not be picked up by FBG sensors and can 

be crucial in identifying outliers or discrepancies in the measured data. 

Figure 2. Load test frame (a) with grout reaction anchors (b) with kentledge 

4. RESULTS

At one of the test sites (Duffy et al., 2024a), three driven closed-ended piles were installed in very dense 

sand, where the average CPT cone resistance was 45 MPa at the base of each pile. Crucially, the 

measurements in the pile prior to load testing showed that at least 10 MPa of residual base stresses were 

already present (Figure 4) in the piles. To sustain an equilibrium with this 10 MPa base load, negative 

shear stresses were mobilised all along the upper part of the pile. 

From a starting point of 10 MPa, all three piles reached peak of loads of around 30 MPa (Figure 4), 

mobilising this load within a displacement of 15 mm or 3% of the pile equivalent diameter. Notably, 

these base stresses were well in excess of limiting resistances prescribed in design standards, such as the 

Dutch design standard (NEN, 2017) or the API RP 2A standard (API, 2011). Similar findings were also 

shown for the measured shaft resistance, suggesting pile design methods could be refined to account for 

this overconservatism. 



97 

Figure 3. Fibre optic measurements during a load test on a cast-in-situ pile (850 mm diameter) 

Figure 4. Mobilised base resistances of three driven closed-ended piles (400 mm square) in very dense sand 

5. IMPLICATIONS FOR DESIGN

Some of the load tests were performed as part of the construction of 1.8 km long deep-sea quay wall in 

the port of Rotterdam (Figure 5), to be used as a berth for some of the largest container ships in the 

world. Around 2,600 foundation piles have recently been installed on the site, all being used to support 

the target retaining height of 29 m. The results of the driven pre-cast piles, along with tests on other pile 

types, showed areas in which the design method could be improved. This included a change in the pile 

base and shaft limiting resistances, along with pile-specific design factors. Specifically for the quay wall 

project, optimisation of the pile design led to financial savings of roughly €11 million and an 8 kton re-

duction in carbon emissions associated with pile manufacturing. Clearly, well-instrumented pile testing 

can be hugely beneficial, both from a research and industry context, and work is ongoing at TU Delft in 

improving the understanding of pile behaviour and pile design. 
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Figure 5. Tubular pile installation at Amaliahaven in the port of Rotterdam 
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ABSTRACT 

Rapid growth of the world population necessitates the exploration of alternative and clean energy 

sources to meet growing demand. As a renewable energy source, geothermal energy ranks only second 

to solar energy. Energy geostructures makes it possible to extract and utilize ground heat. Therefore, 

utilization of energy piles as shallow geothermal heat exchangers between soil and structure is gaining 

momentum in the last decade to provide hot water and climate needs of the buildings. Within an energy 

pile, heat exchanger pipes are embedded, facilitating the transfer of temperature-affected fluid from the 

ground heat to a heat pump and subsequently to the building. Consequently, this process involves a 

complex heat interaction among the ground, pipes, and pile, necessitating thermo-hydro-mechanically 

coupled analyses. In this study, a field scale energy pile test conducted in Houston, Texas was 

numerically modelled, and it was validated in terms of computed thermally induced stress and 

temperature evolved along the pile as compared to the measured values at the site. 

KEYWORDS 

Provide Thermal Pile, Field Test Case, Numerical Modelling, Thermal Behavior separated by 

semicolons. Capitalize first letter of each word. 

1. INTRODUCTION

The world population has been continuously increasing over last century. The current population of 

approximately 8 billion and it is expected to reach 9.8 billion by 2050 (United Nations, 2019). Therefore, 

this situation boosts the world's need for energy. Today, about 60% of energy needs are derived from 

fossil fuels (International Energy Agency, 2016). The use of fossil fuels in energy production has two 

major disadvantages. The first drawback is the damage caused to nature by increasing greenhouse gases, 

and the other is the exhaustible nature of these energy resources. As an alternative to fossil fuels, 

geothermal energy is the heat energy accumulated in the earth's crust. Geothermal energy is the most 

abundant renewable energy source in the world after solar energy. This renewable energy type is 

continuously available all over the world, regardless of weather conditions (Lee et al. 2007). The use of 

geothermal energy, which is a clean energy source, is attracting increasing interest due to its advantages 

in terms of accessibility and sustainability. Thermoactive piles, which are shallow geothermal systems 

and called energy piles, are frequently used to utilize geothermal energy (Brandl 2006; Hamada et al. 

2007). Unlike conventional piles, energy piles allow heat transfer between the ground and the pile. 

Energy piles contain pipes in addition to reinforcing rebars. The temperature of the liquid in the pipes 

can be adjusted by the heat pump and the liquid that has reached the desired temperature circulates 

throughout the structure and meets the air conditioning and hot water needs of the structure. In essence, 

thermal heat transfer occurs in soil-pile and pile-pipe. 

Many studies have been conducted on the behavior of energy piles under thermal loads. The thermal 

behavior of energy piles can be determined by field experiments (Bourne-Webb et al., 2009, Laloui et 

al., 2006, Sutman et al., 2019, Laloui and Sutman, 2021) and verified by numerical models (Gao et al. 

2008a., Moradshahi et al., 2021). In this study, a numerical model of a field-scale energy pile experiment 
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conducted in Houston, Texas was created and validated with a numerical model using stress and 

temperature measurements obtained in the experiment. 

2. FIELD TEST INFORMATION

2.1. Thermal pile properties 

An energy pile test was conducted in Houston, Texas (Sutman, 2016). The diameter of the pile was 45.7 

cm and the length of the pile was 15.24 m. The pile was manufactured using the "Continues Flight 

Auger" (CFA) technique. As pile instrumentation, strain gauges with vibration wires were placed in the 

reinforcement cage at 5 different depths along the pile (see Figure 1). The heat transfer pipes inside the 

pile are HDPE with a diameter of 25.4 mm and a wall thickness of 3.2 mm. The pipe shape is a single 

U pipe located in the center of the pile. The liquid used in the pipe consists of 80% water and 20% 

antifreeze. The liquid flow rate in the pipe is 0.88 m/s throughout the experiment. The thermal 

conductivity coefficient of the pipe is 0.42 W/m/°C. The modulus of elasticity of the energy pile is 36 

GPa and the coefficient of linear thermal expansion is 1.29 × 10-5 με/°C. The instrumentation depths 

are -2.7 m, -5.7 m, -8.7 m, -11.6 m and -14.5 m, respectively. 

Figure 1. Energy pile instrumentation 

2.2. Soil properties 

According to the soil investigations, the site is clay for the first 9.8m and then sandy. The groundwater 

level is 3.7m below the surface. The soil geotechnical parameters used in the numerical analysis are 

given in Table 1. 

Table 1. Soil properties 

Soil type Elastic modulus (MPa) Poisson’s ratio Cohesion (kPa) φ' (°) 
Clay 45 0.495 114 0 

Sand 75 0.3 5 43 

2.3. Test schedule 

The energy pile investigated in this study was statically loaded in the field and the vertical load capacity 

of the pile was determined as 2558 kN. The static load was then removed and cyclic thermal loading 

was applied. Cyclic thermal loading consisted of 5 thermal cycles lasting 6 weeks. The temperature of 

the fluid circulated in the pipes inside the pile is given in Figure 2. 
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Figure 2. Cyclic thermal load 

3. NUMERICAL MODELLING

A 3D numerical model of the energy pile was created using COMSOL Multiphysics software (see Figure 

3). The dimensions of the numerical model are 50mx50mx40m. The model boundary conditions are 

rollers for the vertical direction at the model edges and fixed at the model base. The model boundaries 

are thermally isolated except for the top surface to create thermal boundary conditions. The initial 

temperature of the pile and soil was modelled as 21.6°C in accordance with field measurements. The 

Mohr-Coulomb constitutive model was used for clay and sandy soils, while the linear elastic constitutive 

model was used for the thermal pile. In the numerical model, the first of the 5 cycles shown in Figure 2 

was applied for thermal loading. The initial stresses represent the geostatic case. 

Figure 3. Numerical model and boundary conditions 

4. COMPARISON OF FIELD EXPERIMENT AND NUMERICAL MODEL RESULTS

The temperatures measured along the pile in the field experiment and the values calculated with the 

numerical model are presented in Figure 4 for the first three days. Temperature and strain measurements 

along the pile were made with the vibrating wire strain gauge sensors shown in Figure 1. All values 

presented in the graphs are the average of the values obtained from these two sensors. There exist 

positional differences in pipe and sensor placement along pile cross section in the field during piling 
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implementation. The distance of the sensors from the pile center varies between 11.7 cm-12.9 cm. 

Therefore, the numerical model results are given for this range. The corresponding values in Figure 4 

represent the analysis results at a distance of 11.7 cm and 12.9 cm from the pile center to the pile wall, 

respectively. The field measurements and the temperature values calculated by the finite element 

numerical model are consistent with each other. 

Stresses due to thermal loading are presented in Figure 5. The stress values obtained from the sensor 

located at a depth of approximately 8.7 m are higher than the value obtained from the numerical model. 

Except for the mentioned case, the stresses measured in the field and the values calculated from the 

numerical model are compatible with each other. 

Figure 4. Comparison of temperatures along the pile between the field test and numerical analysis for a) Initial 

field conditions b) Day-1 c) Day-2 d) Day-3 
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Figure 5. Comparison of thermally induced stresses along the pile between the field test and numerical analysis 

for a) Day-1 b) Day-2 c) Day-3 

5. CONCLUSIONS

As a result of the numerical analysis, the thermomechanical behavior of the pile under thermal effects 

was investigated. Temperatures and stresses measured along the pile in the field were compared with 

the numerical model. The thermal fluid passed through the pipes inside the pile caused a temperature 

increase in the pile. The measured temperature increase in the pile during testing and the values 

computed in the finite element numerical model are compatible with each other. The temperature 

increase in the pile causes thermal elongation in the pile. This elongation causes additional axial stresses 

along the pile depending on the pile boundary conditions. The stress increases due to thermal strain 

measured in the field and obtained from the numerical model are consistent with each other except for 

the sensor at 8.7 m depth. The difference of the stress value at this depth from the value obtained from 

the numerical model can be explained by the change in the sensor position during pilling implementation 

in the field. 

There are number of issues to be considered in the numerical modelling of energy piles. The first of 

these considerations is that the thermal boundary conditions and consequently the pile and soil surface 

temperatures should be compatible with the data obtained in the field test. The second issue is the 

placement and positioning of sensors in the field. The position of the sensors should be placed in the 

reinforcement so that they are not affected by external influences and the implementation process. The 

third point to be considered is that the thermal properties of water should also be taken into account, 

especially in water-saturated soils. 
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ABSTRACT 

Soil constitutive models have evolved significantly over the years, with more advanced constitutive 

models being able to capture soil behaviour better. This advancement often results in an increasing 

number of constitutive material parameters. It is essential to determine these parameters accurately for 

the success of numerical analysis. Material parameters can be obtained through either in-situ tests (such 

as cone penetration tests) or laboratory tests (such as triaxial and oedometer tests). This study exclusively 

focuses on laboratory tests. The calibration of parameters becomes time-consuming, especially when 

dealing with multiple parameters, which demands expertise in managing the model to be calibrated. 

With sufficient data and appropriate optimization approaches, the determination and optimization of soil 

parameters can be conducted more efficiently. Consequently, the integration of Machine Learning 

applications has the potential to enhance the reliability of parameter determination and improve the 

fidelity of objective parameter calibration. To mitigate uncertainty in the parameter calibration process, 

the working group Computational Geotechnics (TU Graz) aims to determine soil parameters for 

constitutive models using Machine Learning algorithms applied to standard soil tests. In this paper, 

supervised Machine Learning algorithms are employed, using synthetic laboratory data (drained triaxial 

and oedometer test) as input to predict constitutive model parameters. The results demonstrate good 

agreement with the parameter optimization tool in PLAXIS. These findings underscore the efficacy of 

ML models in predicting parameters for constitutive models thereby significantly reducing the 

complexity of the calibration process and facilitating access to more complex constitutive soil models. 

KEYWORDS 

Constitutive Soil Model; Parameter Determination; Parameter Optimization; Machine Learning. 

1. INTRODUCTION

The soil behaviour complexity presents significant challenges in geotechnical analysis, influencing the 

selection of constitutive soil models and their corresponding parameters for simulating soil behaviour. 

Despite the variety of available constitutive models, none can fully model all soil types (Yin and Jin, 

2019). Potts (2003) highlighted that some commonly used constitutive models may yield unrealistic 

results in numerical analyses. Mohr–Coulomb (MC) model is known to predict unrealistic ground 

heaves in excavation problems (Schweiger, 1998), contributing to uncertainty in model selection and 

parameter determination. In addressing uncertainties in any system, the development of an uncertainty 

model (UM) is necessary. A UM comprises parameter uncertainty, model uncertainty, and the 

evaluation technique of the system response (Nasekhian, 2011). Parameter uncertainty plays a critical 

role in numerical analysis, particularly in constitutive soil parameter determination. The model 

prediction accuracy significantly depends on the calibration of these parameters, which also helps 

mitigate model uncertainty. However, parameter calibration is often time-consuming and needs 

expertise in handling the model calibration. Besides the knowledge of the constitutive model, many 
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parameters cannot be directly identified through standard soil tests or empirical equations (Machaček et 

al., 2022). 

Machine learning (ML) has already been applied for determination of soil parameter (e.g. Su et al., 

2023), offering possibility to enhance the reliability of parameter determination and improve model 

fidelity. To reduce the uncertainty in the ML-based parameter calibration process, the Computational 

Geotechnics Group at Graz University of Technology is employing ML algorithms on standard soil tests 

and in-situ data to determine soil parameters for constitutive models (e.g. Erharter et al., 2023). In this 

paper, supervised ML algorithms are applied using laboratory test data to predict constitutive soil model 

parameters. The paper begins with a background on the selection of the constitutive soil model and the 

discussion of parameter optimization in general. To confirm the ML applicability to parameter 

determination, various parameter optimization techniques are assessed using the parameter optimization 

tool in PLAXIS. The ML model performance is evaluated with respect to the parameter optimization 

tool on a synthetic sand example. 

2. BACKGROUND

The quality of numerical predictions in geotechnical problems generally depends on various factors: site 

characterization, soil characteristics, appropriateness of (idealized) boundary value problem, selection 

of constitutive model, calibration of the constitutive model, and the relevance and accuracy of the 

numerical tool (Boulanger 2022). With the development of numerical methods such as the finite element 

method, it is possible to investigate complex structures and soil-structure interaction problems 

(Granitzer et al., 2024; Felic et al., 2023). These analyses of course depend on the realistic representation 

of soil behaviour (stress-strain behaviour) (Tschuchnigg and Schweiger, 2013; Tschuchnigg et al., 

2014). In computational geotechnics, the relationship between stresses and strains is represented by 

constitutive soil models which reflect the model behaviour at single stress points (Lade, 2005). Different 

constitutive models result in various numerical simulation results that may lead to different design 

considerations for geotechnical projects. In numerical analysis, the influence of constitutive models on 

the decision-making process and its associated consequences should be considered in more detail. While 

current research primarily focuses on proposing more accurate (advanced) soil constitutive models, there 

is limited research regarding the evaluation, selection, and application of existing models in general. In 

practical applications, the selection of constitutive models often relies on user preferences and previous 

experience (Yin and Jin, 2019). It is crucial for users engaged in numerical analysis to understand how 

to select the appropriate models and their parameters for specific applications. Consequently, 

understanding a model’s possibilities and limitations is necessary to generate realistic numerical results 

(Brinkgreve, 2005). After selecting the appropriate constitutive model, accurately calibrating input 

parameters is crucial for realistic numerical predictions. Parameter determination techniques typically 

rely on inverse methods, involving trial and error to fit desired target values (Meier, 2008). However, 

this calibration process is time-consuming and demands a high level of expertise (Machaček et al., 

2022). To enhance efficiency, optimization algorithms can be employed. These algorithms 

incrementally refine the design values until specified optimization targets, such as minimum error or 

maximum iteration number, are achieved by evaluating an objective function. However, 

misspecifications in the optimization problem or the use of unsuitable optimization algorithms can lead 

to suboptimal solutions. If properly conducted, optimization algorithms can mitigate human error in the 

final design stage (Kochenderfer and Wheeler, 2019), as demonstrated by Leo et al. (2023). 

3. SIMULATING SOIL TESTS

Numerical simulations of laboratory tests, based on a single stress-point algorithm, are a powerful tool 

that provides insights into the behaviour of constitutive model parameters. It can be utilised to examine 

the impact of the parameters on the behaviour and to compare the simulated tests with (real and/or 

synthetic) laboratory test data. This step is crucial for validating the constitutive model or calibrating 

the material set (input parameters). The SoilTest tool provided by the finite element software PLAXIS 
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(PLAXIS 3D, 2021) is used in this study. This tool enables the modelling of various tests, including 

triaxial, cyclic triaxial, oedometer, constant rate of strain compression, direct simple shear, cyclic direct 

simple shear, and general tests, where arbitrary stress and strain conditions can be defined. 

3.1. Parameter Optimization Tool 

In addition to the simulation of laboratory tests, the SoilTest tool can be employed to optimise 

constitutive model parameters to reach the “best” fit between the results of the simulated tests and target 

tests. The optimization process takes place over several steps as follows: 

• Step 1: Selecting parameters

The first step is to select the parameters to be optimized, along with their upper and lower bounds. It is 

not necessary to optimize all parameters simultaneously. 

• Step 2: Selecting test results

In this step, the 'target' tests are uploaded. These tests can be either real or synthetically created (as in 

this study). The optimization tool can handle tests that consist of multiple phases (cycles); however, it 

is necessary to consider only one phase at a time. 

• Step 3: Configuring optimization settings

The optimization process is performed using a particle swarm algorithm, which can overcome local 

minima (PLAXIS 3D, 2021). The accuracy of this process is directly influenced by the optimization 

settings. Users can select from three levels of search intensity, with the most precise option likely to 

produce more accurate results at the cost of increased calculation time. Additionally, the calculation 

time is influenced by the number of parameters being optimized (see Step 1). In this study, the thorough 

search intensity is used along with a relative tolerance of 10-3. 

The optimization process is highly dependent on several factors, including the number of optimized 

parameters, their upper and lower bounds, the number of tests used, and whether the optimization 

process is carried out iteratively or not (see Section 3.3). These aspects were carefully considered in 

preliminary studies focusing on a synthetic case to formulate a reliable optimization procedure. 

3.2. Synthetic case 

The synthetic case focused on optimizing the Hardening Soil model (Schanz et al., 1999) parameters for 

a sand sample. The "target" material set represents “typical” values for a medium-dense sand sample 

and is presented in Table 2. Using this material set, one triaxial test (corresponding to cell pressures of 

100 kPa) and an oedometer test (loading to 400 kPa then unloading to 50 kPa) were generated using the 

SoilTest tool. These two tests will serve as the optimization targets for the optimization process. 

3.3. Recommended optimization procedure (for sands) 

The procedure is based on optimizing E50
ref and φ′ from the triaxial test(s), while Eoed

ref  and m from the

oedometer test(s) and Eur
ref from the unloading curve of the oedometer test(s). K0

nc is determined by

Jaky’s empirical formula (1 − sin φ′). This (iterative) procedure was formulated based on preliminary

studies that investigated several methods to achieve the “best” agreement for the material set in various 

synthetic cases. The recommended optimization procedure for sands comprises two iterations. The first 

iteration involves two optimization steps. Firstly, the triaxial tests are used to optimize 

E50
ref, Eoed

ref , Eur
ref, φ′, m and K0

nc (step a). Initial values, lower and upper bounds for these parameters, are

provided in Table 1, selected based on experience with similar soil types. The wide range between the 

bound’s accounts for the high uncertainty in this step. Secondly, E50
ref,  Eoed

ref ,  Eur
ref and m (initial values

obtained from step a) are further optimized using the oedometer test(s) (step b). Subsequently, the 

material set is updated by selecting E50
ref and φ′ from step a) and Eoed

ref  and m from step b). At this stage, 

Eur
ref can be selected using the rule of thumb (Eur

ref ≈ 3E50
ref) or it can be selected from step b). The final

value for Eur
ref is optimized in the second iteration. K0

nc is set to 1 − sin φ′. The second iteration includes

three optimization steps. Firstly, the triaxial tests are employed to optimize E50
ref The range between the
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lower and upper bounds can be reduced in this step due to lower uncertainty compared to the first 

iteration (e.g., lower bound ≈ E50
ref (from step a)/2 and upper bound ≈ 2E50

ref (from step a). However, in

this study, the lower and upper bounds remained constant (see Table 1). The second step includes 

optimizing Eoed
ref and m from the oedometer test(s). Finally, Eur

ref is optimized from the unloading curve

of the oedometer test(s). This optimization procedure has been applied to several synthetic cases 

representing different types of sands (loose, medium dense, and dense), showing very good agreement 

with the synthetically created target material sets. It is important to note that all the synthetically created 

sets excluded the dilatancy angle or cohesion. The inclusion of these parameters, as well as extending 

the procedure to fine-grained material sets, is part of ongoing research. 

Table 1. Lower, initial, and upper values used in the optimization procedure 

Parameter Lower bound Initial value Upper bound 

E50
ref(kPa) 1000 30 000 100 000 

Eoed
ref  (kPa) 1000 30 000 100 000 

Eur
ref (kPa) 1000 90 000 500 000 

φ′ (°) 0 30 50 

m (-) 0 0.50 1 

K0
nc (-) 0 0.50 1 

3.4. Performance of the optimization procedure 

To assess the performance of the recommended optimization procedure described above, it is compared 

to two alternative approaches. These approaches differ in the required level of expertise. Optimization 

Approach (OA) 1 assumes low expertise in both the constitutive model and the optimization process. 

OA 2 assumes low expertise in optimization process but high expertise in the constitutive model. OA 3 

(see Section 3.3) assumes high expertise in both the constitutive model and the optimization process. It 

should be noted that OA 1 requires the least time to conduct the optimization procedure, whereas OA 3 

requires significantly more time and knowledge of a suitable iterative procedure. 

• OA 1 – Beginner level

All parameters (E50
ref, Eoed

ref , Eur
ref, φ′, m and K0

nc) are optimized simultaneously over three steps. In the

first step, the parameters are optimized using the triaxial test(s), followed by optimization using the 

oedometer test(s) in the second step. Finally, the parameters are further optimized using the unloading 

branch of the oedometer test(s). 

• OA 2 – Intermediate level

In this approach, the optimization is conducted in three steps. Firstly, E50
ref, φ′ and K0

nc are optimized

from the triaxial test(s). Secondly, Eoed
ref , Eur

ref and m are optimized from the loading branch of the

oedometer test(s). Finally, Eur
ref is optimized from the unloading branch of the oedometer test(s).

• OA 3 – Expert level

Approach 3 refers to the recommended optimization procedure described in Section 3.3. 

Figure 5 illustrates, anti-clockwise from a triaxial test, the volumetric strains εvol with axial strain ε1 (top 

right corner), deviatoric stress q versus axial strain ε1 (top left corner), stress path with q and effective 

isotropic stress p’ (bottom left corner), and effective axial stress σ’1 with axial strain ε1 (bottom right 

corner) from an oedometer test for all three OAs. Since all optimization approaches utilize stress-strain 

curves (q-ε1) from a triaxial tests without considering dilatancy, the volumetric behaviour shows a good 

fit for all three OAs. In the q-ε1 subfigure, OA 1 overestimates the maximum stress compared to the 

target values. Similar behaviour is also observed in the stress path. In the oedometer test, OA 1 shows a 

stiffer behaviour compared to the target values. OA 2 and OA 3, at first sight, demonstrate a good match 

compared to the target values for both the triaxial and oedometer tests. 

The material sets obtained from all three approaches, alongside the target values, are presented in Table 

2. Bold-marked entries in the table represent parameters that were chosen for optimization, while non-

bold values remained constant throughout the OA. Results for OA 1 indicate a significant overestimation 
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of stiffness parameters (E50
ref, Eoed

ref, and Eur
ref) by an average of 10%, along with an effective friction 

angle φ' overestimation of 33% compared to the target values. The stress-dependent stiffness power 

parameter m is underestimated by 6%. Although OA 2 initially appears to provide a good match, closer 

investigation reveals a 6% underestimation in stiffness when observing E50
ref. Other parameters exhibit 

minor deviations around 1%. Only OA 3 demonstrates a strong alignment compared to the target values, 

exhibiting a divergence of less than 1%. 

Figure 5. Comparison of optimization approaches with triaxial and oedometer tests 

Table 2. Material sets of a synthetic target example and all Optimization Approaches (OAs) 

Parameter Unit Target value  OA 1 OA 2 OA 3 

E50
ref kPa 45 000 51 220 42 130 44 950 

Eoed
ref kPa 45 000 48 550 44 800 44 970 

Eur
ref kPa 135 000 144 000 137 400 136 000 

ѵur - 0.20 0.20 0.20 0.20 

c’ kPa 0.00 0.00 0.00 0.00 

φ' ° 36.00 48.08 36.29 36.02 

ψ ° 0.00 0.00 0.00 0.00 

m - 0.55 0.5187 0.5400 0.5558 

K0
NC - 0.4122 0.2890 0.4081 0.4119 

Rf - 0.90 0.90 0.90 0.90 

The optimization results underline the critical need for both a profound understanding of the constitutive 

model and a high level of expertise in the optimization process to achieve effective parameter 

calibration. 

4. MACHINE LEARNING APPROACH

This section presents the machine learning (ML) approach, covering sampling and feature selection, as 

well as the overall ML training workflow. Additionally, the performance of the trained ML model is 

evaluated by comparing its predictions with the results obtained using OA 3, using the same synthetic 

target example as in Section 3.4). The ML algorithm used in this paper exclusively focuses on the 

utilization of XGBoost. Figure 6 illustrates the proposed ML approach, which integrates stress-strain 

curve data obtained with the SoilTest tool and an ML algorithm to predict constitutive model parameters. 

4.1. Sampling and feature selection 

Before model training the ML model, data generation is necessary. In this study, a sample representing 

sand (effective cohesion c’ = 0 kPa) is established. The sampling method assumes randomly normally 

distributed values for various parameters: E50
ref ranging from 13,000 to 75,000 kPa, Eoed

ref ranging from 



111 

0.80 to 1.20 times E50
ref, Eur

ref ranging from 2.00 to 4.00 times E50
ref, ѵur ranging from 0.10 to 0.30, φ' 

ranging from 28 to 40, ψ ranging from φ' - 30 ± 3 (randomly selected), m ranging from 0.30 to 0.70, and 

Rf ranging from 0.70 to 0.97. This sampling is utilized to generate curve data using the SoilTest tool. 

The total number of simulations based on the sampling involved 15,300 simulations, including both 

triaxial and oedometer tests. For ML model training, a feature matrix (input matrix) comprises vectors 

of data quantities from one triaxial and one oedometer test, which are then used to predict HS parameters 

(target matrix). 

+ 

ML algorithm 

= 

Constitutive 
model 

parameters 

Hardening 
Soil model 

Figure 6. Machine learning approach 

4.2. Model training workflow 

The ML workflow typically includes training and validating the model, testing the model, and training 

the final model, as outlined by Deisenroth et al. (2021). Initially, the database is divided into training 

and test sets, often at an 80% to 20% ratio, similar to Rauter and Tschuchnigg (2021). In the first step, 

the model is trained using the training data and initial hyperparameters, with loss computed at each step 

by comparing ML predictions to the actual dataset. Subsequently, the model generalization is evaluated 

through a validation step. During this step, the model performance is analysed by computing the 

validation loss on a separate validation set, derived from the 80% training data. To prevent overfitting, 

early stopping with a criterion of five iterations is applied (Deisenroth et al., 2021). To optimize 

hyperparameters, Optuna, an automatic hyperparameter optimization framework, is used (Akiba et al., 

2019). Optuna evaluates various hyperparameter settings based on training and validation losses to 

maximize (or minimize) an objective function The termination criterion for the optimization process in 

this study is based on the maximum iteration number. Finally, the model is trained using the combined 

training and validation sets with the best hyperparameters and evaluated using the test set to assess 

generalization. If the derived test loss is acceptable, a final training can be conducted using all data 

points and optimized hyperparameters. 

4.3. Application of machine learning model 

Figure 7 displays (similar to the parameter optimization section), anti-clockwise from a triaxial test, the 

volumetric strains εvol with axial strain ε1 (top right corner), deviatoric stress q versus axial strain ε1 (top 

left corner), stress path with q and effective isotropic stress p’ (bottom left corner), and effective axial 

stress σ’1 with axial strain ε1 (bottom right corner) from an oedometer test for OA 3 and the ML model 

prediction. The ML results for the triaxial test demonstrate good agreement with the target values and 

OA 3. In the oedometer test, the ML prediction exhibits good agreement; however, it indicates a slightly 

stiffer behaviour compared to the target values and OA 3. 

Table 3 displays the material sets of target values, OA 3 (also referenced in Table 2), and the ML 

prediction. Entries in bold within OA 3 denote parameters selected for the optimization process, while 

non-bold values remained constant throughout optimization. The results of the ML prediction exhibit a 

good match compared to the target values. Specifically, the ML prediction of the stiffness parameters 

E50
ref, Eur

ref, m, and ѵur deviate by less than 5%, except for Eoed
ref which deviates by approximately 5.1%. 

Additionally, the strength parameters (φ' and ψ), as well as Rf, demonstrate an even better alignment 

with the target values (approximately 1% divergence). 
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The results indicate that the ML model accurately predicts the HS model parameters, requiring 

significantly less expertise in the parameter optimization process. Nevertheless, validating the ML 

model predictions still demands a high level of expertise in the constitutive model. It is important to 

highlight that after the ML model training, the ML model application only requires a few seconds, 

eliminating the need for complex optimization approaches (see Section 3.4). Consequently, parameter 

determination should be considered as a powerful alternative compared to standard optimization 

techniques. 

Figure 7. Comparison of optimization approach (OA) 3 and the ML model prediction of synthetic test 

Table 3. Material sets comparison obtained with OA 3, and ML prediction (* denotes not predicted parameters) 

Parameter Unit Target value (TV) OA 3 ML prediction ML / target value (%) 

E50
ref kPa 45 000 44 950 43 736 +2.81 

Eoed
ref kPa 45 000 44 970 47 310 -5.13 

Eur
ref kPa 135 000 136 000 138 457 -2.56 

ѵur - 0.20 0.20 0.19 +5.00 

c’ kPa 0.00 0.00 0.00* - 

φ' ° 36.00 36.02 35.98 +0.06 

ψ ° 0.00 0.00 0.19 - 

m - 0.55 0.5558 0.54 +1.82 

K0
NC - 0.4122 0.4119 0.4125* -0.07 

Rf - 0.90 0.90 0.91 -1.11 

5. CONCLUSIONS

The primary aim of this contribution is to develop a predictive model for acquiring constitutive soil 

model parameters. The presented findings underscore the effectiveness of ML models in predicting these 

parameters, significantly reducing the efforts, and required knowledge in the calibration process. 

However, validating the ML model predictions still requires a deep understanding of the constitutive 

model. It is noteworthy that evaluating the ML model takes only a few seconds; thus, the parameter 

determination can be less time-consuming. The optimization results emphasize the importance of not 

only having a profound understanding of the constitutive model but also possessing a very high level of 

expertise in the optimization process for effective calibration. Moreover, specific knowledge of which 

parameter exactly influences certain aspects of the constitutive model (e.g., the slight influence of E50
ref 

in the oedometer test) is not necessary. Therefore, the proposed approach can facilitate easier access to 

more complex constitutive soil models. Further studies (not included in this paper) have revealed the 

limited extrapolation ability of ML models beyond the sampled data, emphasizing the need for 

additional training data. Preliminary studies suggest promising results in obtaining reliable parameters 

for real lab tests; however, more research with real lab test data is required. Future investigations will 

also concentrate on addressing the limitations of ML predictions for soil parameters. 
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ABSTRACT 

The impact of climate change has become increasingly severe also in forests, where droughts and 

strong winds on one, and extreme rainfall events on the other hand can damage forest ecosystems. To 

mitigate the effects of drought and to increase the soil water retention capacity, various soil conditioners 

(SCs) are being developed. The laboratory investigation focused on the influence of Xanthan-gum (XG) 

based SCs with different cellulose fillers on forest soil properties. The primary emphasis was placed on 

assessing the impact of SCs on water retention ability and hydraulic conductivity. Additionally, a part 

of the research was directed towards evaluating the drained shear strength of SCs treated forest soil, 

which is crucial for assessing slope stability, particularly when SCs are used in thick layers on larger, 

steeper slopes. 

This paper deals with the results of laboratory investigations carried out on untreated and treated 

forest soil, sampled on the ONEforest project case study site in the Alpine part of Slovenia, Ljubelj. The 

results show significant increase in water absorption of treated soil and favourable impact of SCs on the 

soil water retention curve (SWRC) in the suction range of plant available water. The increase depends 

on the amount and type of the SC. A less favourable impact of SCs on drained shear strength was found. 

The drained shear strength of treated and saturated forest soil was lower than drained shear strength of 

untreated soil. The decrease in drained shear strength also depends on the amount and type of used SC. 

KEYWORDS 

Forest Soil; Soil Conditioner; Drained shear strength; Soil hydraulic properties 

1. INTRODUCTION

Reports on extreme climatic events over the world, such as droughts and floods, are becoming more and 

more frequent. Changing environmental conditions require novel solutions to mitigate the negative 

effects of such extreme events also in the forest ecosystems. Soil conditioners are one of the attempts to 

elevate soil properties, e.g., enhancing soil’s physical, mechanical, chemical and biological attributes. 

An important aspect is also the retention of water in time of its abundance and regulating its release 

when plants and trees are in need (Thakur et al., 2023). 

Development of commercial SCs is based on implementing highly absorbent hydrogels from organic or 

inorganic sources (El-Saied et al., 2004; Thakur et al., 2023). The application of synthetic, inorganic 

soil conditioners is limited by high cost and can represent negative effect on environment (El-Saied et 

al., 2004; Cabalar et al., 2018; Kwon et al., 2019; Lee et al., 2023b; Sorze et al., 2023b). Organic 

polymers, on the other hand, offer a sustainable alternative for soil treatment and can foster soil 

microorganisms and enhance soil structure (Thakur et al., 2023). Cellulosic material, for example, is 

known for its high absorption properties (El-Saied et al., 2004; Pan and Ragauskas, 2012; Sorze et al., 

2023b) and is easily accessible. Hydrogels made of organic material are reported to retain up to 100 % 

more water than untreated soil even after 5th day of irrigation (Yangyuoru et al., 2009). A significant 
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increase in water retention properties of soil treated by hydrogel made from lignocellulosic waste was 

reported by (El-Saied et al., 2004).  

Another example of organic polymer is Xanthan Gum (XG), which is a natural polysaccharide produced 

by fermentation process that increases material’s viscosity and shear stability even at low concentrations 

(Tran et al., 2018; Cabalar et al., 2018; Kwon et al., 2019). Addition of XG into the soil has been 

extensively reported in the literature in recent years exhibiting promising results. Due to a significant 

reduction in its market price has become one of the most investigated biopolymers in geotechnical 

engineering (Mendonça et al., 2020; Oliveira and Reis, 2023). Compared to other biopolymers, XG 

demonstrates superior improvements of soil in terms of strength properties, erosion resistance and 

reduction of hydraulic conductivity along with increased vegetation (Tran et al., 2018; Cabalar et al., 

2018; Kwon et al., 2019; Soldo and Miletić, 2019; Lee et al., 2023b).  

However, promising results of XG treated soils in partially saturated state are accompanied by the fact 

that XG is extremely sensitive to presence of water, which transforms high strength polymeric network 

to a weak gel-like material (Chen et al., 2020; Lee et al., 2023a), inherently affecting the soil strength 

and stability.  

Within European project ONEforest, new types of SCs were developed Cellulose fillers were added to 

the XG to enhance and optimize the performance of XG in terms of hydraulic properties and structural 

stability (Sorze et al., 2023a, 2023b). The main objective of our research was the assessment of the 

influence of newly developed SCs on the soil properties with the focus on the length of cellulose fillers 

in the SCs. Investigations were performed on mixtures of Slovenian forest soil and three types of SCs. 

The influence of the SCs type and the dosage of SCs on drained shear strength of treated soil was 

assessed. Using falling head permeameter, saturated hydraulic conductivity was measured. Comparison 

between water absorption capacity of untreated soil and mixtures was made. Water retention 

characteristics were determined for untreated soil and mixtures over a wide suction range. 

2. MATERIALS AND METHODS

For the research, the forest soil from Ljubelj area in the Alpine region of Slovenia was used, which was 

one of the case study sites within ONEforest project (CESEFOR, 2021). A soil sample was taken from 

a layer beneath the fresh organic layer, approximately 10 cm below the surface. Despite the depth of 

sampling, the soil sample contained a minimal amount of partially decomposed organic matter.  All 

visible undegraded organic material, such as leaves and needles, was removed before laboratory 

investigations. Sample of Ljubelj soil at natural water content is shown in Figure 8 (left picture). 

Three types of SCs were used for the investigation, i.e., Arbocell R (SC_R), Cellugrün (SC_CG) and 

ZZC500 (SC_ZZC). All are based on XG with different types and amounts of fillers with diverse fibre 

lengths. SC_R has the highest cellulose content (>99 %) and shortest fibres (200-300 µm), while SC_CG 

and SC_ZZC has the same cellulose content (80 %) and fibres with length of 1400 µm and 400 µm, 

respectively. The appearance of the SCs is shown in Figure 8 in dry (left half of the picture) and wet 

state (right half of the picture). It is evident that the addition of water extremely alters the texture of SCs 

resulting in hydrogel-like paste with significantly increased volume due to swelling.  

More information about the SCs and their development can be found in (Sorze et al., 2023a, 2023b).  

Laboratory tests were performed on untreated soil and mixtures of soil and SCs according to the test 

program as shown in Table 4, where list of executed investigations and corresponding standards and 

methods are reported. In mixtures, the soil conditioner SC_R was used in low (L) and high (H) dosage 

with 0.4 % and 1.7 % of SC per dry soil weight, respectively, while soil conditioners SC_CG and 

SC_ZZC were used only in high (H) dosage of 1.7 %. 
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Figure 8. Sample of Ljubelj soil (picture on the left) and three types of soil conditioners in dry and wet state 

(three pictures on the right) 

Table 4. Laboratory investigations, associated standard and investigation plan 

Parameter Standard/Method Soil Mixtures 

(gravimetric) water content EN ISO 17892-1 / Tdrying = 45°C ✓ ✓ 

sieving analysis EN ISO 17892-4 ✓ ✕ 

particle density EN ISO 17892-3 ✓ ✕ 

water absorption DIN 18132 / Enslin-Neff – 1.0 g ✓ ✓ 

shear strength – direct shear test EN ISO 17892-10 / 60-60-20 mm ✓ ✓ 

liquid limit, plastic limit EN ISO 17892-12 ✓ ✕ 

soil suction (SWRC) ASTM D6836, manufacturer's instructions ✓ ✓ 

hydraulic conductivity EN ISO 17892-11 / falling head ✓ ✓ 

Prior to measurements of water absorption, the soil was dried until constant mass. Dry soil and SCs were 

separately grinded and sieved through 0.355 mm sieve and then mixed together. 1.0 g of specimen were 

used for Enslin-Neff absorption test. For other tests, the mixtures were prepared by mixing the soil at 

natural water content and dry soil conditioners.  

For the direct shear (DS) test, the specimens of soil and mixtures were compacted into the mold at dry 

density of approx. 1.5 g/cm3. To achieve full saturation of the specimen, the assembly was submerged 

under water before consolidation stage. For the mixtures, the swelling took place for at least 24 hours. 

Afterwards, the specimens were consolidated gradually until final effective vertical stresses (50 kPa, 

100 kPa and 150 kPa) were achieved. The specimens remained submerged also during shearing stage. 

Shearing rate was set at 0.002 mm/min. To prove the repeatability of the DS test, two repetitions were 

carried out for mixtures with the addition of SC_R H and SC_ZZC H. 

Specimens for measurements of saturated hydraulic conductivity in oedometer cell, were prepared in a 

similar manner, with swelling stage at the beginning of the test with 4.5 kPa of vertical load. Hydraulic 

conductivity k was measured at the end of consolidation process at two vertical loading stages, i.e., 25 

kPa and 50 kPa. 

Water retention curves for soil and mixtures (SWRC) were determined using two devices:  

- Hyprop was used for measurements of matric suction below approx. 100 kPa with evaporation 

method (Peters and Durner, 2008). The specimens of soil and mixtures were assembled into the 

sampling ring with diameter and height of 8 cm and 5 cm, respectively, at density of approx. 

1.5 g/cm3. Specimens were immersed in water to their 4/5 height until saturation higher than 90 

% was achieved. Due to considerable swelling, vertical deformations were reduced by porous 

discs on upper and lower surface of the specimen and with the 10 kPa weight on top of the 

specimen during saturation process. After saturation, two Hyprop tensiometers were installed 

in pre-drilled boreholes within the specimen. Prepared specimen was placed on a balance and 

measurements were started. To ensure quasi constant hydraulic conditions within the sample, 

water evaporation rate was slowed down by covering specimens with perforated plastic bag. It 

was assumed that decrease in mass of the specimen corresponds to the amount of evaporated 

water thus potential degradation during the investigation, which lasted at least 1 month, wasn’t 

considered.  

- Dew point potentiometer WP4-T was used for suctions higher than 100 kPa. (WP4 Operator’s 

manual, 2003; Maček et al., 2013). For the sample preparation, the water was gradually added 

to the mixtures, so the sample was wetted near full saturation state. Approximately 5 g of the 
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mixture was placed into dedicated plastic container for suction measurements of the specimen 

in saturated state. Remaining mixture was gradually air dried until required water content was 

reached. Before each measurement, the containers were airtight sealed for at least 24 h in order 

to provide uniform water content distribution throughout the specimens.  

The dry mass of all specimens was determined after suction measurements by drying in an oven at 

45 °C. 

3. RESULTS

3.1. Index properties of soil 

Natural water content w0, liquid limit wL and plasticity index IP of the Ljubelj soil was 43 %, 67 % and 

26 %, respectively and particle density was 2.52 g/cm3. Investigated soil was fine grained and contains 

83 % fines (< 0.063 mm), while the maximum particle diameter was 8 mm. According to the USCS 

classification the Ljubelj soil was classified as elastic silt with sand. 

3.2. Water absorption 

While the water absorption tests on untreated soil were finished within 1 h, the addition of the SCs into 

the soil resulted in prolongation of the tests. The tests on mixtures were carried out for at least 48 h to 

ensure that full capacity of the SCs was exploited. For each specimen 2 to 4 test repetitions were 

performed and average values were considered. In Figure 9, the water absorption capacities after 24 h 

(wA,24 h) and maximal water absorption capacities (wA,max) are shown. The addition of high dosage of 

SCs notably increased water absorption capacity of Ljubelj soil. After 24 h, the highest impact had the 

SC_R H, while the overall highest increase in water absorption was achieved by mixture with SC_CG. 

The dosage of the SCs played an important role in increasing water absorption capacity of the soil, as 

can be seen from Figure 9, while the impact of the SC type was not as considerable.  

Figure 9. Water absorption capacity for Ljubelj soil and mixtures 

3.3. Drained shear strength 

The results of direct shear tests carried out on saturated untreated soil and mixtures are shown in Table 

5. In order to exclude the influence of inhomogeneities in the prepared mixtures, the tests of S+SC_R H

and S+SC_ZZC H were performed with two independent replicates, labelled 1 and 2 in Table 5. The 

obtained results demonstrate satisfactory repeatability in the direct shear tests. 

The addition of SCs generally reduced the drained shear strength of saturated specimens. The friction 

angle φ’ was lower for all mixtures compared to the untreated soil. With a low dosage of SC_R, the 

decrease in the friction angle was slightly lower than with a high dosage of SC_R. Among the mixtures 

with a high dosage of SC, the highest friction angle was achieved by SC with the longest fibre length, 
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i.e., SC_CG, which also had the lowest effective cohesion c’. Interestingly, the low dosage of SC_R

resulted in a considerably higher cohesion compared to untreated soil and mixtures with high dosage of 

SC. 

Table 5. The results of direct shear tests: effective cohesion c’ and effective friction angle φ’ of the untreated soil 

and of the mixtures in saturated state 

Specimen c’ (kPa) φ’ (°) 

Untreated soil – S 4.4 33.5 

S + SC_R L 11.0 27.0 

S + SC_R H – 1 4.0 26.0 

S + SC_R H – 2 7.7 25.0 

S + SC_CG H 1.6 26.5 

S+SC_ZZC H – 1 4.7 24.0 

S+SC_ZZC H – 2 5.9 24.0 

3.4. Saturated hydraulic conductivity 

For each specimen, at least 2 replicates were performed at each loading stage. As the results of the first 

and subsequent measurements were similar, the average values of the hydraulic conductivity, k10°C, are 

shown in Figure 10 together with the corresponding void ratio. It is evident that SCs reduce the hydraulic 

conductivity and that the influence of a low dosage of SC_R was considerably lower compared to a high 

dosage of SC_R. 

Among the mixtures with high dosage, the specimens with SC_CG show the highest values of k10°C at 

comparable void ratios. This could be an indication of the influence of the filler properties. The results 

also show that the hydraulic conductivity of soil and mixtures depends on the void ratio as expected.  

In the literature, similar findings were reported, indicating that the addition of 1 % of XG reduced 

hydraulic conductivity from 1.42*10-7 m/s for untreated soil to 4.46*10-10 m/s for treated silty clay 

(Anandha Kumar and Sujatha, 2022). The decrease in hydraulic conductivity can be attributed to the 

inherent rheology modification tendency of XG hydrogels. They elevate the viscosity of the soil pore 

water and obstruct capillary spaces due to their high viscosity. Consequently, this impedes the free 

movement of water within the soil pore space (Singh and Das, 2020). 

Figure 10. Hydraulic conductivity of untreated soil and mixtures 

3.5. Soil water retention curve (SWRC) 

Figure 11 shows SWRCs of the untreated soil and mixtures measured by Hyprop (solid line) and WP4-

T (scatter plots). The highest (initial) water content of the mixtures was higher than of untreated soil and 

in the case of SC_R rises with increasing dosage. The lowest measured suctions were between 0.6 kPa 

(soil) and 9 kPa (S + SC_R H) and reflect initial saturation of specimens. The presence of SCs leads to 

pore clogging in soils treated with XG-based SCs. This resulted in a prolonged equilibrium time required 

for the saturation of specimens prior to the tests. Due to difficulties in the saturation process of specimens 

from mixtures, tests were started when at least 90 % (in most cases 95 %) of initial saturation was 
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achieved. In comparison to untreated soil, specimens from mixtures with a high dosage of SC (1.7 %) 

exhibit an initial water content that is 16 % to 34 % higher. These findings align with those reported by 

(Wang et al., 2023; Zhang et al., 2023). (Wang et al., 2023) observed a 1.3-fold increase in initial water 

content for silty soil treated with 1% XG, while (Zhang et al., 2023) noted a 1.2-fold increase for sandy 

soil treated with 2% XG. 

SWRCs indicate that, at high suction (> 2000 kPa), there was no notable difference in the water retention 

capacity between mixtures and untreated soil. In the low suction range (< 100 kPa), the water retention 

capacity of mixtures was higher than that of the untreated soil. In the medium suction range (100 kPa – 

2000 kPa), the scatter of the results was similar for mixtures and soil. The observed scatter could be a 

consequence of WP4-T device accuracy, which is declared to be ± 10 kPa for the suctions below 1000 

kPa and/or reflect the influence of SCs. Higher efficacy of XG in low suction ranges has been confirmed 

also by previous studies. (Wang et al., 2023) found out that the improvement in water retention of silty 

soil was the highest in the suctions up to 100 kPa, while at suctions higher than 10000 kPa, the effect of 

XG was negligible. 

The observed differences in the position of SWRCs of mixtures in the range of suction up to 100 kPa 

indicate the influence of the SC type. The SWRCs of the mixtures with high dosage of SC_R and 

SC_ZZC are the highest, while the mixture with high dosage of SC_CG is close to the SWRC of the 

mixture with low dosage of SC_R. As shown in Figure 11, two independent investigations were 

performed to determine the SWRC for the mixture with SC_R H, which is depicted in detail within the 

black rectangle in Figure 11. Although the mixtures were prepared in two replicates and tests were 

performed with different tensiometers and Hyprop devices, the results are in good agreement.   

Figure 11. SWRC for untreated soil and mixtures 

4. CONCLUSIONS

The study investigated the influence of newly developed XG based SCs on the drained shear strength 

and hydraulic properties of forest soil from the Alpine region of Slovenia. The SCs differ from each 

other in the properties of the fillers within the XG matrix.  

The study acknowledged the importance of the type of SC, especially in relation to the length of the 

cellulose fibers. The main conclusions can be summarized as follows: 

- In saturated conditions, the effective cohesion and friction angle of mixtures decreased 

compared to untreated soil, except for the low dosage of SC_R, whose mixture had higher 

effective cohesion than untreated soil. Among the high dosage mixtures, SC_CG with the 

longest fibers showed the highest effective friction angle. It has been shown that dosage of the 

SCs is more important than type of the SC. 
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- The addition of a high dosage of SCs strongly increased the water absorption capacity compared 

to untreated soil. The low dosage mixture had a comparable water absorption capacity to 

untreated soil. 

- Due to the gel-like texture of the SCs in wet state, their addition to the soil resulted in a decrease 

in saturated hydraulic conductivity. The decrease was greater in mixtures with high dosage of 

SC_R than with low dosage. The mixture with SC_CG exhibited in the highest hydraulic 

conductivity among the high dosage mixtures.  

- The water retention ability was notably increased by the addition of all types of SCs in the range 

of low suctions (< 100 kPa). The increase depends on the amount of SC added. In the case of a 

high dosage of SCs, the SWRC of the mixture with SC_CG H was lower than the SWRC of the 

other high dosage mixtures. 

The results confirmed the influence of SC dosage on the drained shear strength and the hydraulic 

properties of the soils. The impact of SC_CG slightly differed from SC_R and SC_ZZC at the same 

dosages, indicating the importance of cellulose fiber length. 

The authenticity of the results was confirmed by a repeatability check for all investigations. However, 

it should be noted, that the type of soil treated may also be a crucial factor in validating the influence of 

SC on drained shear strength and hydraulic properties.  
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ABSTRACT 

Caisson foundations are typically designed against combined loading since they are usually adopted for 

long-span bridges and viaducts. Their capacity can be usefully expressed in terms of Interaction 

Diagrams (IDs), which represent the locus of the generalised forces (N-Q-M) bringing the soil-caisson 

system to limit conditions. Caisson IDs have been recently proposed for static conditions only, meaning 

that the limit generalised forces were computed assuming no inertial forces acting within the foundation 

soils. However, it is worth investigating whether these inertial forces may bring to a reduction of the 

system resistance, what is usually referred to as kinematic effect. 

In this paper, the kinematic effects on the IDs for caisson foundations are assessed from the results of a 

parametric study, where 3D Finite Element pushover analyses were performed. A pseudo-static 

approach was followed, which implies that the inertial forces within the soil deposit were proportional 

to the self-weight of the soil via the seismic coefficient, kh, which was assumed as constant and uniform 

over the calculation. The parametric study involved different caisson slenderness ratios, H/D, and initial 

loading factors, , the latter representing the degree of mobilisation of the soil-caisson strength against 

vertical loading before the earthquake: nonetheless, here only the results obtained with the values 

H/D = 1 and  = 0.21 are discussed, for the sake of space. 

An analytical formulation of the IDs taking kinematic effects into account is finally provided, which 

may be adopted in the seismic design of caisson foundations. 

KEYWORDS 

Caisson foundation; Interaction Diagram; Kinematic effects; Pseudo-Static approach. 

1. INTRODUCTION

Massive and rigid onshore caisson foundations are becoming increasingly popular over the years, due 

to the increasing span length of bridges and viaducts. Under these circumstances, loading conditions are 

becoming increasingly challenging indeed, due to the increase of inclination and eccentricity of loads 

acting atop the foundation. At the same time, safety requirements are getting stricter, particularly in the 

seismic design of Critical Infrastructures (CIs), which may be attributed to the higher level of 

performance needed to ensure their operation during and after the occurrence of destructive earthquakes. 

From the foregoing it follows that the bearing capacity of soil-caisson systems is to be estimated 

carefully. Therefore, their resistance has increasingly been evaluated via Interaction Diagrams (IDs), 

which represent the locus of the generalised forces (N-Q-M) bringing the soil-caisson system to limit 

conditions. In seismic-prone areas, the detrimental effect of the inertial forces acting within the soil 

deposit, usually referred to as kinematic effects, should be considered in the design of caisson 

foundations. However, caisson IDs have only been proposed for static conditions so far (Gerolymos et 

al., 2015; Zafeirakos and Gerolymos, 2016; Rosati et al., 2023). 
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In this paper, the kinematic effects on caisson IDs are first evaluated from the results of 3D pushover 

analyses performed with the Finite Element (FE) method. In the analyses, a pseudo-static approach was 

followed to simulate the inertial forces acting within the soil deposit. The results obtained for a 

slenderness ratio H/D = 1 and an initial loading factor  = 0.21 are only discussed in this paper, for the 

sake of space, despite additional values were also considered in the parametric study, such as H/D = 0.5 

and 2 and  = 0, 0.42. An analytical formulation of the IDs taking kinematic effects into account is finally 

given. 

2. PROBLEM LAYOUT

The problem layout is given in Fig. 1: a caisson with a diameter D equal to its height H (= 12 m, 

H/D = 1), is embedded in a 5-m-thick gravelly sand layer over a 55-m-thick, slightly overconsolidated, 

silty clay stratum. The water table is located at the sand-clay contact and the pore pressure regime is 

hydrostatic. The Load Reference Point (LRP) was assumed at the caisson centroid, whereto the 

generalised forces N-Q-M, and displacements w, u and , are referred hereafter. 

Fig. 1 also shows the profiles adopted in the Finite Element (FE) analyses both for the 

OverConsolidation Ratio, OCR, and the small-strain shear modulus, G0, the latter calibrated against the 

theoretical profile proposed by Hardin and Richart (1963) for the gravelly sand layer (relative density 

DR = 60%) and Rampello et al. (1995) for the silty clay (plasticity index PI = 25%). The mechanical 

parameters adopted in the analyses are given in Tab. 1, where  is the unit weight,  is the Poisson ratio, 

c' and ' are the effective cohesion and internal friction angle, and  is the dilatancy angle. 

Table 1. Soil mechanical parameters 

soil  (kN/m3)  (-) c' (kPa) ' (°)  

sand 20 0.2 0 30 0 

clay 20 0.2 20 23 0 

Figure 1. Problem layout 

3. 3D FINITE ELEMENT MODELLING

The 3D FE mesh in Fig. 2 consists of 95500 10-node tetrahedral elements with 4 Gauss points (Bentley, 

2021): this numerical domain was adopted to perform the pushover (i.e., static nonlinear) analyses 

bringing the soil-caisson systems to limit conditions, as detailed below. Since the generalised forces 

applied to the caisson belong to the x-z plane, only half of the domain was considered. The bottom of 

the numerical model was fixed both against horizontal and vertical displacements (ux = uy = uz = 0), 

whereas the horizontal displacements only were fixed along the vertical boundaries (either ux = 0 or 

uy = 0); the ground surface was left free to move. Preliminary analyses ensured that the presence of the 

outer boundaries did not alter the response of the soil-caisson systems (Gaudio et al., 2024). 
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The clay stratum was subdivided into fifteen sublayers to reproduce the analytical profiles of OCR, 

which provided the stepwise profile plotted in Fig. 1. The mechanical soil behaviour was described with 

the Hardening Soil with Small-Strain stiffness model (HSsmall; Benz et al., 2009) and a Mohr-Coulomb 

failure criterion (Tab. 2).  

Table 2. HSsmall parameters 

soil G0
ref (MPa) m (-) 0.7 (%) E′ur

ref (MPa) ur (-) E′50
ref(MPa) E′oed

ref (MPa) 

sand 145.7 0.61 0.024 174.9 0.2 58.3 58.3 

clay 65.7 0.75 0.045 58.2 0.2 19.4 19.4 

The mechanical behaviour of the caisson foundation was simulated with a non-porous elastic material, 

characterised by the concrete Young modulus, Ec = 30 GPa, and a Poisson ratio c = 0.15, while its 

weight was reproduced via a vertical force applied atop the caisson rather than with imposing the unit 

weight, in order not to induce any pseudo-static force into the caisson. Purely attritive interface elements 

were assigned to the soil-caisson contact to simulate any relative sliding, with a reduced friction angle, 

 = tan-1[2/3·tan'].

Figure 2. 3D FE model adopted in the parametric study 

In the parametric study, the wished-in-place caisson was first subjected, in drained conditions, to a 

vertical load N. The value of N was determined to provide specific values of the initial loading factor, 

here defined as the inverse of the static safety factor under vertical loading only,  = 1/FSv. Then, the 

entire numerical domain which had been previously assigned a unit weight (i.e., the soil deposit) was 

subjected to a field of uniform horizontal body forces, proportional to the pseudo-static coefficient kh: 

in this phase, undrained conditions were adopted, to mimic what typically observed during seismic 

shaking for soil deposits such as the one at hand. Finally, a horizontal force Q and a moment M were 

applied to the caisson until limit conditions were reached, by keeping the pseudo-static coefficient kh 

on. The generalised loads were applied with a ratio G = MG/QG, where the subscript G indicates that 

the generalised forces were referred to the caisson centroid (LRP). 

The ID obtained for the specific case H/D = 1,  = 0.21, and kh = -0.2, is plotted in Fig. 3a (sign 

convention for kh is also provided in the Figure). The ID was computed considering two distinct criteria 

to detect the ultimate conditions of the soil-caisson system, such as the proper triggering of bearing 

capacity under inclined and eccentric loading conditions (plateau in the legend) and the attainment of a 

global stiffness K equal to 1% of the unstressed, initial stiffness, K0, as first proposed by Zafeirakos and 

Gerolymos (2016). Both criteria are defined based on the non-dimensional pushover curve 𝐹̅-𝑢̅, where 

𝐹̅ and 𝑢̅ are: 

𝐹̅ = √𝜉2 + 𝜇2;  𝑢̅ = √(
𝑢𝐺

𝐷
)

2
+ 𝜃2 (1) 
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where  and  are the non-dimensional horizontal force and moment, respectively, defined as 

𝜉 =
𝑄

𝑁𝑙𝑖𝑚,𝑛𝑒𝑡
;  𝜇 =

𝑀

𝐷∙𝑁𝑙𝑖𝑚,𝑛𝑒𝑡
(2) 

with Nlim, net being the limit vertical load computed in drained conditions, while uG and  are the caisson 

horizontal displacement and rotation at the caisson centroid, respectively. 

The pushover curve obtained for the specific value G = -6 m is plotted in Fig. 3b, whose plateau is 

reached for excessive caisson displacements. Hence, the ultimate conditions along this pushover curve 

were detected imposing the criterion K/K0 = 1 %, where K = ∆𝐹̅ ∆𝑢̅⁄ . The remarkable outcome 

stemming from the comparison of the IDs computed with the two criteria is that they are homothetic, 

which implies that the tangent criterion can be adopted as a displacement-based criterion for detecting 

ultimate conditions for caisson foundations. 

Figure 3. (a) ID from different criteria; (b) dimensionless pushover curve obtained for G = -6 m 

4. KINEMATIC EFFECTS

The kinematic effects obtained for the specific case of a caisson with H/D = 1 subjected to an initial 

loading factor  = 0.21 are represented in Fig. 4, for all values of the horizontal seismic coefficient kh 

considered in the parametric study (0, ± 0.10, ± 0.15, and ± 0.20), representative of a small-to-medium 

intensity seismic events. The IDs are plotted through dimensional (Fig. 4a) and non-dimensional 

(Fig. 4b) representations, where the former exhibits the influence of kh on the ID size, whereas the latter 

reveals the role of kinematic effects on the ID shape (Qu and Mu represent the limit values of Q and M 

when the other component is null: Qu = Q(M = 0) and Mu = M(Q = 0)). 

It is apparent that the ID size (Fig. 4a) is influenced by the seismic coefficient kh, with an ID shrinkage 

for kh < 0, which can be ascribed to the soil inertial forces acting along the same direction as Q. Indeed, 

these forces add to the load already coming from the superstructure, whereas the opposite is observed 

for kh > 0, where the inertial forces counteract Q. This holds true particularly in the fourth quadrant, 

where the overstrength of the soil-caisson system is exhibited, whereas the limit overturning moment is 

almost insensitive to kh. Similarly, the ID shape turned out not to be affected by the kinematic effects 
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(Fig. 4b), which would strongly simplify the analytical derivation of caisson IDs for seismic conditions, 

as shown in the following.  

Figure 4. Kinematic effects on the ID: (a) size; (b) shape (H/D = 1,  = 0.21) 

5. ANALYTICAL RELATIONSHIPS FOR IDS ACCOUNTING FOR THE KINEMATIC EFFECTS

The numerical results were fitted in the non-dimensional space -- by adopting the following implicit 

functional form to describe the 3D surface, after Butterfield and Gottardi (1994): 

(
cos2 𝜔

𝑎𝜉
2 +

sin2 𝜔

𝑎𝜇
2 ) 𝜉2 + (

sin2 𝜔

𝑎𝜉
2 +

cos2 𝜔

𝑎𝜇
2 ) 𝜇2 + sin 2𝜔 (

1

𝑎𝜉
2 −

1

𝑎𝜇
2 ) 𝜉𝜇 = 1 (3)

where a and a are the semi-axes of the ellipse in the - plane and  is its counterclockwise angle of 

inclination measured starting from the  axis. These geometrical parameters express the 3D surface 

enclosing the dependency of both the ID size and shape on the slenderness ratio, H/D, the initial loading 

factor, , and the horizontal seismic coefficient, kh. For the sake of brevity, the relevant functional forms 

are not reported here, but the values attained for the specific cases under consideration are reported 

instead (H/D = 1,  = 0.21), namely a = 0.142, a = 0.047 and  = -15.082° for kh = + 0.2 and 

a = 0.110, a = 0.045, and  = -19.518° for kh = -0.2. The comparison between the FE and the 

analytical ID is given in Fig. 5, where the static ID (kh = 0) is also plotted: the ID expansion and 

shrinkage with respect to the static conditions is well reproduced. More details on this are discussed in 

Gaudio et al. (2024). 

6. CONCLUDING REMARKS

In this paper, IDs for caisson foundations were computed from an extensive parametric study where 3D 

FE pushover analyses were conducted in undrained conditions, until limit conditions were attained for 

the soil-caisson system. In the analyses, the inertia forces developing into the soil deposit during seismic 

shakings were simulated following a pseudo-static approach, thus being proportional to the unit weight 

of the soil through the seismic coefficient kh. A general, displacement-based criterion to detect the limit 

load was adopted, which consisted in a reduction of the global soil-caisson stiffness up to 1% of the 

unstressed one. The results of the parametric study clearly showed that kinematic effects may 

significantly alter the ID size with respect to the reference static conditions (kh = 0), making the ID 

expand or shrink, while almost keeping the static ID shape. Analytical equations were finally proposed 

for a preliminary design of caisson foundations under seismic shaking, enclosing kinematic effects. 
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Figure 5. FE and analytical IDs computed for H/D =1,  = 0.21, and kh = 0, ± 0.2 
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ABSTRACT 

Unlike most hydraulic structures, quays withstand high, bidirectional, and highly changing gradients. 

Thus, since discontinuities (joints in the former and gaps in the latter) are unavoidable when quays are 

engineered as concrete diaphragm walls or alignments of caissons, the backfilling soil in their vicinity 

is likely to be flushed out due to poor conditions of the joints at the wall face or of the sealing grout at 

the gaps. Soil loss may progress backward, causing eventually sinkholes on the yard pavement near the 

capping beam. The presence of unmapped growing cavities or “chimneys” beneath the pavement is even 

more hazardous for operating vehicles. The Laboratory for Geotechnics (Laboratoria de Geotecnia) 

(LG) at CEDEX devised the so-called “sand tell-tales”: they consist of vertical short pipes (~ 1m long) 

refillable with clean medium-size sand, located halfway in potential erosion pathways, which initiate 

start near discontinuities. This new device allows for measurement of the loss of soil produced by 

previous inspection, in view of detecting incipient cavities. The combined analysis of all of them along 

the quay alignment leads to an overall assessment of the infrastructure. The purpose of this publication 

is to review the most important points of this elementary and innovative monitoring system. 

KEYWORDS 

Backfill Soil Loss; Sand Tell-Tale Device; Automated Ad Hoc Device; Quay Maintenance. 

1. INTRODUCTION

As a part of the commission launched by Puertos del Estado for technical assistance, applied research 

and technological development in the scope of the state-owned port system, the Laboratory for 

Geotechnics (Laboratoria de Geotecnia) (LG) at CEDEX is involved, among other issues, in the 

detection of incipient cavities in a quay with a 750 m berthing line, which came into service in 2005. 

For more than a decade, the corresponding Port Authority has periodically recorded the sudden episodes 

of metric sinkholes on the pavement near the cantilever beam, even though repair work has been carried 

out in the past. However, as a result of increased activity on the quayside in recent years, the occurrence 

of sinkholes has worsened. 

The presence of unmapped growing cavities or “chimneys” occur suddenly because of a gradual process 

of upward washing of soil due to, firstly, poor conditions of the joints at the wall face or of the sealing 

grout at the gaps; and, secondly, to the high, bidirectional, and highly changing gradients withstand by 

the quays. 

Since discontinuities (joints in the former and gaps in the latter) are unavoidable when quays are 

engineered as concrete diaphragm walls or alignments of caissons, it is important to have a simple tell-

tale device for early detecting loss of backfill soil. In this way, it would be possible to warn the 
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occurrence of such unmapped growth cavities under the pavement and mitigate the operational hazard 

of working near the cantilever beam. 

2. DESCRIPTION OF STUDIED QUAY

The structure of the studied quay is a 32 m long buttressed diaphragm wall of reinforced concrete, 

embedded in the seabed, leaving a berthing depth at -13 m. The diaphragm wall, built inland on an 

auxiliary approach embankment, consists of a series of "T-shaped" modules. The "T’s" are 3 m wide 

and long and 0.6 m thick. These elements are anchored to a conventional passive concrete diaphragm 

wall (0.8 m thick) by means of two steel tie bars every module. The passive diaphragm wall also serves 

as a foundation for the rear crane rail for containers. The general cross section is depicted in the figure 

presented below. The edge beam has a service gallery and two front crane rails. 

Figure 1. Cross-section of studied quay. 

3. WORKS PERFORMED BY THE LABORATORIO DE GEOTECNIA AT CEDEX

To date, the LG at CEDEX has been in charge of completing a series of different tasks when 

collaborating with the corresponding Port Authority. Among them, gathering and analysing profuse 

historical documentation, during construction and subsequent reparation works, could be mentioned. 

Aditionally, the inspection of quays, using the Multichannel Analysis of Surface Waves (MASW) 

technique, geo-radar and the Panda penetration equipment (with its own staff) has also been a task 

performed. 

Seeking for the prevention of the occurrence of backfill soil loss, the LG at CEDEX considered an 

essential task to detect incipient cavities. The main reason for this is that if cavities are not detected in 

time, water erosion can gradually conduct to backfill soil loss, producing the collapse of the 

corresponding zone of the quay (Figure 2), which could involve accidents with circulating vehicles. In 

this context, the LG at CEDEX was in charge of overseeing the “sand tell-tales” (refillable vertical pipes 

with medium-size sand where the loss of soil is measured), providing global assessment, together with 

previous inspection carried out by private companies, and, finally, a proposal for a specific inspection 

programme, both from surface and underwater. The following figure shows the erosion mechanism next 

to the edge beam. 
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Figure 2. Erosion mechanism next to the edge beam. 

4. SAND TELL-TALES DEVICES

4.1. Description 

To deal with the sudden appearance of these sinkholes, in order to anticipate repair work and focus 

human and material resources on the most hazardous points along the 750 m berthing line of the quay, 

the LG at CEDEX designed the so-called “sand tell-tales” devices. 

As it is shown in Figure 3, the sand tell-tale devices developed consist of short vertical tubes ~1 m long 

and 4'' in diameter, refillable with clean medium-size sand, located halfway in potential erosion 

pathways, which are triggered in zones near discontinuities. Specifically, they are placed every 6 m on 

the pavement of the backside, at a distance of around 50 cm from capping beam (coinciding with a joint 

of the wall face in cross-section). 

Figure 3. Detail of "T-shaped" modules of buttressed diaphragm wall and sand tell-tales devices in 

view of detecting incipient cavities. 
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The newly developed device allows the measurement of the loss of soil produced by consecutive 

inspections (two or three times a month), with the aim of detecting incipient cavities. The combined 

analysis of them all along the quay alignment leads to an overall assessment of the infrastructure. Details 

of a sand tell-tales device are shown in Figure 4. 

Figure 4. Details of a sand tell-tales device. 

4.2. Weaknesses and strengths of this ad hoc site investigation 

Although the system is highly regarded for its utility, it falls upon conscientious workers to report soil 

erosion several times a month, the physical phenomenon of washing soil through the open joints occurs 

suddenly, and sometimes even faster than the time it takes to collect, store, process the data obtained 

into sand tell-tales devices and to make decisions. Consequently, it is very difficult to anticipate the 

repair works before the sinkhole occurs. 

Motivated by the weaknesses observed in the ad hoc site investigation system designed, two 

improvements were implemented. On the one hand, a web form was designed and implemented 

associated with each sand tell-tales device and accessible via a QR code, thus facilitating the task of 

reading and automatically storing the data in real time, as well as its subsequent processing, analysis 

and graph export of the results and trends, minimising the time interval between data acquisition and 

decision-making (Figure 5). 

Figure 5. App web accessible via-QR code. 

On the other hand, due to the impossibility of carrying out very frequent data acquisition due to the 

existing human resources and the high activity level in the quay, this system will be complemented with 

the introduction of microprocessors with low-cost sensors in the most critical sand tell-tales devices 

(Figure 6). In this way, it will be possible to provide continuous records of the soil loss by Time of Flight 

(ToF) technology. 
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Figure 6. Sand tell-tales automatic devices. 

The final product will allow the implementation of an early warning system on any mobile device of the 

Port Authority (Figure 7). 

Figure 7. Real-time decision-taking tool. 

5. CONCLUSIONS

Puertos del Estado is constantly recording the occurrence of sinkholes in quays belonging to different 

Ports along Spain, being this a common produced abnormality. Despite this fact, during the past few 

years, these type of irregularities have become more and more frequent, due to the increase produced in 

the activity developed in the quays. Considering that the occurrence of sinkholes could be prevented, it 

is of great importance their early detection, and further automatic treatment. In this context, the main 

objective of the presented research is to minimize the time between data collection in the field, its 

analysis and processing by a third party, and the decision-making by the infrastructure manager. 

Bearing in mind which the main problematic was, an automated ad hoc device was proposed. The 

mentioned equipment consisted of two main parts. The first one, a sand tell-tale gadget, representing 

this the element in charge of indicating the occurrence of the backfill soil loss, provided of low-cost 

microprocessors, constantly recording lectures. The second part, consisted of a web form, which could 

be accessed through a QR code characterizing each sand tell-tale, in charge of showing the real-time 

data stored by the mentioned microprocessor. 
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The automated developed equipment has shown to be an all-in-all low-cost solution for preventing 

unmapped growing cavities in the port quays pavement, avoiding in this way, possible accidents. This 

fact is supported by the idea that the data acquisition is made in real time, being possible not only to get 

direct access to it with just having a mobile device, but also to make an instantaneous analysis of the 

results and consequent decision-making on how to proceed if needed. 
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ABSTRACT 

In the recent years a complex soil modelling has been already established in the engineering practice. 

New constitutive models represent non-linear soil behaviour but require many soil parameters. Some 

of these soil parameters can be determined with classically laboratory method. Nevertheless there 

are also specific ones such as maximum shear modulus (G0), shear wave velocity (vs), reference 

shear strain parameter (γ0.7) which needs specific methods for determination. Cross hole seismic, 

down hole seismic and geophysical methods are in-situ tests that are dependent on the 

availability of personnel, equipment and atmospheric conditions. They are very expensive and 

are not appropriate for soil investigation of residential buildings. In laboratory these specific 

parameters can be obtained by triaxial bender test and resonant column, but they are not 

widespread, and require technological time. In most cases the price is also the driving force. 

Тhe increasing use of complicated computer methods, impose the search for methods that can easily, 

directly and cheaply obtain the specific parameters, listed above. This article summarizes most used 

and known laboratory and in-situ methods. They are compared by price, duration, equipment, 

atmospheric conditions. The article also focuses on describing of alternative methods that offer 

easier determination of the specific parameters or obtain sufficient information for their indirect 

determination in laboratory conditions with the use of standard soil testing equipment.   

KEYWORDS 

Initial Shear Modulus; Maximal Shear Modulus; Small Strain Stiffness; Laboratory Tests 

1. INTRODUCTION

With the development of computer technologies in engineering practice (Tsvetkova and Kerenchev, 

2020), more complex constitutive model, such as Hardening soil model, Hardening soil model with 

small strain stiffness (Obrzud and Truty, 2018; Mihova and Tanev, 2015) and etc., become usable. These 

models determine the nonlinear soil behaviour and take into account the soil stiffness at small and very 

small strains (Benz, 2007; Schanz and Vermeer, 1999). The result obtained from them, in the form of 

deformations, stresses or interaction between structure and soil (Ilieva, 2023), are significantly closer to 

the actual ones (Kerenchev and Markov, 2016). For comparison, the results from classical geotechnical 

models differ a lot (Ilieva, 2019) (Figure 1 and Figure 2). This difference arises from the use of limit 

equilibrium approach or linear-elastic, perfectly plastic soil behaviour models, such as Mohr-Coulomb. 

These more sophisticated models lead to improved design quality, performance of the structures and 

also more relevant shear forces in the structure itself. These models are still not preferred in Bulgaria 

because of the relative high use of the old design codes and practices. In recent years the world codes 

began to change and the uses of these models and the small strain stiffness will be imposed. This, along 

with other reasons, discussed below, lead to development of alternative methods for determining the 

initial shear modulus and other sophisticated parameters.  
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Figure 1. Geometry of investigated strip foundation 

Figure 2. Comparison of deformations under a strip foundation using different constitutive models 

Non-linear models require specific soil parameters, for example modulus of unloading and reloading 

(Eur), modulus at 50% of shear strength (E50), initial shear modulus (G0) etc. See table 1 below (Mihova 

and Tanev, 2014). Worldwide there is a large set of non-classical laboratory methods and in-situ 

experiments to determine specific parameters. Most of them are expensive and require highly qualified 

specialists. The prices are the main reason why geotechnical engineers in Bulgaria use only correlations 

to find these specific parameters, (Kerenchev, 2022). Lack of expensive equipment also impose a search 

for new, alternative and cheaper methods for determining the specific parameters especially the initial 

shear modulus.  

Table 1. Comparison of the soil parameters used in different constitutive models 
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2. CLASSICAL TESTS TO DETERMINE THE INITIAL SHEAR MODULUS

In most cases the methods use the shear wave velocity to determine the initial shear modulus related to 

the soil density: 

𝐺0 =  𝐸0 =  𝜌𝑛𝑣𝑠, (1)

where 𝜌𝑛 [𝑘𝑁/𝑚3] is soil density and 𝑣𝑠 [𝑚/𝑠] is shear wave velocity.

2.1. Laboratory methods 

Laboratory methods for determining the initial shear modulus are widely distributed. Resonant column 

test (Kerenchev, 2014) use torsion to generate waves and when the specimen resonates accelerations are 

measured. Local deformation transducer test (Xu and Borana, 2014) uses triaxial chamber where the 

specimen is placed. Additional elements are attached to the specimen to measure axial and radial small 

deformations. The problem with this method is that in some case local deformation transducer (LDT) 

can be destroyed because of very large deformations that are not in the range of the transducers. Triaxial 

apparatus with bender elements attached to the specimen use voltage signal to measure shear wave 

velocity. This method is still the most distributed among all laboratory tests.  

The laboratory tests are performed in controlled environment and are not influenced by atmospheric 

conditions. The test duration is long, especially if specimen should be fully or partially water-saturated. 

The results are near to the actual ones. These tests have relative high price and in some cases specifically 

for Balkan region financially unaffordable. The main problem with all laboratory tests is the need of 

special equipment, special apparatus and also a high qualified specialist (see table 2).  

Table 2. Comparison between different laboratory methods 

Laboratory tests Price Equipment Staff qualification Distribution 

Triaxial apparatus 

with bender elements 
high 

special non-standard additional 

elements  
well qualified 

relative 

widespread 

Resonant column very high non-standard apparatus well qualified not widespread 

Local deformation 

transducer 
very high non-standard apparatus well qualified rare 

2.2. In-Situ methods 

There are two categories of in-situ methods. First one includes test that determine large deformations, 

for example CPT, SPT, DSPT and etc. It is important to note that obtaining an initial shear modulus 

from them is inappropriate methodology. The second category include methods that determine small 

strain based on shear wave velocity propagation. There are several ways to measure it. 

The well-known cross hole and down-hole seismic tests require drilling – one borehole for down-hole 

seismic and at least two for cross-hole test. They use the same principal - impact to generate waves and 

geophones for example to receive them. That`s why special equipment and high qualified specialists are 

needed. Terrain surface and access to the survey site is a major factor due to use of heavy mechanization 

and drilling techniques. It is expensive and time consuming. As a variation of the down-hole test, SCPT 

is adopted. It eliminates the problem with drilling. Only one transport vehicle is used but the problem 

of more difficult terrain remains, large particle diameters and higher depths are also an obstacle. The 

test is relatively cheap and gives relative correct results. 

Other in-situ methods are seismic reflection and seismic refraction tests (Wuttke and Schanz, 2008). 

They are based on reception of refraction or reflection generated waves. Geophone or another equipment 

is placed on the terrain surface which receive transmitted waves that receive passed waves. To carry out 

these experiments, an initial study of the geological basis is necessary, especially the individual layers 
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thicknesses. Too thin layers may lead to test invalidity. These two methods do not require drilling works, 

they are not directly dependent of the terrain surface at the study site. The problem is that they are 

dependent on the atmospheric conditions and only rare specialists can work with the equipment. 

The in-situ test that eliminates the shortcomings of the ones explained so far is the ground-based spectral 

analysis, also known as Spectral analysis of surface waves. In this experiment, no drilling is performed, 

no geological survey is necessary. It can determine the strata in depth, and this does not affect the 

obtained results. It is not affected by terrain. The indirect data collection and the need for additional 

processing to obtain the shear wave velocity can be defined as a disadvantage. This method is expensive 

and, like the others, depends on atmospheric conditions. 

As a summary of the in-situ methods, it can be said that in some situations, they would be useful. For a 

complete geological survey, soil samples from boreholes must be taken and fully studied, so that`s why 

the cross-hole or down-hole seismic tests are more appropriate. Soil samples study allows determine of 

the initial shear modulus also with laboratory methods. Considering this and also the high price, most 

of the in-situ tests becomes meaningless for low to average level of geotechnical investment (table 3). 

An alternative method for down-hole seismic, but not so expensive is SCPT. This method can be used 

also to compare the results obtained from the laboratory analysis. In most cases it is relevant to use it 

for high category structures.  

Table 3. Comparison between different in-situ methods 

In-Situ tests Price 

Need for 

drilling 

equipment 

Need for wave velocity 

propagation equipment 
Staff qualification Distribution 

Cross-hole seismic Very high yes yes well qualified widespread 

Down-hole seismic High yes yes well qualified widespread 

SCPT 
Medium 

high 
no yes well qualified widespread 

Seismic reflection 

and seismic 

refraction test 

High no yes well qualified 
not 

widespread 

Spectral analysis High yes yes 
require high 

qualified specialists 

not 

widespread 

3. ALTERNATIVE METHODS

3.1. Correlation method 

Correlations are the easiest method to determine the initial shear modulus based on soil parameters 

obtained from classical laboratory test. They are time proven and the results are near to actuals, but only 

for already well-studied soil types. Base parameter which is used for calculations of initial shear modulus 

in the past was the void ratio e. Nowadays the main parameters are water content (wn) and Plasticity 

index (Ip,). The problem with such a correlation is that difference between actual water content and that 

obtained from the laboratory is often presented (Kerenchev, 2022). It could be caused by improper soil 

sampling, storage and transport. See equation 2 and equation 3 below: 

𝐺0 =  𝐸0 =  𝐴𝐹(𝑒)(𝜎0
` )𝑛, (2) 

where 𝐴 and 𝑛 are coefficients, 𝐹(𝑒) is pore coefficient function and 𝜎0
`  [𝑘𝑁/𝑚2] is effective normal

stress.  

𝐺0 =  𝐸0 =  
5150

(0.3+5.1𝑤2)
(𝑂𝐶𝑅)2(𝜎𝑣

` )𝑛 (3) 
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where 𝑤 [−] is water content, 𝑂𝐶𝑅 [−] is overconsolidation ratio and 𝜎𝑣
`  [𝑘𝑁/𝑚2] is effective stress

vertical pressure. 

3.2. Cameras in triaxial test 

The use of cameras to determine the deformations in a soil sample placed under load in a triaxial 

apparatus is a new and innovative method. It requires a number of high-speed cameras with high 

resolution, which track the deformations in the soil sample over a short period of time. Through 

additional processing of the obtained images and after calibration, the very small and small deformations 

can be deduced with relatively high accuracy. The lack of placement of any transducers or flexures 

reduces the problem of their anchorage and potential failure of the soil specimen. No modification to 

the three-axis rig is required and the equipment can always be removed when not needed. Calibration is 

fast and can be done for several cameras at the same time. More about this method can be read in (Wang, 

Du and Lehane, 2024).  

3.3. Ultrasonic sounding method 

This method is based on wave velocity propagation. The compression and shear waves are generated by 

transducer. Another transducer receives the passes waves. This method is laboratory test to measure 

stabilized soils but it can also be implemented in-situ. It is very important to conserve the soil water 

content because this parameter is essential for determining the initial shear modulus. Worldwide this 

test is used to determine the dynamic soil parameters (Yesiller, Inci and Miller, 2000; Sephenson, 1978). 

3.4. Determine the initial shear modulus from unloading-reloading curve 

The idea of deriving the initial shear modulus from the unloading and reloading curve obtained by a 

standard triaxial experiment is an alternative way that allows some deviations in the results, but is 

significantly cheaper than those already established. This method is less time consuming to perform and 

other additional parameters can be extracted as well. No modification of the device is required. The test 

can be performed by a less qualified specialist. It is possible to experiment with both fully water-

saturated and partially water-saturated soil samples (Tanev, 2015). 

Figure 3. Unloading – reloading curve from standard triaxial test 
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4. DETERMINE THE INITIAL SHEAR MODULUS FROM OEDOMETER TEST

An alternative method based on scientific developments that are in the field of oedometric testing could 

also be proposed. The vertical deformation of the soil sample in oedometer apparatus could be 

determined with the help of a linear variable differential transformer. The high accuracy deformation 

values could be sequenced over a short period of time. The unloading curve could provide small and 

very small deformations as well. Precise measurement of those values can also lead to initial shear 

modulus assessment. See figure 4 below. 

a) b) 
Figure 4. a) Experimental production, 

b) Determine initial shear modulus from loading – unloading oedometric curve

In such an experimental procedure, an accelerometer could also be used to isolate background noise. 

Temperature sensor could also be placed to reduce the influence of ambient temperature fluctuations for 

the deformation measurement (Kerenchev, 2014). 

5. CONCLUSIONS

The development of computer technology and the use of more complicated constitutive models requires 

а specific soil parameters to be assessed. Most of the methods are expensive, dependent of atmospheric 

conditions, need special equipment and highly qualified specialists. See Table 4 below:  

Table 4. Comparison between different methods 

Methods Base Price Accuracy Equipment Specialists 

In-Situ Shear wave velocity Very High Very high special Highly qualified 

Laboratory 
Shear wave velocity 

or direct 
measurements 

High High special Qualified 

Alternative 
Other soil 

parameters 
(Oedometric test) 

Medium/Low 
(Oedometric 

test) 
Satisfactory 

Normal 
(Oedometric 

test) 

Qualified/ Normally 
Qualified 

(Oedometric test) 
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The higher end methods are almost not used in the Bulgarian geotechnical practice, because of high 

price and specific equipment. This leads to search for new alternative options to determine the initial 

shear modulus. The new options could help to develop modern geotechnical engineering. The most 

applicable methods should be cheap, easy to implement and generally available. One of these methods 

is modified oedometric test with high strain reading accuracy. The apparatus modifications are 

accessible for most of the laboratories.  

The alternative oedometric test is in conceptual phase. A lot of research, analysis and comparisons of 

the result are needed to prove the method validity. Once proven, this method is a basis for new researches 

in the field of geotechnical constructions, seismic engineering etc. It will help also in understanding and 

using the more complex constitutive models in engineering practice.  
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ABSTRACT 

This article proposes a methodology of geotechnical modelling as a basis for successful analyses of the 

interaction between rock mass and complex structures such as dams, hydrotechnical tunnels, etc. Several 

types of analytical and numerical models were formed based on analyses and synthesis of laboratory 

and field investigations of rock masses on the location of the dam “Sveta Petka” in the Republic of 

Macedonia. In the frame of the article, several examples of numerical models, formed by using the 

programs Examine 2D and Plaxis are presented. An example of determination of potentially unstable 

blocks using discontinuum methods is given. 

KEYWORDS 

Geotechnical Model, Rock Masses, Method Of Boundary Elements, Method Of Finite Elements 

1. INTRODUCTION

Even at the current level of technological development, it is considered that the construction of 

underground structures, such as tunnels, is a difficult task. Before deciding about the methods and the 

design of future tunnel construction, it is necessary to perform detailed analyses, which include a huge 

number of different parameters.  

The first stage is the description of the physico-mechanical behavior of rock masses, which are known 

to have a complex nature. Hence numerical methods as the method of boundary elements and the method 

of finite elements are a good auxiliary tool for conducting many different analyses related to this issue. 

Geotechnical modelling in a wider sense includes statistical analysis for finding the distribution 

functions of all input geotechnical parameters, the definition of the safety factor, determination of the 

possible failure mechanisms and the probability of failure, risks analysis, the definition of the acceptable 

level of risk, etc. The whole procedure is described in (Jovanovska, 2019), while in the frames of this 

article only a part of the process, using the method of boundary and finite elements and their comparison, 

is explained. Also, a short example of using the program UnWedge for determination of potentially 

unstable blocks along the tunnel is given, 

2. DESCRIPTION OF THE ANALYSED TUNNEL

The analyzed tunnel is a part of the Kozjak-Matka hydroelectric complex, at the Sveta Petka dam, in 

Skopje, the Republic of Macedonia. 

Dam "St. Petka" is a thin concrete arched dam with double curvature in the horizontal and vertical 

directions (Slavevski M. et al, 2013). The top elevation is at +364.00 m.a.s.l., the bottom elevation is 

+300.00 m.a.s.l., the construction height is 64.0 m, not counting the fence. The body of the dam has a 

variable thickness. At an altitude of +364.00 m.a.s.l. it is 2.0 m thick and in the lower part at an altitude 
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of +300 m.a.s.l. - 10.0 m. The length of the arched part at the top of the dam is 115.00 m, and in the 

lower part, the length is 25.0 m. Figure 1 shows the layout of the "St. Petka" dam. 

Figure 1. Layout of “St.Petka” dam 

The length of the analyzed free-flow tunnel is 360 m, the diameter is 10 m, and the cross-section is 

circular. It is built in gray-white marbles, which have an average compressive strength of 44 MPa. 

The geological data used in the calculation is presented in Figure 2. Based on these data, the tunnel is 

divided into 6 quasi-homogeneous zones. The GSI value in further analysis is calculated by the 

following equation: GSI=RMR-5. 

Figure 2. Longitudinal profile of the “Sveta Petka” tunnel 

3. METHOD OF BOUNDARY ELEMENTS

Using the Examine2D software package, the stress around a hydrotechnical tunnel constructed in a rock 

mass environment was simulated. Using the numerical model, a representation of the behavior of the 

rock mass is obtained, which is especially useful at the initial stages of design, while avoiding extensive 

and costly field investigations. 
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Figure 3. shows a diagram of the maximum stress around a hydotechnical tunnel excavation, with a 

diameter of 10 meters, at a depth of 60 m, with a deformation module of the rock mass (D) of 7000 MPa. 

Stresses were checked at 4 test points. All calculations are based on the Hoek-Brown criterion (Ulusay 

2019). 

Figure 3. Diagram of the main stresses of the tunnel at a depth of 60 m 

The same calculations were made at depths of 30, 40, and 10 m. In the calculations, the value of the 

deformation module (D) was varied. The input parameters and the results of the analysis are shown in 

Table 1. 

Table 1. Results of the analysis of changes in the main stresses for different depths and deformation modules 

Depth (m) D (MPa) 
σ1 point 1 

(MPa) 

σ1 point 2 

(MPa) 

σ1 point 3 

(MPa) 

σ1 point 4 

(MPa) 

60 6500 3.15 2.7 3.3 2.85 

60 6800 3.15 2.7 3.3 2.85 

60 6900 3.15 2.7 3.3 2.85 

60 7250 3.15 2.7 3.3 2.85 

60 7500 3.15 2.7 3.3 2.85 

40 700 2.04 1.84 2.24 1.94 

40 800 2.04 1.84 2.24 1.94 

10 3200 0.35 0.45 0.7 0.5 

10 3500 0.35 0.45 0.7 0.5 

30 4900 1.5 1.35 1.72 1.42 

The table shows that the change in the maximum stresses depends in direct proportion to the depth of 

the excavation of the tunnel, and the change in the value of the deformation module did not affect the 

stress value. 

4. METHOD OF FINITE ELEMENTS

In this calculation, a two-dimensional analysis of the planar state of deformations is performed, in which 

the rock as a continuous medium is approximated by the Mohr-Coulomb model. The type of finite 

elements used in this model is 15 node triangular. Also, in these analyses, it is considered that the tunnel 

is in its operation phase when it is filled with water to a certain level. Since the Republic of Macedonia 

is a seismically active region, the seismic fore must be considered. 

The seismic force is taken through the coefficients of seismic acceleration in the horizontal direction ax 

= 0.15g and in the vertical direction ay = 0.075g. 
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Using the model, static values at the intersection are determined: bending moments, axial and transverse 

shear forces. Also, the resulting displacements, i.e. deformations, are calculated, which determines the 

overall picture of the behavior of the structure. 

The obtained value of the bending moment is 112.04 kN∙m/m, axial force -3890 kN/m, transverse force 

-43.02 kN/m. The total deformation is 8 mm. The results for the total displacements are shown in 

figure 4. 

Figure 4. Total displacements in seismic analysis 

5. COMPARISON OF THE METHOD OF BOUNDARY AND THE METHOD OF FINITE

ELEMENTS 

To prove the reliability of the data obtained by the numerical analysis, the deformation values obtained 

by the program Examine 2D and Plaxis were compared. To obtain several points, the deformation 

modulе was varied in the range from 1600 MPa to 15000 MPa. The results are presented in Table 2. 

Table 2. Total deformations in the rock mass obtained in Examine 2D and Plaxis 

Plaxis u 

(m) 

Examine 

u (m) 
E (MPa) 

0.00558 0.0051 1600 

0.00298 0.0027 3000 

0.00149 0.00133 6000 

0.00112 0.00099 8000 

0.000744 0.000665 12000 

0.000595 0.00054 15000 

Based on these data, a graph of the dependence of the deformations on the deformation module was 

constructed (Figure 5). 
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Figure 5. Dependence of the deformation value on the deformation module 

It can be concluded that despite the different principles of calculation, both programs give almost the 

same results and the difference, which is 10.03% is negligible on the initial phases of design.  

6. DETERMINATION OF POTENTIALLY UNSTABLE BLOCKS USING DISCONTINUUM

METHODS

When designing long objects such as tunnels, it is necessary to analyse the orientation of the excavation 

in relation to the spatial orientation of the discontinuities to determine whether certain unstable large 

blocks of rock are likely to occur. 

Such analyses were made for the tunnel “St.Petka”. using the programme UnWedge. In table 3. The 

orientation of the four main joint systems and the tunnel are given. 

Table 3. Orientation of the main joint systems and the tunnel “St.Petka” 

Joint system Orientation 

1 81/165 

2 78/289 

3 32/75 

4 83/336 

Tunnel 10/2 

To analyse the stability of the potentially unstable blocks, it is necessary to enter the data on the angle 

of internal friction and cohesion. The internal friction angle varied in the range from 35 to 39 degrees. 

For all these values, analyses were made with cohesion equal to zero, 0.0001 MPa, and 0.0002 MPa.  

As an output of the analysis, the program provides information about the weights and safety factors 

(SF) of the blocks. An example of the output data is given in Figure 5, and the results for all other 

cases are shown in Table 4. 
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Figure 5. Output from analysis, block weight and safety factor 

Table 4. Results from the analysis of potentially unstable blocks in UnWedge 

c (MPa) φ (◦) FS 1 FS 2 FS 3 FS 6 FS 7 FS 8 FS 9 FS 10 

0 35 / 0.503 0.989 0.135 0.943 0 0.943 0.503 

0 36 / 0.522 1.026 0.14 0.978 0 0.978 0.522 

0 37 / 0.542 1.064 0.145 1.014 0 1.014 0.542 

0 38 / 0.562 1.103 0.151 1.052 0 1.052 0.562 

0 39 / 0.582 1.143 0.156 1.09 0 1.09 0.582 

0.0001 35 / 0.566 1.049 0.151 0.973 0 0.945 0.513 

0.0001 36 / 0.585 1.086 0.156 1.008 0 0.981 0.532 

0.0001 37 / 0.605 1.125 0.162 1.044 0 1.017 0.552 

0.0001 38 / 0.625 1.164 0.167 1.082 0 1.055 0.572 

0.0001 39 / 0.645 1.204 0.173 1.12 0 1.093 0.592 

0.0002 35 / 0.629 1.11 0.168 1.003 0 0.948 0.523 

0.0002 36 / 0.648 1.147 0.173 1.038 0 0.984 0.542 

0.0002 37 / 0.668 1.185 0.178 1.074 0 1.02 0.562 

0.0002 38 / 0.687 1.224 0.183 1.112 0 1.057 0.582 

0.0002 39 / 0.708 1.264 0.189 1.15 0 1.096 0.602 

From the above results, the following conclusions can be drawn: 

-Block No. 1 is stable in any case, since it is located at the bottom of the tunnel. 

-All other blocks have a safety factor less than the required 1.5, which indicates the need to take 

measures, such as installing tunnel protection, to increase it. 

7. CONCLUSIONS

From the results presented above, it can be concluded that numerical methods are a practical auxiliary 

tool in various analyzes in construction and geotechnics. It should be emphasized that the results of such 

analysis should not be the only ones that engineers will rely on when making decisions. To verify the 

proposed methods, over time they should undergo a critical review regarding the possibility of its use 

for rock mass in other places, at other objects, and certain stages of design. 
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ABSTRACT 

In recent decades, the expansion of the Slovenian capital of Ljubljana has focused primarily on the 

Ljubljana Marsh. The uppermost layers of the Ljubljana Marsh consist of soft lacustrine sediments, 

which pose considerable geotechnical challenges. In order to better predict the soil behaviour under 

dynamic and static loading, it is important to determine the dynamic soil properties, which are usually 

represented by the shear modulus reduction curve normalised to the initial shear modulus and the 

material damping as a function of shear strain. In the absence of specific measurements on local soils, 

the dynamic soil properties are often taken from the literature, assuming that soils with similar intrinsic 

properties exhibit similar behaviour. It should be noted that the different empirical models are not always 

directly comparable. In addition, the authors give a wide range of measurements for soils with similar 

intrinsic properties in the literature. 

In this study, we evaluate the applicability and reliability of the empirical correlations of dynamic soil 

properties by comparing them with laboratory measurements of soft soils in the Ljubljana Marsh. The 

dynamic soil properties were measured using a resonant column with integrated bender elements, which 

increased the reliability of the measurements. Given the significant differences between empirical 

models, it is critical to account for these differences in soil behaviour, which necessitates sensitivity 

analyses in engineering practise. The study also emphasises the importance of direct measurements of 

dynamic soil properties, especially at sites where the empirical relationships have not yet been 

confirmed. 

KEYWORDS 

Shear Modulus; Material Damping; Resonant Column; Laboratory Testing 

1. INTRODUCTION

The Slovenian capital lies partly on the Ljubljana Marsh. The upper soil layer of the Ljubljana Marsh 

consists mainly of soft lacustrine sediments such as silt and clay (Gaberc, 2000). The thick soft lacustrine 

sediments pose a high earthquake risk and are geotechnically challenging. Despite the challenging site 

conditions, there is a lack of data on soil behaviour under small to large strains, which is a major 

shortcoming in the area of comprehensive and reliable analyses. To overcome the lack of data, experts 

rely on empirical correlations from existing literature that are not validated for the specific site. Recently, 

Jurček et al. (2024) presented laboratory measurements of the shear modulus in the resonance column 

device for a site at the periphery on the Ljubljana Marsh and found some discrepancies between the 

measurements and empirical correlations. 

This paper presents the measurements of dynamic soil properties of 36 soil samples collected from three 

different sites in the area of the Ljubljana Marsh and its periphery. The dynamic soil properties were 

determined using bender elements (BE) and resonant column (RC) tests on soils with a plasticity index 
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in the range of 13 to 63%. Furthermore, these measurements were compared with established empirical 

models for dynamic soil properties to check the results of Jurček et al. (2024). 

2. DYNAMIC SOIL PROPERTIES

The stress-strain behaviour of soils is highly nonlinear. The shear modulus 𝐺 decreases rapidly with 

increasing engineering shear strain amplitude 𝛾 and forms S-shaped curve on a semi-logarithmic scale. 

Typically, this behaviour is represented by the maximum shear modulus 𝐺0 at infinitesimal shear strain

(𝛾 ≈ 10−6) and the normalised shear modulus degradation curve 𝐺/𝐺0 as a function of 𝛾 (𝐺/𝐺0 curve).

In contrast, the energy dissipation increases with increasing 𝛾, which leads to an increase in material 

damping 𝜉. The 𝜉 is usually represented as a function of 𝛾 (𝜉 curve). 

In soil dynamics 𝐺 is often defined as the secant modulus, represented by the slope between two extreme 

points of the hysteresis loop (Figure 1) at a given 𝛾 under cyclic loading (Equation 1): 

𝐺 =
𝛥𝜏

𝛥𝛾
 (1)

where 𝜏 represents the shear stress. 

In engineering, there are different types of damping, which are described in detail by Yoshida (2015). 

From a geotechnical point of view, the most important types are hysteresis and viscous damping (Soból 

et al., 2019), which are grouped in material damping. Viscous damping includes internal and external 

components. Internal damping is the result of energy dissipation within the soil due to differences in 

internal velocities. External damping accounts for energy dissipation outside the system (Yoshida, 2015) 

and is often referred to as parasitic damping. Hysteretic damping is the result of the 𝐺/𝐺0 curve forming

a loop when the soil is cyclically loaded (Figure 1). The material damping 𝜉 is defined as the ratio of 

dissipated energy (area of the hysteresis loop, 𝑊𝐷) to supplied energy (area of the triangle, 𝑊𝑆) during

the loading/unloading cycle (Equation 2). 

𝜉 =
1

4𝜋

𝑊𝐷

𝑊𝑆
(2) 

Figure 1. Definition of 𝐺 and 𝜉 for cyclic test (modified after Hayashi et al., 2018) 

2.1. Empirical models for description of dynamic soil properties 

All soil types follow a common principle: with increasing 𝛾, 𝐺 decreases nonlinearly, which leads to an 

S-shaped decrease in stiffness on a semi-logarithmic scale. For cohesive soils, it can be shown that the 

curve 𝐺/𝐺0 gradually shifts to the right as the plasticity index 𝐼𝑃 increases (Díaz-Rodríguez and López-

Molina, 2008). Hardin and Drnevich (1972) proposed a basic hyperbolic model for the 𝐺/𝐺0 curve.
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Later this basic model was further modified to obtain a better fitting model of the 𝐺/𝐺0 curve to the

laboratory test results for different soil types. One of these modifications is the introduction of the power 

factor 𝑛 into the Hardin-Drnevich model (Equation 3). 

𝐺

𝐺0
=

1

1+(
𝛾

𝛾𝑟𝑒𝑓
)

𝑛 (3) 

where 𝛾𝑟𝑒𝑓 is the reference shear strain.

Over the decades, numerous researchers have proposed empirical models to describe the dynamic soil 

properties based on the most important influencing factors. Some of these models and the corresponding 

influencing factors are listed in Table 1. 

In general, these empirical equations for estimating 𝐺0 are often expressed in the form proposed by

Hardin and Black (1968), which is based on the void ratio 𝑒, the overconsolidation ratio 𝑂𝐶𝑅 and the 

effective stress mean 𝜎’. Thanks to advances in measurement technology and cost-effective methods, 

direct field, or laboratory measurements of 𝐺0 are increasingly preferred in everyday engineering

practice (Mayne and Rix, 1995).  

The opposite applies to 𝐺/𝐺0 and 𝜉 curves, which can only be determined by laboratory measurements.

For cohesive soils, it has been shown that the shape of the 𝐺/𝐺0 curve mainly depends on 𝐼𝑃, 𝜎’ and

𝑂𝐶𝑅 (e.g., Darendeli, 2001; Ishibashi and Zhang, 1993; Lanzo et al., 1997). However, some studies 

neglected the influence of 𝑂𝐶𝑅 on the 𝐺/𝐺0 curve (e.g., Kokusho et al., 1982; Vardanega and Bolton,

2013; Vucetic and Dobry, 1991). 

The influence of various factors on the 𝜉 curve is not as uniform in the literature as in the case of 𝐺/𝐺0

curve. According to Zhang et al. (2005), the most important factors influencing the 𝜉 curve include 𝜎’, 
𝐼𝑃, the loading frequency 𝑓 and the number of cycles 𝑁. With an increase in 𝜎’, 𝜉 tends to decrease for

all 𝛾 (e.g., Darendeli, 2001; Hardin and Drnevich, 1972; Ishibashi and Zhang, 1993). The influence of 

𝐼𝑃 is complex (Zhang et al., 2005). Some authors (e.g., EPRI, 1993; Stokoe et al., 1994) found that 𝜉𝑚𝑖𝑛

increase with increasing 𝐼𝑃, while 𝜉 decreases for larger 𝛾 with increasing 𝐼𝑃. However, some previous

studies (Seed et al., 1986; Vucetic and Dobry, 1991) have not shown this complex effect of 𝐼𝑃 on 𝜉. The

𝑁 is another quantity on which the authors differ. Vucetic and Dobry (1991) have shown that there is 

no influence of 𝑁 on 𝜉, while others such as Hardin and Drnevich (1972) and Darendeli (2001) find that 

𝑁 is a crucial factor. In general, a higher 𝑓 leads to a higher 𝜉 for all 𝛾 (Ciancimino et al., 2020; 

Darendeli, 2001; Zhang et al., 2005). The influence of 𝑁 and 𝑓 on the measured 𝜉 can be explained by 

the differences between the various devices used to determine the dynamic soil properties (Zhang et al., 

2005), the performance of the experiment under drained or undrained conditions and the method used 

to calculate the energy lost (Stokoe et al., 1995). In addition, it has been suggested that 𝜉 should be 

measured at 𝑓 and 𝑁 according to the expected dynamic loading. 

Table 1 list models for the description of dynamic soil properties from various authors. These equations 

are usually formulated based on a series of laboratory test results for different soils and typically 

represent average soil behaviour. Darendeli (2001) also gave the standard deviation of his proposed 

models, which can be used to estimate the range of possible 𝐺/𝐺0 and 𝜉 curves. Yoshida (2015) has

shown that the exclusive use of average values can lead to inaccuracies and that the range of possible 

dynamic soil properties should be considered. 

Table 1. Empirical models for 𝐺/𝐺0 and 𝜉 for cohesive soils.

Reference Presentation 
𝐺/𝐺0 𝜉 

Input parameter 

Vucetic and Dobry (1991) graphically 𝐼𝑃 𝐼𝑃 

EPRI (1993) graphically 𝐼𝑃 𝐼𝑃 
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Darendeli (2001) equation 𝐼𝑃, 𝑂𝐶𝑅, 𝜎′ 𝐼𝑃, 𝑂𝐶𝑅, 𝜎′, 𝑁, 𝑓 

Zhang et al. (2005) equation 𝐼𝑃, 𝜎′ 𝐼𝑃, 𝜎′ 

Ciancimino et al. (2020) equation 𝐼𝑃, 𝜎′ 𝐼𝑃, 𝜎′, 𝑓 

3. EQUIPMENT AND METHODS

The fix-free torsional RC device from Wille Geotechnic was used in this study. With this device, both 

RC and BE tests can be performed simultaneously under isotropic stress conditions. 

In the preparation stages, the soil samples were trimmed to produce cylindrical specimens with a 

diameter of 70 mm and a height of between 100 and 140 mm. To determine the water content and 

density, the specimens were measured and weighed before and after the test. Each specimen was 

isotopically reconsolidated to the effective vertical stress under in-situ conditions. The final dimensions 

and density were used to calculate the dynamic properties (i.e., the dimensions after the consolidation 

stage). 

After the consolidation stage, both BE and RC tests were performed. The BE test was performed three 

times with different frequencies of the transmitter. The travel time 𝑡 was determined using the first-

arrival method. The 𝐺0 was then calculated from the mean value of the shear wave velocities 𝑣𝑠

determined from the measured 𝑡. Following the BE test, an RC test was carried out with different 𝛾  

under undrained conditions. The excess pore water pressure 𝛥𝑢 was measured throughout the RC 

testing. However, the influence of 𝛥𝑢 on the soil of the Ljubljana Marsh can be neglected (Jurček et al., 

2024). A more detailed description of the measurements can also be found herein. 

From the RC measurements, 𝜉 can be calculated using two methods: the Bandwidth method and the 

Lissajous method. Only the Lissajous method is used in this study, as it has proven to be less prone to 

errors. Further details on this method can be found in Wichtmann et al. (Wichtmann et al., 2001). 

4. MATERIALS

In this study, 36 soil samples were taken from three sites in the Ljubljana Marsh, referred to as Location 

1, 2, and 3. The soft lacustrine sediments at these sites consist of normally consolidated (𝑂𝐶𝑅 ≈ 1) clays 

and silts of low to very high plasticity with up to 30% fine sand and 𝐼𝑃 between 13 and 63% (Table 2).

The classification in Table 2 was carried out in accordance with EN ISO 14688-2:2017.  The void ratio 

in the RC test is represented as 𝑒𝑅𝐶 .

Table 2. Properties of soil and testing conditions and test results. 

Sample Soil type 
𝑒𝑅𝐶 𝐼𝑃 fines 𝜎′ 𝐺0(BE)

Model (Equation 3) 

𝐺0 𝛾𝑟𝑒𝑓 𝑛 

[/] [%] [%] [kPa] [MPa] [MPa] [/] [/] 

Location 1-1 ClM 0.885 23 97 100 52 54 2.8∙10-4 0.96 

Location 1-2 SiH 0.720 28 98 120 67 71 3.2∙10-4 0.90 

Location 1-3 ClM 0.710 27 99 130 84 88 2.4∙10-4 0.89 

Location 1-4 ClH 0.728 33 97 140 49 45 4.4∙10-4 0.93 

Location 1-5 ClL 0.582 13 80 150 85 89 2.2∙10-4 0.83 

Location 1-6 ClH 0.800 35 97 160 55 50 5.0∙10-4 1.10 

Location 1-7 ClM 0.583 23 98 180 108 104 2.6∙10-4 0.92 

Location 1-8 ClH 0.802 30 92 180 66 65 4.7∙10-4 1.11 

Location 1-9 ClM 0.527 33 98 240 100 98 3.3∙10-4 1.05 

Location 1-10 ClM 0.527 20 74 260 140 135 2.8∙10-4 0.95 
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Location 1-11 ClM 0.632 21 91 280 120 118 3.0∙10-4 1.01 

Location 2-1 ClL 0.610 14 85 80* 76 79 1.2∙10-4 0.88 

Location 2-2 ClM 0.559 14 93 80* 71 74 1.4∙10-4 0.91 

Location 2-3 ClL 0.628 15 98 80 83 82 1.3∙10-4 0.90 

Location 2-4 ClM 0.526 18 100 90 81 89 1.4∙10-4 0.94 

Continued on next page. 

Table 2. Continued from previous page. 

Location 2-5 ClM 0.601 15 99 100 67 76 1.9∙10-4 0.92 

Location 2-6 ClL 0.506 16 97 110 113 107 1.5∙10-4 0.98 

Location 2-7 ClL 0.601 14 96 120 113 110 1.8∙10-4 0.90 

Location 2-8 ClL 0.536 14 96 140 114 121 1.9∙10-4 0.95 

Location 2-9 ClM 0.542 18 100 170 98 101 2.1∙10-4 0.98 

Location 3-1 ClH 1.012 41 98 100* 49 45 6.5∙10-4 0.88 

Location 3-2 SiVO 1.758 61 70 100* 24 26 5.5∙10-4 0.71 

Location 3-3 SiVO 2.327 62 74 100* 27 25 6.4∙10-4 0.74 

Location 3-4 SiV 1.787 61 99 100* 29 30 6.2∙10-4 0.90 

Location 3-5 SiV 1.992 49 99 100* 37 37 4.2∙10-4 0.84 

Location 3-6 SiV 1.423 52 99 100* 39 42 4.5∙10-4 0.90 

Location 3-7 SiV 1.627 44 99 100* 48 51 3.2∙10-4 0.89 

Location 3-8 SiV 1.631 41 100 100 53 52 3.2∙10-4 0.93 

Location 3-9 SiV 1.603 40 100 110 52 57 3.0∙10-4 0.88 

Location 3-10 SiV 1.483 38 100 110 59 64 2.9∙10-4 0.84 

Location 3-11 SiV 1.469 43 100 120 58 60 3.4∙10-4 0.90 

Location 3-12 SiV 1.750 63 99 140 43 43 5.4∙10-4 0.90 

Location 3-13 SiV 1.569 53 100 150 55 57 4.6∙10-4 0.92 

Location 3-14 ClV 1.315 48 99 150 49 53 5.5∙10-4 1.02 

Location 3-15 ClV 0.979 44 99 170 64 61 4.3∙10-4 0.98 

Location 3-16 ClL 0.650 13 89 190 136 134 1.5∙10-4 0.81 

* Are the lowest 𝜎’ at which an RC test could be performed due to equipment limitations.

5. TEST RESULTS AND DISCUSSION

The parameters of the modified Hardin-Drnevich model (𝐺0, 𝛾𝑟𝑒𝑓 and 𝑛) were fitted to the

measurements performed with the RC device. The results of the adjustment are shown in Table 2.  

The 𝐺0 measured with the BE (𝐺0(BE)) were within ±10 % of the 𝐺0 determined by fitting the modified

Hardin-Drnevich model to the measurements (𝐺0(model)), indicating good agreement between BE and

RC tests. 

To determine the 𝐺/𝐺0 curve, 𝐺 was normalised by 𝐺0(model). Figure 2 shows the 𝐺/𝐺0 curves for all

36 samples, which are colour-coded for different locations. A slightly different position in the graph can 

be seen for the different locations. It can also be observed that due to the soft nature of the soil specimens, 

the RC device had problems measuring 𝐺 in the range of 𝛾 smaller than 5∙10-5, especially for the samples 

from Location 2 and 3. The upper and lower bounds for the 𝐺/𝐺0 and 𝜉 curves were calculated (Equation

3) for the lowest (13%) and highest (63%) 𝐼𝑃 with 𝛾𝑟𝑒𝑓 ranging from 1.2∙10-4 to 6.5∙10-4, respectively,

and based on the average 𝑛 value of 0.92 for all soil samples. Since the 𝜉 curve is correlated with the 

𝐺/𝐺0 curve via the hysteresis loop (i.e., the Masing curve), the 𝐺/𝐺0 curve was used to calculate the

material damping. Figure 2 shows that the Masing behaviour at higher 𝛾 leads to higher 𝜉 than the 

experimental observations in this study. Similar results were also reported by Darendeli (2001), who 
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pointed out that the direct application of Masing behaviour to nonlinear soil behaviour is limited and 

often leads to poor results. Therefore, modifications were proposed to achieve a better fit to laboratory 

data (Darendeli, 2001). A similar approach was also used by Ciancimino et al. (2020), while Zhang et 

al. (2005) only fitted the model 𝜉 curve to the torsional shear device measurements. The 𝜉 curves given 

by EPRI (1993) do not correspond to the 𝐺/𝐺0 curves as they were specifically modified for direct

application in earthquake engineering. It is therefore difficult to compare the 𝜉 curves determined in this 

study with empirical models. This is due to the modification of the 𝜉 curves in the models and the 

limitations of the RC device, which generally provides higher 𝜉 curves due to the effect of 𝑁 and 𝑓. The 

two measurements with the lowest 𝜉 were carried out on organic silts. 

Figure 2. 𝐺/𝐺0 and 𝜉 for soil samples from three locations.

A comparison was made between the 𝛾𝑟𝑒𝑓 fitted to the measurements and the empirical models listed in

Table 1. Darendeli (2001), Zhang et al. (2005) and Ciancimino et al. (2020) give the parameters of the 

modified Hardin-Drnevich model based on the input parameters listed in Table 1. These proposed 

models are dependent on σ', therefore σ' was set to 120 kPa, which corresponds to the average σ' at 

which the RC tests were performed. For the graphical models of Vucetic and Dobry (1991) and EPRI 

(1993), the parameters of the modified Hardin-Drnevich model were determined by a best-fit analysis. 

Both the empirical 𝐺/𝐺0 curves and the parameters fitted to the RC measurements show that 𝛾𝑟𝑒𝑓

increases with increasing 𝐼𝑃. However, the 𝛾𝑟𝑒𝑓 from RC measurements are lower than those of other

authors, with the exception of Zhang et al. (2005) for Tertiary and Residual/Saprolite soils. The width 

of the interval in which 90% of the fitted 𝛾𝑟𝑒𝑓 fall is about 50% away from the trend line. Similar results

were reported by Vardanega and Bolton (2013). It can also be observed that different locations within 

the Ljubljana Marsh have a slightly different 𝛾𝑟𝑒𝑓 trend, as indicated by their position to the global trend.

It should be emphasized that the empirical models reflect an "average" soil behaviour, considering soils 

with identical intrinsic properties. As Darendeli (2001) notes, the measurements used in the development 

of these models show considerable variability in soil behaviour. 
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Figure 3. The comparison between the empirical models and the fitted 𝛾𝑟𝑒𝑓 to the measurements. 
Dotted black lines deviating ±50% from the trend. 

Empirical models, with the exception of Zhang et al. (2005), as well as parameters derived from the RC 

measurements show that 𝑛 is not dependent on 𝐼𝑃. The average 𝑛 for the measurements was 0.92, with

a 90% confidence interval of ±0.14 for the fitted 𝑛. Again, this shows that the different sites in the 

Ljubljana Marsh have slightly different 𝑛. The two lowest 𝑛, which deviate from the general trend, were 

observed in organic silts. 

Figure 4. The comparison between the empirical models and 𝑛 fitted to the measurements. 

6. CONCLUSION

Based on the BE in the RC test carried out on soft sediments from the Ljubljana Marsh, we can draw 

the following conclusions: 

1. Both 𝐺0 (BE) and 𝐺0 (model) were within 10% of each other, indicating good agreement between

BE and RC tests. The integration of the BE into the RC device is useful for quality control of the

RC measurements and is therefore strongly recommended.

2. The soil properties reported by Jurček at al. (2024) were confirmed by measurements on samples

from two other locations.

3. It was confirmed that 𝛾𝑟𝑒𝑓 depends on 𝐼𝑃 and that 𝑛 is independent of it. Similar trends to the

empirical models were observed, with the exception that 𝛾𝑟𝑒𝑓 was lower compared to the values

reported by most other authors. Significant differences were also found between the empirical

models.

4. Not all soils are “average” soils. The differences in soil behaviour should be considered when using

empirical models and in engineering practice, where sensitivity analyses are highly recommended.

5. It is advisable to perform direct measurements to obtain dynamic soil properties. This is especially

true in cases where the empirical relationships have not yet been confirmed.
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Advantages of 3D FEM modelling and BIM modelling for underground 

structures 

Kristóf Kelemen 

HBM Soletanche Bachy, Budapest, Hungary 

ABSTRACT 

How do the results of 2 and 3 dimensional finite element calculations compare? What are the effects of 

3-dimensional modelling? These topics will be discussed using the example of a deep excavation in 

Debrecen. I intend to present a comparison of the results of 2D and 3D calculations of a deep excavation 

pit measured with an inclinometer. I will compare the measured and calculated results and search for 

the best possible fit by varying the calculation parameters. Based on some field experience, measurement 

results and numerical analysis, the soil environment of an area can be better understood. 

How can 3D BIM modelling help the design? The example is a deep excavation in the urban 

environment, where an old factory is being converted into a modern office. How does BIM help manage 

the construction and planning? What are the advantages and disadvantages? 

KEYWORDS 

Deep excavation, PLAXIS, Monitoring, BIM 

1. INTRODUCTION

The analysed deep excavation is located in Deberecen, Hungary and was designed, constructed and 

monitored by HBM Soletanche Bachy in 2020-2021. For the monitoring of the diaphragm wall, 1 

inclinometer was installed on the section of the workings adjacent to the building. This provided the 

possibility to back analyse the movements of the wall. By modifying the soil parameters within realistic 

range, I was looking for the best possible match between the measured and calculated results.  

2. PROJECT INTRODUCTION

2.1. Geometry 

The working pit functions as a 3-storey underground garage for a future residential building. In 

temporary state, the 60 cm thick diaphragm wall is supported on 3 levels by steel struts. In its final state, 

the diaphragm wall is supported by the internal reinforcement structure.  

The layout of the diaphragm is shown in the following figure wall. The height of the structure is 21,10 

metres, the excavation is 10,60 metres from the upper of the diaphragm. The following diagrams show 

the geometry of the structure. 
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1. Figure Layout and cross section of the wall

2.2. Geotechnical conditions 

Excavations and soil mechanics tests indicate that the surface is covered by a heterogeneous sandy fill 

of 2.3-2.8 m thickness, typically of building-derived loose condition. Under this layer, a single-fraction, 

medium-fine grained, medium compacted, settled sand was present to a depth of approximately 5.1-7.2 

m. This was followed by a thin layer of soft state silt 1.7-2.5 m thick, the cone resistance shows a

decreasing trend. Below this, a lean to medium clay was identified at depths of 6.9-11.2 m. Below this 

layer was found silt and silty fine sand. The thickness of this layer is ~2.3-4.5 m. The temporary layer 

is followed by a dark-coloured organic lean-medium clay. The consistency of this layer is rigid, which 

extends between depths of 13.5 and 16.8 m. Below this are largely temporary and granular layers. From 

depths 15.8-16.8 m to depths 21.5-22.4 m, a fine sandy soft silt layer is present, followed by a silty fine 

sand layer to a depth of ~25.3 m. Below this, a sandy silt/sand layer extends to a depth of 30.0 m based. 

Groundwater was reported at -4.93m. 

18. Figure CPT chart

L1 - Mg 

L2 - Si 

L3 - siSa 

L4 - siCl 

L5 - Cl 

L6 - siSa 

L7 - Cl 

L8 - siSa 

L9 - Sa qc: 40MPa

qc: 10MPa

qc: 2,5MPa

qc: 25MPa

qc: 2,5MPa

qc: 3MPa

qc: 8MPa

qc: 4MPa

qc: 7,5MPa

 2. Figure CPT chart

building 

GWL 

Bottom of exc. 



161 

2.3. Inclinometer 

The inclinometer was placed on the south side of the diaphragm wall, where the adjacent building is 

located, near by the KD1-2-3 struts (Figure 1) and used to measure the displacements of the diaphragm 

wall. Measurements were taken before and after each major construction phase (e.g. excavation, strut 

installation, strut remove, slabs/base slab construction). In the modelling, I measured the displacements 

up to the full excavation of the working pit. 

3. BACK ANALYSIS

The 3D and 2D modelling of the deep excavation simulated the different phases of construction, the 

construction of the diaphragm wall, excavation, and the installation of the struts. During the calculations, 

I investigated the displacements of the diaphragm wall the moment and the shear force.  

I created 5 different soil models, where I increased the soil strength parameters to find the best fit with 

the measured values. The varied parameters between 100-150% range are ϕ, cohesion, compressive 

modulus, and shear parameter values. 

In the section under study, I compared the results of the 2D and 3D models. The aim of the study was 

to determine the relationship between the 2-dimensional and 3-dimensional models, which can be used 

to determine the approximate stresses and displacements of the wall near the corners where 3D effects 

are applied, without the need for 3D modelling. 

3.1. Soil model 

A number of advanced material models are available in Plaxis3D software. These can be used to model 

the behaviour of soils and structures more accurately. In this study I used the HS Small (Hardening Soil 

with small strain stiffness) material model to model the soil environment. 

The soils under low stress produce very little deformation. If the soil is loaded and unloaded cyclically, 

the deformations at the beginning of the re-loading are smaller, or in other words the initial modulus of 

elasticity (E0) is larger than the modulus of elasticity (Eur) for the whole cycle. Eur=3*Eoed was applied 

for all layers. The G0 and γ0.7 values were estimated using formulas listed by Benz and from the shear 

velocity. 

The small strain parameters were determined from empirical formulas and diagrams and from the results 

of CPT soundings. 

The latter was derived from Ákos Wolf's 2017 thesis entitled Estimation of Shear Wave Propagation 

Velocity from CPT Data for Domestic Soil Conditions, using the following formula: 

𝑣𝑠 = 11,97 ∗ 𝑞𝑡
0,262 ∗ 𝐼𝑐

0,709 ∗ 𝐷0,107 

where qt: corrected cone resistance with pore water pressure [kPa], Ic: soil behaviour factor [-], D: depth 

[m] 

Based on the shear wave propagation velocities and the wet density of the layers, the value of G0 can 

be calculated with the following formula: 

𝐺0 = 𝑣𝑠.𝑎𝑣𝑒𝑟𝑎𝑔𝑒
2 ∗ 𝛾𝑢𝑛𝑠𝑎𝑡

(1)

(2) 
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And for clays and silts, I used the empirical relationship shown in the following figure, with the formula 

(Zs. Rémai, 2012): 

𝐺0 = 49,4 ∗ 𝑞𝑡
0,695 ∗ 𝑒−1,130

To do this, we need the average corrected cone resistance with pore water pressure, and the characteristic 

void factor of the soil layer. 

The following parameters used for modelling: 

1. Table Basic model parameters

Soil model 
Layers 

L1 - Fill L2 - Si L3 - siSa L4 - siCl L5 - Cl L6 - siSa L7 - Cl L8 - siSa L9 - Sa 

γunsat kN/m3 17 18 18 18 18 19 18 19 19 

γsat kN/m3 18 19 19 19 19 20 19 20 21 

e - 0,8 0,65 0,75 0,65 0,7 0,6 0,7 0,7 0,5 

E50 MN/m2 14 9 18 5 4 35 4 20 60 

Eoed MN/m2 14 9 18 5 4 35 4 20 60 

Eur MN/m2 42 27 54 15 12 105 12 60 180 

m - 0,7 0,75 0,7 0,85 0,9 0,7 0,9 0,7 0,65 

νUR - 0,2 0,22 0,2 0,23 0,23 0,2 0,23 0,2 0,2 

φ ◦ 30 20 30 18 18 33 18 30 36 

c kN/m2 0,1 20 5 25 20 0,1 20 5 0,1 

G0,ref MN/m2 52 172 102 96 84 187 89 200 289 

γo,7 - 4,28E-05 7,21E-05 8,61E-05 1,50E-04 1,78E-04 1,16E-04 2,20E-04 1,48E-04 1,29E-04 

k m/day 8,64E+04 8,64E+00 8,64E+00 8,64E-03 8,64E-03 8,64E+01 8,64E-04 8,64E+01 8,64E+02 

3.2. Plaxis models 

I modelled the diaphragm wall with plate elements and the 

struts with a beam element. The struts are hinged to the 

diaphragm wall. All soil layers were modelled with drained 

behaviour. The modelled construction phases are: 

1. Initial phase

2. Working platform, and wall construct

3. 1st row strut working platform

4. 1st row strut application

5. 2nd row strut working platform

6. 2nd row strut application

7. 3rd row strut working platform

8. 3rd strut application

9. Complete excavation of the working pit

(3) 

Figure 3. Plaxis 2D and 3D model
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4. RESULTS

4.1. Back analysis 

Examining the computed results, it can be concluded that the calculated displacements are twice the 

measured values when using the basic soil parameters. The largest deviation occurs at maximum 

excavation (255%) (fig. 5). 

With a gradual increase of the soil parameters, the displacement values became closer and closer to the 

measured values, in several cases the calculated values were smaller than their measured counterparts. 

Not only the values in mind, the shape and slope of the curves also matched the curves determined by 

the inclinometer measurements. To find the best-fitting curve, I determined the average deviation 

between the measured and calculated curves. The soil behaves more and more rigidly as the construction 

phases progress, as models with increasingly higher strength parameters approximate the measured 

results. After the final excavation, the soil behaviour is even stiffer, as the best fit is obtained for soil 

parameters of 140%. The average deviation was found to be 0.50 mm, with the curves fitting almost 

perfectly.  

4.2. Corner effect 

The results show that the maximum value of PSR (Ratio of 3D to 2D results in the analysed cross-

section) for displacements and moments gradually decreases with increasing soil parameters. For 

displacements, the PSRU (displacement) value decreases from 1.23 to 1.04 and the PSRM (moment) 

value decreases from 1.02 to 0.75. The changes in these values are shown in the figures below. They 

show that 3D effects are more pronounced in stiffer soils, in narrow excavations. 
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Ou et al. (1996) and A. Szepesházi (2023) found the PSR to be around 0.7-0.8 for pits with the present 

lateral length, which is approximated for stiffer soils, especially for moments, but it is worth noting that 

the pit was made in a different soil environment, with different geometry and support than in the above 

mentioned tests. 

Figure 6. Value of PSRU along the wall

Figure 7. Value of PSRM along the wall

5. BIM

BIM as a methodology allows the various participants in the design, construction, and operation of 

buildings to work together in the virtual space. It is not only about classical 3D modelling, but also about 

the data that can be assigned to model elements, allowing them to be managed, identified, and listed 

individually. 

Methodology has several advantages that help those involved in the process to work efficiently and 

quickly. In addition to the rapid production of design documentation, the 3D environment facilitates 

communication between disciplines, such as the detection and correction of errors and conflicts, which 

helps to minimise forced solutions on the construction site, so reducing its resource requirements. 

However, this means additional resource requirements on the planning side. 
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With a properly created BIM model, you can create automatic consignments, listings, statements and 

perform inspections. 

BIM can be used not only in the building construction sector, but also in any other field of construction, 

from landscape to geotechnical engineering. 

We can also automatically create the reinforcement (pile or diaphragm wall), which speeds up the design 

process and reduces the risk of error. 

Figure  8. 3D modell of a diaphragm wall and pile reinforcement

6. CONCLUSIONS

From the calculation results, it can be concluded that the soil behaves more and more rigidly as the 

construction phases progress, as models with increasingly higher strength parameters approximate the 

measured results. This may be due to the consolidation of the soil, which increases the strength of the 

soil and the passive resistance, resulting in smaller deformations and lower stresses. 

In the corner effect study, the PSR indices calculated from 2D and 3D results (displacement and 

moment) gradually decreased with soil stiffening. They conclude that 3D effects are more pronounced 

for stiffer soils than for narrow working pits. 

The increasing use of BIM in various sectors of the construction sector allows for the detection of defects 

before construction and helps in the digitalisation process. 
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ABSTRACT 

Liquefaction-induced ground failure poses significant challenges to engineering practices, particularly 

in seismic regions. Earthquake events commonly result in liquefaction failures, including settlements, 

building tilting, sand boils, and slope instabilities. Consequently, assessing liquefaction risk becomes 

imperative for critical infrastructure. This study introduces a liquefaction simulation approach, 

specifically tailored for the Wildlife site, utilizing the simplified extended equivalent linear model (X-

ELM) method. This method facilitates the simulation of liquefaction within a 1D horizontally layered 

soil profile. The X-ELM method, being a linear equivalent model, incorporates the effects of pore water 

pressure buildup through experimental and semi-empirical relationships. It also integrates non-linear 

soil response due to shear strain and pore water pressure. The practicality of the X-ELM method for 

engineering applications is emphasized. It is applied to the Wildlife site, which experienced the 1987 

Superstition Hills earthquake. The study compares liquefaction triggering response and pore water 

pressure buildup simulated by the X-ELM method with actual observations from the Wildlife profile 

array. Through this comparison, the efficacy of the X-ELM method is evaluated, providing insights into 

its performance and suitability for practical engineering assessments. 

KEYWORDS 

X-ELM, EERA, Liquefaction, Pore water pressure, Sand, Wildlife site. 

1. INTRODUCTION

Probabilistic and statistical analyses of seismic-induced shear stress and experimental soil shear strength 

have led to the development of empirical methods for assessing liquefaction risk. While simplified 

methods offer ease of use, they are limited in accuracy and often require significant design margins. In 

response, complex methods have been proposed to simulate the intricate physics of liquefaction. These 

methods involve transient nonlinear calculations coupled with excess pore water pressure generation, 

requiring advanced engineering skills, extensive laboratory tests for soil model calibration, and 

considerable time investment. As an intermediate solution, the Extended Equivalent Linear Model (X-

ELM) offers a simpler approach to studying liquefaction triggers by earthquakes. This method integrates 

semi-empirical and experimental relationships to combine excess pore water pressure with the linear 

equivalent response of soil profiles. By doing so, X-ELM provides a more precise and cost-effective 

means of evaluating liquefaction risk for engineering projects. 

In a study by (Kteich, et al., 2019), the X-ELM was applied to twelve soil profiles in the city of Urayasu, 

where real liquefaction observations were recorded following the 2011 Tohoku earthquake. The X-ELM 

qualitatively predicted liquefaction occurrences, demonstrating its efficacy. Subsequently, the authors 

introduced the X-ELM into the VBA/Excel environment for enhanced ease of use in engineering 

practice. They utilized the model to simulate real observations from the Wildlife profile, comparing the 

results to in-situ data and acceleration records to assess its reliability. Furthermore, this paper highlights 

the advantages of utilizing in-situ Cone Penetration Test (CPT) data over Standard Penetration Test 
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(SPT) data for liquefaction assessment, emphasizing the importance of accurate and comprehensive data 

inputs in liquefaction risk evaluation. 

2. X-ELM/EERA MODEL PRESENTATION

2.1. Theory and background 

The extended equivalent linear method X-ELM integrates the excess pore water pressure influence into 

the conventional equivalent linear method. This method follows the near surface assumption and 

neglects the effect of volumetric wave propagation. It analyses the response of a 1D soil profile using 

only the preponderant component of the shear wave with a vertical propagation. To calculate the pore 

water pressure, this method integrates the generation of the volumetric deformation in function of the 

shear distortion and the cumulated volumetric deformation using Byrne model (Byrne, 1991). Moreover, 

it uses the (Martin, et al., 1975) approach and the updated  (Wu, 2001) elastic rebound modulus to predict 

the excess pore water generation into the profile. The previous models combined with an equivalent 

linear method forms the X-ELM approach, it is used to simulate the response of an undrained soil profile 

under cyclic loading. 

A brief summary of the X-ELM main integrated models will be presented in the following sections, 

(Kteich, et al., 2019) explain the detailed operation of the X-ELM in his article. 

2.2. Modelling of the soil behaviour 

The soil response under seismic motion is governed by the shear modulus degradation of the soil profile 

and is regulated by the intrinsic and geometric energy dissipation of the soil. Based on laboratory tests, 

it is observed that the soil material under shear loading presents hysteretic response, this behaviour is 

due to the instantaneous degradation of the shear modulus G in function of the distortion level and the 

pore water pressure buildup. Equation (1) presents the shear modulus of (Seed & Idriss, 1970) that 

accounts for the previous observations.  

𝐺 = 𝐴𝐹(𝑒)
𝐺

𝐺𝑚𝑎𝑥

[𝛾](𝑝′)𝑛 (1) 

AF(e) is considered constant for undrained conditions and can be calculated from the initial maximum 

shear modulus at very low distortion levels; 
𝐺

𝐺𝑚𝑎𝑥
[𝛾] is derived from experimental tests on each material, 

it governs the degradation of the shear modulus in function of the distortion level; (𝑝′)𝑛 integrates the

influence of the excess pore water pressure on the shear modulus degradation of the soil. (Oztoprak & 

Bolton, 2013) showed that the experimental shear modulus degradation curves with a maximum of 10 

distortion cycles do not incorporate the influence of the pore water pressure. For this reason, the X-ELM 

incorporate the pore water pressure generation model into the degradation of the soil shear modulus. 

2.3. Determination of the volumetric plastic deformation  

To determine the pore water pressure generation under undrained cyclic loading, the excess pore water 

pressure is related to the cumulated volumetric plastic deformation. (Byrne, 1991) proposed equation 

(2) to quantify the generation of permanent volumetric plastic deformation via cyclic loading. The 

incremental volumetric deformation is calculated in function of the cumulated deformation, the shear 

distortion amplitude, and two tuning parameters C1-C2. 

Byrne demonstrated that for a single sand with the same relative density a single incremental volumetric 

deformation curve can be plotted for different distortion level, while a sand with different relative 

density the fitting curve can be adjusted by updating the volume control C1 parameter and the shape C2 

parameter. Byrne demonstrated that for different densities the curves preserve identical shapes and 

proposed relating parameter C2 to parameter C1 by the following equation: 𝐶2 =
0.4

𝐶1
 . 

∆𝜀𝑣
𝑝

= 𝐶1𝑒𝑥𝑝 (−𝐶2

𝜀𝑣
𝑝

𝛾
) (2) 
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The success of the Byrne model derives from the ability to relate : the parameter C1 with the relative 

density Dr using equation (3) of (Silver & Seed, 1971) or the normalized SPT blow count (N1)60 using 

the equation (4) of (Tokimatsu & Seed, 1987) or the corrected equivalent clean sand cone tip resistance 

qc1Ncs using equation (5) of (Boulanger & Idriss, 2014). 

2.4. Pore water pressure calculation 

To determine the excess pore water pressure that is generated from the cumulated plastic volumetric 

deformation of (Byrne, 1991), the (Martin, et al., 1975) model with the updated (Wu, 2001) rebound 

modulus is proposed. 

The pore water pressure generation is related linearly to the volumetric deformation via the drained bulk 

modulus. (Seed, et al., 1975) studied the reversibility of the volumetric deformation and noted that it is 

20% more reversible in a cyclic loading compared to a monotonic loading. Therefore (Wu, 1996) 

performed a study to determine the cyclic rebound modulus 𝐸𝑟 of the soil and noted that it exists a

unique relationship between the soil relative density and the required volumetric deformation to cause 

liquefaction. Wu proposed the equation (6) to represent the rebound modulus 𝐸𝑟 in function of the

vertical effective stress and a constant M that is expressed in equation (7) as a function of the SPT (N1)60 

and a constant α. The maximum value of M is limited to 480 and the value of α ranges between 150 and 

180. 
𝐸𝑟 =  𝑀𝜎𝑣

′

(6) 

𝑀 =  10(𝑁1)60 + 𝛼 
(7) 

(Kteich, et al., 2019) proposed equation (8) to calculate the excess pore water pressure considering the 

corrected rebound modulus of (Wu, 1996) and (Wu, 2001). 

𝑟𝑢 =
∆𝑢

𝜎𝑣0
′ = 1 − 𝑒𝑥𝑝 (−𝑀𝜀𝑣

𝑝
) (8) 

To model the response of the soil profile, (Kteich, et al., 2019) integrated the effect of the excess pore 

pressure into the (Seed, et al., 1975) shear modulus equation as follows: 

Integrating the pore water pressure generation model into an equivalent-linear analysis does not consider 

the instantaneous time effect of the pressure generation and the distortion levels. Therefore, equivalent 

to the idea proposed by (Seed, et al., 1975) to use an effective distortion level when calculating the shear 

modulus degradation curve, a weighting coefficient 𝜒 is introduced to the pore water pressure ratio  

𝑟𝑢𝑒𝑓𝑓 = 𝜒𝑟𝑢𝑚𝑎𝑥  and integrated into equation (9).

𝐶1 = 7600 (𝐷𝑟)−2.5 (3) 

𝐶1 = 8.7 (𝑁1)60
−1.25 (4) 

𝐷𝑟 =  {0.478(𝑞𝐶1𝑁𝑐𝑠)0.264 − 1.063}. 100 (5) 

𝐺′ = 𝐺𝑚𝑎𝑥
0

𝐺

𝐺𝑚𝑎𝑥
[𝛾𝑒𝑓𝑓](1 − 𝑟𝑢𝑒𝑓𝑓)

𝑛
(9) 
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3. CASE STUDY - LIQUEFACTION ANALYSIS OF THE WILDLIFE SITE

3.1. Overview of the Wildlife site 

Figure 1. Wildlife profile section and instrumentation. (Bennett, et al., 1984).

The Wildlife site, situated on the western bank of the Alamo River in Imperial County, Southern 

California, was flagged for liquefaction susceptibility following observed evidence. To 

comprehensively understand the interplay between ground motion, pore water pressure buildup, and site 

degradation, instrumentation was installed to record seismic responses. These data, collected post-

liquefaction suspicions, have been pivotal in analyzing the dynamics of ground behavior strength 

(Bennett, et al., 1984). 

The site's profile, illustrated in Figure 1, delineates critical instrumentation placements: the SM2 

accelerometer atop the ground surface and the SM1 accelerometer positioned 7.5 meters beneath the 

silty sand stratum. Identified as liquefiable, the silty sand layer warranted further monitoring, prompting 

the installation of five piezometers (P1 to P5) to track pore water pressure variations during seismic 

events. Notably, the water table lies 1.3 meters beneath the ground level, rendering soil layers above 

this threshold immune to liquefaction. 

On November 23, 1987, the Wildlife site experienced the Superstition Hills earthquake, registering a 

magnitude of Mw=6.6. This seismic event induced a sharp escalation in pore water pressure, as 

evidenced by field observations revealing the emergence of sand boils—an unmistakable sign of 

liquefaction occurrence. In response to these findings, the X-ELM approach is proposed to simulate 

liquefaction dynamics within the Wildlife profile, aiming to enhance understanding and predictive 

capabilities regarding ground behavior under seismic stressors. 

3.2. The X-ELM liquefaction model 

The creation of the X-ELM model for the Wildlife site involves utilizing various geotechnical 

parameters obtained from field investigations and laboratory tests. Figure 2 depicts the SPT N values, 

shear wave velocity, and Cone Penetration Test (CPT) data, crucial inputs for model development. 

Additionally, the soil granulometry test conducted by  (Bennett, et al., 1984) discerns susceptible zones 

for liquefaction, utilizing the PS92 criterion for sandy and silty soils and the (Seed et al. 2003) criterion 

for clayey soils. Regions highlighted in Figures 2 and 3 denote susceptibility to liquefaction. 

To refine input parameters for the X-ELM model, the soil fines content is employed to adjust the SPT 

N values and CPT qcN values, yielding clean sand equivalents (N1)60CS and (qcN)cs, respectively. These 

adjusted values are then incorporated into the (Byrne, 1991) model. Notably, the NS record captured by 

the SM1 accelerometer, positioned 7.5 meters below the ground surface, is integrated into the X-ELM 

model with a borehole configuration, accurately simulating motion at this depth layer. This meticulous 

approach ensures the fidelity of the model in capturing the site-specific dynamics and behavior of the 

Wildlife site during seismic events. 
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Figure 2. Wildlife liquefaction array profile showing: SPT N values, shear wave velocities, CPT tip resistances, depths of 

recordings (accelerometers at 0 and 7.5 m; pore-pressure transducer at 2.9 m) and highlighting the liquefiable strata 

[ (Bennett, et al., 1984), (Ziotopoulou, et al., 2012)] 

Figure 3. The results of the Wildlife profile showing the maximum shear strain profile, the shear modulus ratio profile, the 

maximum acceleration profile, the pore water pressure ratio and the highlighted critical layer for the X-ELM model with 

CPT and SPT input 

For comparison, two X-ELM models were developed for the Wildlife profile using in situ data from 

(Bennett, et al., 1984). These models incorporate adjustments to pore water pressure buildup parameters, 

namely Byrne C1 and C2, related to the first model with SPT clean sand (N1)60CS and to the second 

model with C3g CPT clean sand (qcN)cs using using equation (3) and (5). Results from the Wildlife 

simulation in Figure 3 reveal critical parameters including maximum shear strain, shear modulus ratio, 

maximum acceleration, and maximum pore water pressure ratio for both X-ELM models. Remarkably, 

both models exhibit comparable outcomes, with a maximum shear strain of 1.6% and a G/Gmax nearing 

0 at a depth of 2.4 meters, indicating a pronounced nonlinear response of the Wildlife profile during the 

Superstition Hills earthquake. 

Applying liquefaction susceptibility criteria, highlighted zones in the Wildlife profile denote regions 

prone to excess pore water pressure buildup. A notable observation emerges: the model utilizing CPT 

input presents higher excess pore water pressure ratios, covering a larger area compared to the SPT input 

model. Furthermore, the SPT input model fails to identify a liquefied zone at a depth of 6 meters. 

Consequently, the efficacy of liquefaction response assessment hinges on the quality of input profile 

characteristics, notably observed discrepancies between CPT and SPT inputs. It is evident that the CPT 

in situ test yields more accurate results, proved more suitable for liquefaction risk assessments. 
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3.3. Liquefaction results - pore water pressure buildup 

Figure 4 presents the pore water pressure buildup visualization, combining in-situ data from piezometers 

P1, P2, P3, and P5 with the results obtained from the X-ELM model utilizing Cone Penetration Test 

(CPT) input data. Analysis of the in-situ data reveals a consistent trend in pore water pressure buildup 

across all four piezometers. This consistency suggests interconnected pores within the susceptible layer, 

indicating susceptibility to liquefaction across all layers concurrently, typically observed approximately 

40 seconds after the onset of shaking. Comparing the pore water pressure buildup between the X-ELM 

model and real observations, a similar order is noted. Specifically, the pore water pressure buildup (Ru) 

at P1 and P3 is lower than that at P2 and P5, aligning with the lower soil characteristics observed at P2 

and P5 as illustrated in Figure 2. However, while the X-ELM model effectively predicts liquefaction in 

localized zones, it fails to do so comprehensively. In piezometers P2 and P5, the calculated Ru exceeds 

the liquefaction triggering threshold of 0.8, indicating liquefaction occurrence. However, despite 

observed liquefaction, calculated Ru values in piezometers P1 and P3 remain below the triggering limit. 

Furthermore, the X-ELM model predicts liquefaction occurring after 14 seconds from the onset of the 

earthquake, contrasting with the 40-second timeframe observed in reality. This discrepancy in timing is 

attributed to the model's lack of consideration for flow interaction between different layers within the 

profile. Typically, sand permeability is high, facilitating pressure migration from zones with higher pore 

water pressure buildup (such as P2 and P5) towards zones with lower buildup (such as P1 and P3), 

thereby delaying liquefaction occurrence in the former. 

Figure 4. The pore water pressure generation of the X-ELM model for the Wildlife profile and the pore water 

pressure observations of the P1, P2, P3, and P5 Wildlife 

3.4. Liquefaction results - acceleration records 

Figure 5 displays the ground surface acceleration records for both the Wildlife real observation and the 

simulated X-ELM, segmented into four distinct stages for analysis: 

- Stage 1 (0.0-13.7 s): During this initial stage, the ground acceleration exhibits a low amplitude 

(0.13g), accompanied by minimal pore water pressure buildup. The response from the X-ELM 

simulation closely mirrors the real observation but with smoother amplitude characteristics. 

- Stage 2 (13.7-20.6 s): This stage corresponds to the peak of the shaking event, characterized by the 

strongest ground acceleration reaching a peak of 0.21g. Pore water pressure rapidly increases during 

this period. While the real observation shows slight smoothing, the X-ELM simulation demonstrates 

higher peak amplitudes compared to the real observations. 

- Stage 3 (20.6-40.0 s): Acceleration amplitudes in the real observation decrease to 0.06g during this 

stage, accompanied by longer periods compared to previous stages. Pore pressure buildup continues, 

and the X-ELM simulation exhibits more peaks (higher frequencies) than the recorded data. 

- Stage 4 (40.0-96 s): At this stage, excess pore water pressure reaches its maximum value. The 

registered surface acceleration displays low amplitudes and very high periods, while the X-ELM 

simulation consistently shows more peaks than the real observations. The smoothing of acceleration 

amplitudes is attributed to excessive soil softening, where the soil layer undergoes significant 

deformation and becomes overly plasticized, hindering upward signal transfer. 
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Time (sec)
Figure 5. The different stages of the acceleration record at the ground surface level of the Wildlife real observation (solid 

line) and the simulated X-ELM model (dotted line). 

Frequency (Hz)
Figure 6. The pseudo spectral acceleration of the Borehole signal for the Wildlife real observation (solid line), the ground 

surface signal for the Wildlife real observation (soft dotted line), and the ground surface signal for the linear equivalent 

X-ELM (rough dotted line), with a 5% critical damping ratio. 

Figure 6 illustrates the pseudo spectral acceleration of both the real observation and the X-ELM 

simulation. Notably, all three spectral accelerations exhibit a maximum pseudo spectral acceleration at 

the same frequency value of 2.9 Hz, indicating that the X-ELM possesses natural frequencies similar to 

those of the actual profile. However, there are discrepancies in pseudo acceleration amplitudes between 

the X-ELM model and the real observation. Specifically, the X-ELM model overestimates pseudo 

acceleration amplitudes within a central frequency range of 1.3 Hz to 5.2 Hz and underestimates them 

outside this range. The observed decay in high frequencies of the real acceleration record in Figure 5 is 

attributed to the liquefaction effect. During liquefaction, there is an instantaneous sharp shift in shear 

modulus and damping values, resulting in a decay of high frequencies in the signal. 

The X-ELM model, however, employs a constant and averaged modulus and damping throughout the 

calculation, incapable of simulating the instantaneous changes in these parameters over time. This 

averaging effect results in smoothed frequencies in the X-ELM signal, particularly evident in Stage 1. 

Consequently, the X-ELM model produces lower acceleration amplitudes at high frequency levels. 

Conversely, in the low frequency range of the spectrum, the real observation exhibits higher frequencies 

than the X-ELM simulation in Stages 2, 3, and 4, leading to lower acceleration amplitudes for the X-

ELM. Furthermore, the constant shear modulus over time utilized by the X-ELM model results in 

amplification at the natural frequencies of the profile, explaining the higher acceleration amplitudes 

observed at central spectral frequencies. 

4. CONCLUSION

The X-ELM method aims to create a liquefaction risk analysis tool that surpasses simple empirical 

methods in accuracy while maintaining ease of use compared to transient effective stress models. In 

practice, the X-ELM model successfully identifies soil profile liquefaction triggers during seismic 

events. However, it diverges from reality in terms of excess pore water pressure generation. Notably, 

due to the absence of flow calculations, the X-ELM model produces faster pore water pressure changes 

for highly susceptible layers and slower changes for resistant layers. When assessing liquefaction risk 

using the X-ELM method, it’s crucial to qualitatively consider layer interactions that influence the 

liquefaction response. In summary, the X-ELM model detects liquefaction but falls short in simulating 
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post-liquefaction effects due to limitations in shear modulus averaging within the linear equivalent 

method at high distortion and pore water pressure levels. 
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ABSTRACT 

With the exponential increase in the World's mean temperature, produced due to the worrying rise in 

CO2 emissions, more and more international entities are looking for options to mitigate this natural 

phenomenon. In this context, researchers have proposed storing this gas in the subsoil. Among the 

different types of CO2 underground storage, a commonly mentioned alternative is the use of depleted 

oil and gas reservoirs. These formations are characterized by being composed of sedimentary porous 

reservoir rocks, covered by a caprock layer that stands out due to its low permeability. In Argentina, 

three main basins are considered as possible CO2 storages, being the Salamanca Formation from the 

Golfo San Jorge Basin the case study of this article. This formation is composed of three seal layers 

(Lignitífero, Fragmentosa, and Banco Negro) alternated with two reservoir rocks (Glauconítico and 

Banco Verde). It is of particular interest the study of the Banco Verde layer, as it is a depleted oil and 

gas reservoir that seems to gather the necessary properties to be used as a permanent underground CO2 

storage. In previous research, laboratory mechanical tests were performed on pristine and CO2-aged 

sandstone samples, showing a notable variation in their properties after CO2 exposure. Aiming for a 

better understanding of this property evolution, microstructural and chemical analysis such as X-ray 

diffraction, and Mercury Intrusion Porosimetry, were performed. The observed modifications in the 

behaviour of the reservoir rock seem to be consequent with the microstructural and chemical evolution 

produced. 

KEYWORDS 

Sandstone CO2-aged; Carbon capture and storage; Depleted oil and gas reservoir; Micro structural and 

chemical property evolution. 

1. INTRODUCTION

According to the Intergovernmental Panel on Climate Change, in the last 100 years, the average global 

temperature has increased by about 1.1ºC (Working Groups I, II and III of the Intergovernmental Panel 

on Climate Change (2023)). This notable increase in temperature leads to substantial changes in the 

daily activities of the species that inhabit the earth's surface. This is why the issue of climate change is 

constantly being addressed. Considering the fact that this phenomenon is mainly produced due to the 

exponential increase in the emission of greenhouse gases (Siddiqui et al. (2022)), 75% of which are 

carbon dioxide (CO2) (Working Group III of the Intergovernmental Panel on Climate Change (2014)), 

researchers are currently looking for ways to adequately dispose these fluids. 

Carbon dioxide capture and storage is a practice that is being increasingly mentioned, as it represents a 

viable alternative in the process of mitigating global warming. It is intended to reduce the concentration 
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of CO2 in the atmosphere through the geological storage of the gas in a suitable rock stratum. There are 

different types of geological formations whose geomechanical properties classify them as suitable to be 

considered as CO2 reservoirs. These include coal beds, salt beds, depleted oil and gas reservoirs, and 

saline aquifers (Bachu et al. (2000)). 

In 2015, in the context of the United Nations Framework Convention on Climate Change, the Secretariat 

of Environment and Sustainable Development of Argentina met with the aim of proposing measures to 

mitigate global warming. Thus, among the options mentioned, the geological storage of CO2 was 

highlighted, proposing different depleted gas and oil formations as possible reservoirs of this greenhouse 

gas. Among them, particular interest was shown in the oil formations distributed in the Golfo San Jorge 

Basin. At that time, it was considered that the country did not have the resources or the necessary 

experience to start applying these practices, so the corresponding investigations were not carried out. 

Despite this, in recent years, several Argentinian researchers have shown interest in focusing on this 

research area (Manzanal et al. (2013), Barría et al. (2018), Martín et al. (2022), and Grasetti et al. 

(2022)). Except for particular cases (Grasetti et al. (2022)), the studies developed focus on the study of 

the interaction between the cement of the injection well and the injected CO2 and on the modelling of 

the CO2 interaction with the cement and not on the evolution of the properties of the rock in charge of 

storing the gas in question. 

When considering the feasibility of using a certain rock as a CO2 reservoir, it is essential to study the 

modifications produced in its properties due to the action of supercritical carbon dioxide (scCO2). The 

geomechanical properties of interest depend mainly on two factors, on the one hand, to ensure that the 

gas is fixed (Bradshaw et al. (2007)), and on the other hand, to ensure the long-term integrity of the 

reservoir (Hawkes et al. (2004)). Thus, the main geomechanical properties analysed are usually porosity 

and permeability, composition and strength. 

Considering the national interest in developing geological storage of carbon dioxide, and the scarce 

research developed on this subject, this article proposes the Banco Verde stratum of the Salamanca 

Formation, belonging to the Golfo San Jorge Basin, as a possible CO2 store. The proposed stratum is 

formed by a glauconitic sandstone of marine origin, which is characterized by being a reservoir of 

depleted gas and oil (Foix (2009)). Thus, a detailed analysis of the compositional and micro structural 

properties of the chosen sandstone, before and after subjecting it to the action of scCO2 for a period of 

30 days, is presented below. 

2. MATERIALS AND METHODS

2.1. Salamanca Formation description 

According to Feruglio (1949), the Salamanca Formation is composed of five different layers. The lower 

layer, known as Lignitífero, composed of grey clays with thin sandy banks containing abundant 

carbonaceous remains, with a thickness varying between 15 and 20m (TERMAP S.A. (2011)). Directly 

in contact with this last is Glauconítico (10-30m), which, as its name indicates, is a glauconitic sandstone 

stratum with low clay content, being this the first oil and gas reservoir found and exploited from the 

Golfo San Jorge Basin. The Fragmentosa layer, is characterized for being the thickest of the stratum 

composing the Salamanca Formation (140m), representing the cap rock of the Glauconítico, being 

composed of a fractured grey claystone filled with sandy sediments from the above layer. The two strata 

left, Banco Verde and Banco Negro, from bottom to up, represent the shallower oil and gas reservoir of 

the Golfo San Jorge Basin and its corresponding cap rock. The special interest shown in them as possible 

geological storage of CO2 resides in the fact that the Banco Verde reservoir rock is depleted. 

Additionally, this layer is composed of coarse to very fine-grained greenish-gray sandstone, material 

discontinuities such as gypsum veins, glauconite and vulcanite clasts and clay lenses that come from the 

Banco Negro stratum (Foix (2009)). According to Rodríguez et al. (2014), Banco Verde is characterized 

for having high values of porosity and permeability, which make it a suitable reservoir rock for CO2 

injection. The Banco Negro layer, represents the cap rock of the Banco Verde reservoir rock, adding 
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safety to the possible underground CO2 storage. This claystone is composed of dark gray clays, with 

black speckles, characterized for presenting low permeability values, which make it a potentially 

effective sealing rock for potential gas leaks.  

The presented study aimed to analyze the variation produced in the properties of the Banco Verde 

reservoir rock layer due to its aging with scCO2 during a 30-day period. To achieve this, it was first 

necessary to obtain samples from which to extract specimens to be further tested in both its pristine and 

carbonated state. Bearing in mind that it was economically unfeasible to obtain underground samples, 

the alternative chosen was to extract samples from outcrop. Even when Salamanca Formation can be 

reached superficially in several geological locations, such as “Estancia las Violetas”, “Puerto Visser”, 

“Meseta del Curioso”, among others (Foix et al. (2009)), just in some of them, the Banco Verde layer is 

reachable, being this the reason why the “Punta Peligro Norte” outcrop was selected. In this location, 

Fragmentosa, Banco Verde and Banco Negro layers of the Salamanca Formation can be reached. With 

the help of a pickaxe, samples were extracted from the lower part of the Banco Verde sandstone and 

taken to the “Laboratorio de Investigación de Suelos, Hormigones y Asfaltos” of the Universidad 

Nacional de la Patagonia San Juan Bosco (UNPSJB) for further treatment. 

2.2. Specimen obtention 

Once the samples were obtained from outcrop, the next step was to extract and prepare the specimens 

to be tested. Bearing in mind that the specimens to be subjected to mineralogic and micro structural 

analysis had to be pieces of rock of around 50g, depending on the test, and with no particular shape, it 

was considered adequate to take advantage of the pieces that resulted from performing the mechanical 

tests.  

The cores to be used for mechanical property determination were obtained according to the ASTM D 

4543 – 01 normative, using a coring machine and a saw. Once these were measured and weighed, the 

specimens were paired according to their property similarity, considering them “twin” specimens. Half 

of the twin specimens were stored in a constant humidity and temperature chamber, while the other half 

were subjected to a scCO2-aging process. The CO2 was injected into the chosen sandstone specimens 

during a 30-day period, completed using a carbonation cell available in the UNPSJB’s laboratory. The 

gas was characterized for having a pressure of approximately 10MPa and a temperature of 60ºC, 

conditions selected with the aim of injecting the CO2 in a supercritical state of matter (according to 

Ranjith et al. (2013), CO2 is supercritical at 7.38MPa and 31.48ºC) and reaching the real underground 

temperature of the reservoir. Both groups of specimens, pristine and carbonated, were subjected to the 

desired mechanical tests. 

As it was previously mentioned, after performing the mechanical tests on the twin cores, the resting 

pieces of rock were used to obtain the necessary specimens to perform the mineralogic and micro 

structural analysis. Considering that the objective of the research was to study the variation of the 

chemical properties of the glauconitic sandstone due to its exposure to CO2, pieces of rock were 

extracted from the already tested cores from two zones: centre and edge. In this way it would also be 

possible to view the degree of penetration of CO2 in the carbonation process, bearing in mind that the 

edge of the cores would be exposed to the gas from the first moment, while the centre wouldn’t.  

2.3. Laboratory tests 

Previously, it was pointed out that when studying the feasibility of using a certain geological stratum as 

a storage for CO2, it was necessary to consider, on the one hand, the available volume and, on the other 

hand, the type of trapping that occurs (Bradshaw et al. 2007). Thus, the need arose to study the evolution 

of the microstructural properties of the sandstone that forms the Banco Verde after CO2 injection. This 

analysis also allows a better understanding of the modifications presented in terms of the mechanical 

properties of the rock. In this context, it was proposed to study the evolution of the rock composition, 

as well as its porosity and pore distribution. 
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In order to analyse the variation of the aforementioned microstructural properties, two different tests 

were carried out, X-ray diffraction (XRD) using the Panalytical X’Pert PRO X-ray diffractometer 

equipment and Mercury Intrusion Porosimetry (MIP) using the Micromeritics 9500 AutoPore IV 

equipment, both available at the Laboratorio de Geotecnia - CEDEX. These were carried out using 

pieces extracted from both groups of specimens, exposed and unexposed to the action of scCO2, 

previously subjected to mechanical tests. Additionally, to complement the compositional tests, thin 

sections were obtained from the pristine sandstone. 

3. RESULTS AND DISCUSSION

3.1. Porosity and pore size distribution 

When performing the MIP tests, two general aspects of the specimens studied can be analysed. On the 

one hand, the porosity variation in terms of the pore diameter can be determined. From here, not only 

the porosity to mercury intrusion of the specimen can be determined, but also, a certain idea of the pore 

size distribution can be reached. Both analyses can be developed based on a porosity vs. pore diameter 

plot. On the other hand, by representing the differential intrusion in terms of the pore diameter, a more 

detailed analysis of the pore size distribution present in the specimen tested can be obtained.  

In Figure 1.a, the porosity of the tested specimens is plotted in terms of the pore diameter. The curves 

represent a mean curve obtained from averaging the results derived from performing several tests for 

each type of specimen tested (5 pristine sandstone specimens, 3 30-day carbonated sandstone specimens 

from the centre and 3 from the edge). Three main observations can be made from these curves. Firstly, 

it can be observed that there is a reduction in the porosity of the sample, varying from 10.65% for the 

pristine sandstone to 10.34% for the 30-day carbonated sandstone from the centre of the core and 

10.08%. Secondly, the amount of mercury that remains inside the specimen once the extrusion process 

is completed, reduces in a higher rate than the porosity of the sample, starting at a value of 5.93% for 

the pristine sandstone and decreasing to 4.53% y 3.49% for the CO2-aged specimens from the centre 

and edge respectively. According to Cebeci et al. (1978), this remaining or entrapped mercury, is related 

to the ink-bottle pores (pores connected to a narrower-neck capillary) present in the specimen. Bearing 

this in mind, it seems reasonable to think that the CO2 injection produces a reduction in the specimen’s 

ink-bottle pore content. Finally, from comparing the shape of the curves, it might be noted that there is 

an important change produced in the pores with a diameter varying between 100nm and 10000nm. For 

a better understanding of this last, Figure 1.b should be analysed in detail. 

When studying the pore size distribution that characterizes the pristine glauconitic sandstone specimens, 

it might be mentioned that it seems to have pores of two main sizes: 40nm-90nm and 800nm-4000nm. 

These pore size distribution might be observed in Figure 1.b, noting that for the 30-day carbonated 

specimen from the centre, the two groups of pore sizes continue to predominate, while in the case of the 

altered sandstone specimens obtained from the edges of the core, the pores corresponding to the 800nm-

4000nm group, seem to have suffered an important reduction, while the pores with a size between 40nm 

and 90 nm, seem to have increased in amount. Similar changes in pore distribution were reported by 

Zheng et al. (2015), presenting a reduction in porosity as well. As it was previously mentioned, from 

observing this figure together with Figure 1.a, to understand why the change in the plotted in porosity 

vs. pore diameter have a different shape for each specimen type. 

The variations produced in terms of the porosity and pore distribution of the Banco Verde sandstone 

after exposing it to a CO2-rich environment can be summarized as follows. In the first place, as 

Laskowski et al. (2023) had shown for different samples obtained from outcrop, the glauconitic 

sandstone studied seems to always present a reduction in its porosity. Additionally, there could be a 

reduction in the amount of ink-bottle type of pores, noted from comparing the entrapped mercury at the 

end of each of the tests performed for each type of specimen, which could also be related to the reduction 

in bigger pores and the increment in smaller pores. Finally, it has been made evident from comparing 
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the three types of specimens, that the centre of the carbonated core is less affected by CO2 than the edge. 

This is reasonable to think as the exposure time of the outer part of the core is longer, given the fact that 

this zone is in contact with CO2 from the first moment while the inner part becomes exposed when the 

diffusion process is completed and reaches the centre. 

Figure 1.a) Porosity vs. Pore Diameter plot. b) Differential Intrusion vs. Pore Diameter. Plots obtained from 

performing MIP tests on pristine and carbonated specimens, from both edge and centre zones. 

3.2. Element composition and mineralogy 

With the aim of analysing the variation produced in the composition of the sandstone due to its exposure 

to a CO2-rich environment, X-ray diffraction (XRD) tests were performed in pristine, and 30-day 

carbonated specimens previously subjected to mechanical testing. In particular, when testing the altered 

rock, pieces were extracted from the edge and centre of the core, in order to analyse the penetration 

degree of the CO2 in the core during the carbonation process. To complement the XRD, the petrography 

of thin sections of pristine sandstone was studied. 

In general terms, sandstones are characterized for being composed of quartz, feldspar, mica, and rock 

fragments, among other components (Davies et al. (1975)). When analysing the petrography of the 

Banco Verde sandstone (Figure 2), the prevailing mineral was the quartz, representing around a 30% of 

the total composition. Additionally, feldspar (~10%), glauconite (~10%), carbonates (~5%) and volcanic 

rock fragments (~5%) were detected. From this analysis, it was also noted that the rock matrix was 

composed of calcite cement, presenting in some grain contacts, dolomite crystals and clay (Figure 2.b). 

From observing various thin sections of the pristine sandstone in the microscope, it could be concluded 

that the sandstone layer studied had also plagioclase grains (type of feldspar) throughout its volume.  

Figure 2.a) General aspect of the thin section of pristine sandstone under analyzed or cross polarized light. b) 

Zoom into the thin section of the pristine sandstone under analyzed or cross polarized light. Q: quartz, Gl: 

glauconite, CC: calcite cement. 
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All the aforementioned minerals composing the Banco Verde sandstone, were also present in the XRD 

tests. As it can be observed in Figure 3, the quartz content is approximately 30%, as indicated by the 

petrographic analysis of the thin sections, and there is presence of plagioclase, indicated by the 

appearance of albite and anorthite. When studying the variations produced in the sandstone due to its 

exposure to a CO2-rich environment, four main changes seem to occur in compositional terms. One of 

the most notable changes is that quartz content seems to be increasing. It can also be observed that there 

are changes in percentage of albite and anorthite present in the sandstone after its exposure, indicating 

that plagioclase is being altered by CO2. Finally, there is a reduction in calcite content, mineral 

principally composing the cement matrix of the Banco Verde sandstone.  

Figure 3. Mineralogic content determined through XRD tests over two groups of twin specimens. 

Before analysing the mentioned changes in quartz and plagioclase, two aspects should be considered. 

On the one hand, a reduction in the core’s weight after being exposed to CO2, has been noted. This might 

indicate that dissolution mechanisms are occurring at a higher rate than precipitation (Peng et al. (2022)). 

On the other hand, quartz is not a mineral of quick reaction (Wigand et al. (2008), and Othman et al. 

(2018)), which indicates that in a 30-day period, no changes should be noted. In this context, the 

increment produced in quartz content could be related to the reduction in content of other minerals, 

which would proportionally increase its content in the big picture.  

When referring to the variation produced in the plagioclase, the same changes were observed by Cui et 

al. (2017) and Peng et al. (2022), the first researcher indicating a reduction in the anorthite and an 

increment in the albite, while the second author presented a general decrease in plagioclase content. As 

it might be observed from Figure 3, the plagioclase present in the Banco Verde sandstone is 

characterized for being composed of anorthite in greater proportions. This is the case presented by 

Hangx et al. (2009), in which it is demonstrated that anorthite reacts with water saturated CO2, producing 

calcite and clay minerals consequently. Even when the XRD do not show an increment in calcite content, 

the Bernard Calcimetry test was performed in pristine and carbonated specimens, and an increase in the 

carbonate content was observed. 

3.3. Discussion 

To begin with, it is important to note that, as it was expected, the degree of variation of the properties 

of the sandstone were more notable in the pieces of sandstone obtained from the edge of the core, rather 

than the ones obtained from the centre. This is mainly due to the difference in the exposure time to CO2. 

It should be highlighted that even when the centre was less altered than edge, CO2 reached this zone 

during the aging period, as the sandstone’s properties in this area were also altered.  

To continue, according to Laskowski et al. (2023), from the analysis of X-ray fluorescence, it was 

concluded that clay mineral dissolution occurred when injecting CO2. It was considered that the clays 

dissolved came from the glauconite, but having observed the thin sections, it would also be reasonable 

to affirm, that the clay grains present in the calcite cement in some grain contacts. This would contribute 
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to explaining the reduction in the mechanical strength of the rock (Laskowski et al. (2023)), considering 

there is a modification not only in the grain-to-grain interaction but also in the rock matrix.  

Finally, in terms of porosity and pore size distribution, some observations should be made. On the one 

hand, a reduction in the porosity was observed, being this previously related to fines migration and 

further precipitation in bigger pores, produced due to clay dissolution (Laskowski et al. 2023). This 

precipitation would produce a reduction in the bigger pores’ diameter, increasing the number of smaller 

pores, and reducing the amount of ink-bottle pores, which could be observed in the micro structural 

analysis of the MIP tests. The reduction in porosity had also been related to the increment produced in 

carbonate content, which was shown to be produced due to the interaction between the plagioclase, more 

specifically the anorthite, and the water saturated CO2. 

4. CONCLUSION

CO2 underground storage has proven to be a feasible alternative to mitigate climate change. In 

Argentina, the interest in this particular solution has increased over the past few years. In this context, 

the Banco Verde layer from the Salamanca Formation has been proposed as a possible storage for CO2. 

With the aim of contributing to a better understanding of the interactions produced between CO2 and 

the reservoir sandstone chosen, a series of micro structural and compositional analysis were conducted. 

Among the main conclusions reached, a reduction in porosity should be mentioned, as well as deposition 

of fines and carbonates, due to the reaction of CO2 with clay minerals, glauconite and the anorthite in 

the plagioclase. This research would be enriched if it was complemented with a petrographic analysis 

of thin sections of 30-day carbonated sandstone and scanning electron microscopy (SEM) imaging, 

which would allow a more graphical understanding of the chemical and micro structural phenomena 

involved in the injection of CO2 into the glauconitic sandstone studied. 
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ABSTRACT 

This paper aims to introduce the T-value bearing capacity method as a concept, as well as explaining 

the improvement of one of its key limitations. The T-value is a rigorously tested design method, which 

calculates the maximum allowed pressure that can be applied to a working platform, with either a 

drained or undrained subsoil. However, the deriving of this analytical equation is based on the 

assumption of a fully homogeneous subsoil. Therefore, when dealing with stratified soil, which is often 

the case, this analytical equation allows room for optimisation. The stratified soils can broadly be 

grouped into undrained, drained or mixed stratified cases. In this paper, a potential mixed stratification 

improvement will be analysed and discussed. Said improvement has been derived with a combination 

of insights gained from finite element modelling, as well as a literature review. Furthermore, this 

improvement consists of two parts; an influence depth calculation and a summarisation procedure. The 

bearing capacity outcomes of this improvement were tested against 36 randomised stratified PLAXIS 

2D soil models, based on a monitored trial test. The results obtained show a strong correlation between 

the data sets, indicating the potential for this improvement to accurately estimate the bearing capacity 

of stratified soils. Along with a brief statistical analysis aimed at further validating this approach, a 

demonstration of this improvement’s added benefit is also highlighted in this paper. Therefore, this new 

addition to the T-value method will be thoroughly explained, with its improvements in stratified cases 

demonstrated. 

KEYWORDS 

T-value method; Mechanically stabilised aggregate layers; Stratified soil models; PLAXIS 2D 

1. INTRODUCTION

The T-value method, is an easy to use, rigorously tested bearing capacity design method. Within its 

application of calculating working platforms it can be applied to many situations, such as crane hard 

stands. The heavy loads applied in these situations, as well as the often weak subsoil, make this an ideal 

case for the use of mechanically stabilised aggregate layers (MSL). An MSL is made up of a well-graded 

aggregate and often multiple layers of stabilising geogrids. The stabilising effect of the geogrids greatly 

increase the bearing capacity, reduce the thickness of the MSL or allow for the use of lower quality 

aggregate. Therefore, the T-value method was developed as an analytical method to accurately 

incorporate the effect of stabilising geogrids. The equations used calculate the load transfer efficiency 

T and use this within other bearing capacity equations. Both of these require the soil parameters of a 

single homogeneous subsoil. Furthermore, these equations are also differentiated between undrained 

and drained cases. The soil parameter required in an undrained situation is the undrained shear strength, 

while the drained situation requires the internal friction angle and unit weight of the subsoil. This 

presents a problem when working with a stratified subsoil, as the influence of lower soil layers is not 

taken into account in the final calculation. Therefore, an improvement to eliminate this limitation is 

presented in this paper in order to further improve the value gained in using an MSL. There are three 

ways to approach this limitation based on possible stratification situations. A subsoil could consist of 

stratified undrained layers, stratified drained layers or a combination of both drained and undrained 
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layers. Deriving improvements for the first two situations is easier as they each have dedicated bearing 

capacity equations, while a combination can present further challenges. For the scope of this paper a 

provisionally validated mixed stratification improvement is presented. The data used as a basis to test 

this was derived from a monitored trial case. Using finite element modelling, a total of 36 unique cases 

were created with different loading areas, soil parameters and layer thicknesses. Separately, the 

improvement was derived as a combination of insights gained from this finite element modelling and 

by analysing the current NEN approach of weighted average soil parameters within an influence depth. 

A modification of these existing approaches has resulted in predictions that can more accurately predict 

the bearing capacity of an MSL compared to the current T-value method. In essence the modifications 

apply a greater weight to weaker subsoils and a smaller weight to stronger subsoils. The results have 

been validated with a statistical approach and their added benefit demonstrated. Improving the T-value 

will lead to MSLs that are more safe, environmentally friendly and cost effective. 

2. CURRENT ANALYTICAL T-VALUE METHOD

2.1. Bearing capacity equations 

Previous research analysed 60 centrifugal tests to determine a linear relationship between qu/qs and H/B 

for a plane strain case (Lees, 2021). However, for the case of an axisymmetric loaded area, the square 

root of qu/qs was applied. For cases between these extremes a simple linear interpolation is performed. 

The gradient of these lines created the load transfer efficiency value T. This research led to the creation 

of the T-value bearing capacity equations for plane strain and axisymmetric situations as is seen in 

Equation (1) and Equation (2), respectively. 

(1) 

(2) 

where: qu is the total bearing capacity on the top of the loaded area, qs is the bearing capacity of the 

subsoil, H is the thickness of the granular layer, B is the width of the loaded area, T is the load transfer 

efficiency and qg is the ultimate bearing capacity of a granular layer that has an infinite depth.  

The inequality ensures that within a given case the subsoil also contributes to the bearing capacity. The 

qs mentioned in Equation (1) and Equation (2) is one of the centre points in the improved T-value 

method. In order to calculate the qs, usually parameters of a single subsoil are used, both in the undrained 

and drained situation. Therefore, it is important to summarise the total effects of all subsoil layers within 

a given influence depth into a single working qs value. The regularly applied equations for the qs of a 

homogeneous undrained or drained subsoil, are shown below in Equation (3) and Equation (4), 

respectively.  

(3) 

(4) 

where: Cu is the undrained shear strength, W is the width of the loaded area, γ’2 is the unit weight of the 

subsoil and all other parameters are common, load and shape factors. 

2.2. Deriving of the T-value for undrained and drained situations 

As the T-value is based on the subsoil strength and as there is a substantial difference between sand and 

clay, two separate methods were derived for each case. Both were based on replotted outputs from 
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different parametric studies, which were validated with centrifugal testing (Lees, 2021). A best fit line 

of this data determined good results for plane strain situations and conservative results for axisymmetric 

cases. Using the undrained shear strength for undrained cases and the internal friction angle and unit 

weight for drained cases, two separate equations were created as is shown in Equation (5) and Equation 

(6), respectfully. 

(5) 

(6) 

where: C, A, B are constants filled in for geogrid and aggregate specific circumstance, Cu is the 

undrained shear strength of the subsoil, p’0 is the effective vertical stress at the bottom of the granular 

layer, St is a shape factor for axisymmetric cases, Φ’2 is the internal friction angle of the subsoil, γ’1 is 

the unit weight of the MSL and γ’2 is the unit weight of the subsoil. A further correction is applied to 

Equation (5) as it falls below 1.25 due to uncertainty within this region (Lees, 2021). 

These T-value equations were derived for MSLs with the use of finite element modelling in PLAXIS 

2D. The T-values were determined for the most common geometries and subsoil cases in order to be 

applicable for typical working platform situations (Lees, 2021). As can be seen, only soil parameters of 

a single homogeneous subsoil can be used for these equations, which is also altered within the T-value 

method improvement. Lastly, full scale testing on an undrained situation  (A. Lees, 2022) and a drained 

situation  (Lees, 2021) further validated the effectiveness of this design method.  

3. STRATIFICATION DATA SET

In order to test a possible improvement a monitored trial case was examined. This test was chosen as it 

had many different layers and thicknesses within the influence depth, making it ideal for this purpose. 

A total of 5 soil layers consisting of 4 undrained layers and 1 drained layer, allowed for many different 

soil situations to be tested. Furthermore, the 0.8m thick MSL consisted of an aggregate with 3 stabilising 

geogrids equally spaced apart starting with the first on the bottom. This case was recreated in PLAXIS 

2D and validated with a multi-faceted approach. By comparing the load-to-displacement curve of the 

surveyed data to the PLAXIS 2D output, a strong correlation could be determined. Surrounding survey 

points were also compared with their PLAXIS 2D counterparts. The final comparison between the trial 

and PLAXIS 2D output can be seen in Figure 1. 

Figure 1. Trial data versus PLAXIS 2D output. 
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With this validated PLAXIS 2D model, the bearing capacity of this numerical method was noted. 

Thereafter, a further 11 stratified soils were created with a subset of 3 cases based on an axisymmetric, 

plane strain and interpolated case. The 33 (36 including the original trial) total versions were derived 

from the original trial and each had unique stratifications and layer thicknesses. Thereafter, using 

PLAXIS 2D the best estimate of the bearing capacity was determined for all cases, with homogenous 

layers also tested as a control.  

With this information, the percentage differences between a homogeneous (as would be optimal for the 

current T-value method) and stratified subsoil were noted. The corresponding homogeneous subsoil 

depended on the first layer in the stratification, as is the current status quo when approaching these 

equations. The data resulted in great percentage differences between the versions, which ranged from 

an almost -100% under prediction to an almost 20% over prediction. This range of data ensures 

appropriate testing for the improvement.  

4. CREATION AND IMPLEMENTATION OF THE T-VALUE IMPROVEMENT

As was mentioned previously, in order to solve this limitation, a distinction must be made between 

which type of stratification is intended to be solved. With this, accurate undrained stratification 

improvements were developed, which were adjusted to also take into account a mixed situation. 

Furthermore, as the drained layers in the original case were limited, the estimations mentioned in this 

paper could only be validated for undrained and mixed stratification situations. Ideally, this would also 

include a drained situation, however that is beyond the scope of this paper.  

The key improvement consisted of two equally important parts; determining the influence depth and 

being able to summarise the shear strengths within that depth into one usable value. The Dutch Eurocode 

annex, the NEN, already has a way of calculating the influence depth of a soil. This process is iterative 

and starts with the assumption of an influence depth. Thereafter, the weighted average internal friction 

angle within this influence depth is used to calculate the new influence depth. This process is repeated 

until a sufficient similarity between the last iterated influence depths is achieved. The working 

platform’s aggregate is assumed as a layer in the ground and therefore also contributes to the final depth. 

The relationship used to find the influence depth is thoroughly explained in the NEN  (NEN, 2017), with 

different considerations depending on the applied loads. The weighted average method described here 

became the inspiration for how to summarise multiple subsoil layers into a single usable value. 

Furthermore, when analysing the created PLAXIS 2D models it became clear that not every layer in the 

subsoil influences the bearing capacity equally. When looking at two subsoil layers, the effect of the 

bottom layer was dependent on the strength of the top layer. If the second layer was weaker, it had a 

much greater effect on the overall bearing capacity than if the second layer was stronger than the first. 

This observation followed for every created model, which showed that using a simple weighted average 

based on layer thickness and depth would not suffice. Therefore, a further scale weight was applied to 

every soil layer beneath the first based on the ratio of the two layers. The following approach of non-

linear weighing assigns a different weight to second layers as they become more extreme in either 

direction compared to the first layer. This means that the higher the undrained shear strength of a lower 

layer in comparison to the first, the less of a weight it will have. Similarly, as weaker layers resulted in 

bigger reductions in bearing capacity, this new approach assigns an even weaker undrained shear 

strength to the weak lower layers. This approach is summarised for both of the cases with Equation (7) 

and Equation (8) showing the weighing of a weaker and stronger bottom layer, respectively. 

(7) 
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(8) 

where: Cu;weighted is the new scale weighted undrained shear strength of the bottom layer, Cub is the 

original undrained shear strength of the bottom layer and Cu1 is the undrained shear strength of the first 

reference layer. 

This new shear strength has only been tested as an application for undrained layers, with potential scale 

weighted drained layers still having to be optimised. Thereafter, the effects of layer thicknesses were 

also analysed, with a similar pattern emerging. Overall, as the first layer reduced in thickness, the effects 

of the bottom layers became more pronounced, with weaker layers once again having a larger effect 

than stronger layers. Therefore, the same general idea was applied to the thicknesses of the layers below 

the first, effectively giving a larger weight to weaker layers and a smaller weight to stronger ones. The 

application of this approach can be more easily visualised in Table 1 below. 

Table 1. Example of the new scale  weighted thickness applied to lower layers 

Example Change in new scale weighted bottom thickness Equation 

Weaker undrained shear strength  
and smaller thickness below Larger 

Weaker undrained shear strength 
and larger thickness below Larger 

Stronger undrained shear strength  
and smaller thickness below Smaller 

Stronger undrained shear strength  
and larger thickness below Smaller 

where: New Th. is the new scale weighted thickness of the bottom layer, Th.b is the original thickness of 

the bottom layer and Th.1 is the thickness of the reference layer. 

With the addition of drained layers no direct comparison can be made in choosing the appropriate scaling 

method. Therefore, a general assumption was applied that all drained layers are stronger than undrained 

layers and are applied as such in the equations. All the discussed scale weights will be applied to the 

general weighted average NEN equation (NEN, 2017). Therefore, they will simply apply a heavier or 

smaller weight dependent on the properties of the first layer. The new scale weighted undrained shear 

strength of every layer is used to calculate the qs of that layer as in Equation (3). In case of a drained 

layer the regular Equation (4) is used. Thereafter, a slight modification of the original NEN weighted 

average equation is used with qs being the summarised value as can be seen in Equation (9) below. 

(7) 

where: qs;avg is the weighted average subsoil bearing capacity, qsj is the subsoil bearing capacity for 

layer j, New Th.j is the scale weighted thickness of layer j, n is the number of horizontal soil layers 

within the influence depth and Xj is the distance from the centre of layer j to the bottom of the influence 

depth. 

With this scale weighted qs the undrained shear strength can be simply back-calculated by substituting 

qs;avg into Equation (3) to find the Cu. This process is done for undrained and mixed stratification 
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situations, with fully drained layers being beyond the scope of this paper. Finally, having calculated the 

new Cu, Equation (5) can be used to calculate the T-value. Thereafter, depending on the shape of the 

loading area, Equation (1) or Equation (2) calculate the bearing capacity at the top of the platform. 

5. RESULTS

The percentage increase or decrease for the optimised T-value method was calculated for the same 

stratified versions as were created in numerical modelling. Therefore, a direct comparison could be made 

between the PLAXIS 2D outputs and the improved analytical T-value method. Here the percentage 

difference between the two should ideally be 0 and therefore the closer each version came to 0 the better 

it was able to predict the bearing capacity. This process was done for all 36 soil models mentioned 

earlier, with a full summarisation displayed in Table 2. 

Table 2. The summarisation of differences between the PLAXIS 2D models and the improved T-value method. 

Over or underprediction of differences between  
numerical and analytical modelling  

Absolute differences between  
numerical and analytical modelling  

Average of all points -2 7.3 

Average of Interpolated points -1.8 6 

Average of Plane Strain points -2.8 10 

Average of Axisymmetric points -1.3 6 

Average of weaker clay over stronger clay -0.4 3 

Average of stronger clay over weaker clay 0 11.1 

Average of Mixed Stratification Layers -6.6 9.9 

Average of all points based on validity -0.2 6.3 

Average of all over predictions in bearing capacity 6.9 / 

Average of all under predictions in bearing capacity -7.6 / 

Highest value of all over predictions in bearing capacity 19.6 / 

Highest value of all under predictions in bearing capacity -19.5 / 

As can be seen the variant performed well among all tested categories and had on average only a 

percentage difference of around 7 between the numerical and analytical method. When looking at the 

highest over and under predictions of this improvement the most extremes have a difference of almost 

20 between the numerical and analytical method. This might seem quite high, especially as an over 

prediction, but when looking at the raw data these become more reasonable. Firstly, these extremes are 

the result of the most extreme tested versions. Meaning that versions with big shear strength ranges and 

proportionally thin first layers, resulted in higher over and under predictions. For the same versions the 

percentage decreases were even higher in the numerical method. In this context the improvement did 

well to predict the bearing capacity, but could have been even more extreme. This means that there is 

further optimisation to be achieved, by further scaling the discussed parameters. It is important to note 

that the improvement still out performed the current analytical method in almost every version. Where 

this was not the case the differences were small, which can not be said for the versions where the 

improvement out performed the current analytical method. With these results it was shown that the 

improvement of the current T-value method was successful, with further optimisations also being 

possible.  

6. STATISTICAL VALIDATION

As was demonstrated in earlier chapters the validity of this method was tested by comparing it to a set 

of numerical data. A simple linear regression was also performed in order to determine the degree to 

which the analytical equation was able to predict the numerical results. Firstly, using the Pearson Product 

Moment Correlation a value of  0.95 was found. A positive value so close to 1 means that one increasing 
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variable is able to explain the other increasing variable very well. Thereafter, the R2 of the data was 

plotted by finding the fitted regression line as is seen in Figure 2. 

Figure 2. R2 and fitted regression line examined data. 

As can be seen the R2 is once again close to 1, meaning that the analytical equation does a good job of 

predicting the numerical outcomes. Furthermore, to ensure that there is no bias in the data, a residual 

plot is also analysed as is seen in Figure 3, to determine if there are any patterns. 

Figure 3. Residual plot of the analysed data. 

As can be seen the pattern is in general random, meaning that the bias in this equation is low. However, 

there is some grouping close to the right side of Figure 3, which suggests that further analysing is 

required in order to ensure the validity of the model. Finally, a simple plot of every analysed data point 

is shown in Figure 4. 

Figure 4. A display of the differences between PLAXIS 2D and the T-value improvement for the same soil models. 

This graph simply gives a visual representation of how each soil model was predicted by the T-value 

improvement. 



191 

7. ADDED BENEFIT

Using the optimised T-value a simple demonstration of the quantifiable benefit is demonstrated for data 

points 9 and 14. Here data point 9 resulted in a moderate increase in bearing capacity gained as a result 

of applying the improvement. With this, 5cm of aggregate in the MSL was able to be saved in the 

example. With a loading area of 2.5m * 8m this resulted in overall minimal savings for a standard project 

as is shown in Table 3. 

Table 1. Example of the quantifiable added benefit. 

Original Reduction Difference 

Thickness [m] 0.8 0.75 0.05 

Construction Cost [€/m2] 66 62.5 3.5 
Environmental Cost 

[kgCO2e] 120 110 10 

Dump truck visits 2 2 0 

Fuel required [litres] 40 40 0 

Water required [litres] 609 571 38 

As can be seen while minimal savings would be achieved for a single project, it is easy to see how larger 

and more extreme cases could result in beneficial gains. Lastly, looking at data point 14, there is a total 

decrease of -46% in bearing capacity compared to a homogeneous first layer. The improvement on the 

other hand predicted a decrease of -59%. When comparing this to the status quo of 0%, the important 

gains in safety are shown when using the optimised T-value method. 

8. CONCLUSION

In conclusion, the current T-value method is a rigorously tested design method that has been fully 

validated. However, one of its key limitations is that it cannot reliably be used on stratified subsoils. 

This is because the equations have been derived separately for either a homogeneous drained or 

undrained layer. Therefore, when approaching this limitation a weighted average of all subsoil values 

within an influence depth was analysed. It was also determined that the effects of a stronger or weaker 

layer beneath the first are not equal. Therefore, additional scale weighting was applied to both the shear 

strengths and thicknesses of each layer beneath the first. Now using a modification of the existing NEN 

method, more accurate summarised soil parameters could be determined. Thereafter, a statistically 

significant relationship between the numerical and improved analytical methods, showed the first step 

of validating this approach. Furthermore, isolating two data points showed the added benefit of the 

optimised T-value method. Further validation of this method is required, with a separate drained 

analysis. In addition, further optimisation of the scale weights could also lead to better result. Finally, 

expanding the tested soil models, with larger ranges in both shear strength and thicknesses is required 

in order to apply this improvement to all soil cases. Taking these limitations into account, will result in 

a more optimised and validated T-value method, which is not only more safe, but is a more cost saving 

and environmentally friendly alternative to the current approach. 
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ABSTRACT 

In the context of deep geological radioactive waste disposal, significant amount of generated gas is 

expected to migrate from the repositories into the surrounding host rock, affecting its hydro-mechanical 

state. In Switzerland, Opalinus Clay is the selected host geological formation and requires a 

comprehensive understanding of the relevant phenomena that characterize its behaviour associated with 

gas transport regarding the long-term safety assessment of the repository. In this context, water and gas 

injection tests were performed using a high pressure oedometer cell. The results suggest that gas-induced 

porewater displacement is a key feature during gas invasion processes in clay-rich host rock. 

Furthermore, water intrinsic permeability was not impacted by gas transport and consistently found in 

the order of 10-21 (m2) before and after the gas invasion tests. The experimental outcome of the study 

provided unique observations of the hydro mechanical behaviour of Opalinus Clay when subjected to 

gas transport in the short-term and long-term. 
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1. INTRODUCTION

Regardless of the national strategies concerning nuclear energy production, there is an urgent need to 

address the problem of disposing high-level nuclear waste produced by power plants. Switzerland 

foresees a deep geological repository which relies on a multi barrier system to isolate the waste from the 

biosphere for dozens of thousands of years. However, uncertainties still exist about the late stage of the 

repository when a significant amount of gas will be produced due to various processes. This gas 

production may cause gas pressure build-up with a potential propagation of the gas front into the host 

rock. Those circumstances can result in the loss of the mechanical integrity of the multi-barrier system 

and may impact the long-term safety of the repository (Levasseur et al., 2021). 

In Switzerland, Opalinus Clay has been selected as the host geomaterial for the underground disposal of 

radioactive waste. More experimental evidence for a comprehensive understanding of the relevant 

phenomena that characterize the hydro mechanical (H-M) behaviour of Opalinus Clay (OPA) when 

subjected to gas invasion is thus required.  

In this paper we are showing the results of an experimental campaign on OPA conducted with a high 

pressure oedometer apparatus allowing the performance of water and gas injection tests while assessing 

the vertical deformation of the tested material with the aim to better observe and understand the involved 

phenomena. 
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2. MATERIAL AND METHODS

2.1. Material 

Opalinus Clay is a fine-grained sedimentary geomaterial with a mineral composition consisting mainly 

of silicates, carbonates and quartz. The tested material was retrieved from the deep borehole in Trüllikon 

in the Zürich Northeast siting region in Switzerland (Ammen and Palten, 2021) and was sourced at a 

depth of about 848 m. Complete geotechnical characterization has been performed and included: bulk 

density  = 2.50 g/cm3, density of solid particles s = 2.78 g/cm3, water content w = 0.05, void ratio 

e = 0.15, degree of saturation Sr = 0.63, initial total suction  = 66 MPa. 

The pore structure of Opalinus Clay was studied by Mercury Intrusion Porosimetry (MIP), using the 

freeze-drying technique for sample preparation. To overcome the conformance effect and the 

compressibility of the sample below the entry pressure of mercury, a correction was applied to the MIP 

data according to (Comisky et al., 2011). As depicted in Figure 1, a unimodal pore size distribution was 

obtained in the range of 8 to 16 nm with a peak value at about 12 nm. The size of the detected porosity 

was from 4 to 60 nm; 4 nm being the smallest pore size detectable with the apparatus. The results are in 

good agreement with values from the literature on the same material (e.g., Crisci et al., 2019; Minardi 

et al., 2021). From the larger detected pores, air is expected to enter the pore space of the initially 

saturated porous medium at a capillary pressure of about 5 MPa according to Young-Laplace equation: 

𝑝𝑐 =
2𝛾 cos 𝜃

𝑟
(1) 

where pc is the capillary pressure and is related to the differential pressure between gas and water phase, 

 is the water-air surface tension,   the water-solid contact angle, and r the pore-throat radius. 

Figure 1. MIP test results of the OPA specimen 

2.2. Experimental set-up and procedure 

The experimental work used a high-pressure oedometer cell, as depicted in Figure 2 (left), that allowed 

to apply a vertical total stress up to 100 MPa with the possibility to perform water and gas injection from 

the bottom and top side of the specimen with a fluid pressure up to 16 MPa and 20 MPa, respectively 

(Minardi et al., 2021). The vertical deformation was assessed using three LVDTs with 0.2 m resolution. 

The height and diameter of the specimen were 12 and 35 mm, respectively. The specimen was tested 

with the vertical load and fluid injection perpendicular to the bedding planes (S-sample). 
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Figure 2. High-pressure oedometer test set-up (left); sequence of the water and gas injection tests (right) 

The experimental procedure was composed of five test sequences (phases i to v) which are illustrated in 

Figure 2 (right) and described hereafter. As the preparation of the specimen from the core led to drying 

of the material, the experimental procedure started with (i) a water resaturation in isochoric conditions 

with synthetic water mimicking the in-situ porewater (Aschwanden et al., 2021). (ii) Mechanical loading 

up to the target vertical effective stress was performed to simulate in situ conditions. To do so, constant 

water pressure at the bottom (uw,bot) and top (uw,top) of the specimen was applied (uw,bot = uw,top = 1 MPa) 

and the vertical total stress was increased in steps up to v = 15 MPa. (iii) Constant head water 

permeability tests were performed at different vertical effective stresses by applying a differential 

pressure of 1 MPa between the top and bottom side of the specimen (uw,bot = 1.5 MPa and uw,top = 0.5 

MPa). (iv) Then, in order to perform the first gas injection test, the water pump connected at the bottom 

side of the specimen was replaced by the gas pump, and gas pressure (nitrogen, N2) was increased at a 

fast constant flow (0.2 ml/min for an initial gas volume of 500 ml in the reservoir) until the target gas 

pressure (ug,bot = 10 MPa) was reached; gas pressure was then kept constant until steady state conditions 

were observed for both gas flow and volumetric response of the tested specimen. Finally, the gas pump 

was stopped, ensuring constant gas volume at the inlet, and gas pressure decay was monitored (so called 

shut in). Water back-pressure at the top side of the specimen was kept constant during the entire phase 

at uw,top = 1 MPa. (v) After the gas injection phase, water resaturation was performed under constant 

vertical total stress, followed by a second water permeability test in order to assess the evolution of the 

intrinsic permeability due to gas transport. 

3. RESULTS AND DISCUSSION

3.1. Hydro-mechanical results (phases I to iii) 

During resaturation, the tested specimen was put in contact with water at low pressure, and as water was 

sucked in, contributing to induce swelling of the material, vertical total stress was progressively 

increased to ensure isochoric conditions and minimize damage due to swelling. To further enhance 

saturation, the water pressure was increased up to 1 MPa and a differential water pressure was applied 

between the bottom and the top of the specimen so that water could flow across the specimen and flush 

the trapped gas within the pore space. The swelling pressure developed during this phase was Sp = 3 MPa 

and is shown in Figure 3. 

The mechanical compression up to the target vertical effective stress allowed an assessment of the 

relationship between void ratio and the applied stress. The deformation of the oedometer system was 

accounted for every loading step (Ferrari et al., 2016). Figure 3 shows the compression of the specimen 

with increasing vertical effective stress. The water intrinsic permeability was computed from the 

constant head tests performed at different vertical effective stresses. The water intrinsic permeability 

was obtained in the range of 2 3·10-21 m2 and is in good agreement with values reported in the literature 

for the same material (Crisci et al., 2019; Minardi et al., 2021). 
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Figure 3. Oedometer curve for the tested specimen 

3.2. Gas injection (phase iv) 

The gas injection test was performed at fast gas pressure build-up rate with the intention to favour an 

undrained response of the material. The applied boundary conditions, such as vertical stress and fluids 

pressures are shown in Figure 4 (top). 

The global axial strain of the specimen computed from the measurement of the vertical deformation, 

shown in Figure 4 (middle), indicates that almost no deformation was observed at the early phase as gas 

pressure was likely below the entry pressure and had not yet invaded the pore space. Once gas reached 

a pressure of about 5 MPa at t = 17 h, expansion of the specimen was observed, indicating the start of 

gas invasion, which was associated with porewater displacement and development of capillary pressure. 

The air entry value was consistent with the estimation from the MIP test. Expansion continued as gas 

pressure increased further. Once gas pressure was kept constant at 10 MPa from t = 30.5 h, expansion 

continued to slightly increase and reached a strain of  0.14% and was followed by a slow reduction and 

stabilization at about -0.07% until t = 193 h. As gas pressure decreased during the shut-in phase, 

t > 193 h, the specimen experienced compression. Gas pressure after shut-in was measured at 5.7 MPa. 

The observed mechanical response was consistent with the measured outflow from the specimen. Gas 

breakthrough was observed only after the maximum gas pressure was reached (t = 50 h). This suggests 

that gas movement was impaired by the low permeability of the specimen. With time, as gas further 

invaded the pore space, the measured outflow increased until steady state conditions were observed at 

about t = 193 h. The gas outflow at standard temperature and pressure (STP) conditions was about 

2 mm3/s. During the shut-in, gas outflow decreased until almost no flow was observed anymore. 
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Figure 4. Gas injection test results 

3.3. Hydro-mechanical results (phase v) 

No significant strain (less than 0.01%) due to water uptake was observed during resaturation at constant 

vertical stress. The water intrinsic permeability after resaturation was found very similar to prior to the 

gas injection, 2-3·10-21 m2, suggesting that gas transport did not impair the intrinsic permeability of the 

tested material. 

4. CONCLUDING REMARKS

In this study, the hydro-mechanical response of Opalinus Clay associated with gas transport was 

investigated. Water and gas injection tests have been performed using a high pressure oedometer cell to 

replicate the in-situ stress conditions. In particular, the short- and long-term responses to gas invasion 

were assessed during fast gas pressure build-up. 

The interpretation of the results in terms of drained/undrained behaviour is consistent with the general 

deformation behaviour of clayey geomaterials. If the tested material is subjected to fast gas pressure 

build-up, it is more likely that gas transfer is initially associated with larger deformation due to 

generation of excess porewater pressure during the transient phase. The results suggested that 

gas-induced porewater displacement is a key feature during gas invasion processes in clay-rich host 

rock. Furthermore, the consistent water permeability values obtained before and after the gas injection 

test suggest that the involved gas transport processes are unlikely to impact the long-term barrier 

function of the host rock. 

The experimental outcome of the study provided additional observations of the hydro-mechanical 

behaviour of Opalinus Clay associated with gas transport in the short-term and the long-term. Further 
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experimental investigation, as well as numerical analysis, are required to better understand the involved 

processes, such as the development of non-uniform and localized strains associated with gas invasion. 
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ABSTRACT 

Fly ash and non-plastic silt are transitional soils that macroscopically resemble non-cohesive soils. 

However, their characteristics after compaction strictly depend on water content at compaction, as in 

the case of cohesive soils. Therefore, water content at compaction should always be considered in 

geotechnical analyses of these soils. The study aimed to investigate the microstructure of fly ash samples 

compacted by the Standard Proctor method at optimum water content ± 5%. The fly ash samples were 

qualitatively evaluated by an environmental scanning electron microscope (ESEM). Afterward, ESEM 

images and their computer analysis were used to define the pore structure and pore size distribution of 

the compacted fly ash. 
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1. INTRODUCTION

Microstructural studies of compacted soils are significant for a deeper understanding of their 

macroscopic behaviour. They can provide essential information about the arrangement and distribution 

of particles, aggregates and pores, and their contacts. An important objective of these studies is to 

determine the relationship between microstructural characteristics and physical properties of soils 

(Romero, 2008; 2013). Mercury Intrusion Porosimetry (MIP), Scanning Electron Microscopy (SEM), 

especially in Environmental mode (ESEM), and Micro Computed Tomography (micro-CT) are 

commonly used methods for microstructural studies to understand various macroscopic soil behaviour 

(Romero and Simms, 2008; Zabielska-Adamska et al., 2019; Safari et al., 2022; Zhang et al., 2022). The 

MIP technique is used to estimate soil porosity, pore volume and size by applying controlled pressure 

to samples that are surrounded by liquid mercury (Hg). Dehydration of soil samples is necessary before 

using the MIP method. This is particularly important for samples compacted above the optimum water 

content. Drying of soils, that are sensitive to changes in water content, modifies their structure, which 

would affect the accuracy and reliability of the MIP test results. Therefore, it is recommended to apply 

freeze drying, which involves removing water at reduced temperature and pressure to eliminate surface 

tension forces and soil shrinkage. Sasanian and Newson (2013) observed that the reduction in water 

content, caused by natural drying under ambient conditions, resulted in a change from a bimodal pore 

distribution to a unimodal one. Microstructural studies of non-cohesive soils are more complex because 

they do not contain clay particles (Zabielska-Adamska et al., 2019). This method is not preferred for 

them due to the injection of mercury under pressure into the pores of the material (Romero and Simms, 

2008). In this case, ESEM image analysis and the micro-CT method can be used to assess the pore size 

distribution. ESEM analysis is a qualitative and, where possible, quantitative method for defining soil 

microstructures. A scanning electron microscope in environmental mode, compared to conventional 

SEM, works under controlled environmental conditions and enables the study of soil samples without 

drying. The advantage is that their natural characteristics are preserved (Romero and Simms, 2008). 

Delage (1996), Otálvaro et al. (2015) and Zabielska-Adamska et al. (2019) used SEM images to define 

and describe the microstructure of the analysed soils, where aggregates and pore spaces were well 

visible. Micro Computed Tomography (micro-CT), also known as high-resolution X-ray Tomography, 
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is a 3D imaging technique that uses X-rays. It is a non-invasive and non-destructive method. Micro-CT 

provides qualitative and quantitative data on soil microstructure in a spatial manner (Taina et al., 2008). 

Safari et al. (2022) and Zhang et al. (2022) presented image processing analysis for extracting 

microstructure characteristics from micro-CT and SEM images. 

Cohesive soils are characterised by a diverse microstructure – a flocculated arrangement when they are 

compacted at w < wopt and dispersed when compacted at w > wopt. Cohesive soils compacted by the 

Proctor method at w < wopt show a distinct bimodal pore size distribution. They consist of aggregates 

with small pores separated by macropore spaces. However, compaction at w > wopt results in a unimodal 

pore size distribution. Macropore spaces decrease with increasing water content or compaction energy, 

while smaller pores remain unchanged during compaction (Delage et al., 1996; Otálvaro et al., 2015). 

In addition to cohesive and non-cohesive soils, which are characterised by a series of typical 

characteristics, there is a group of soils known as transitional or mixed soils. Macroscopically, they 

resemble non-cohesive soils, whereas their mechanical properties and hydraulic conductivity strictly 

depend on water content during compaction, as with cohesive soils. A representative example of 

transitional soil is fly ash (Zabielska-Adamska, 2020). It is an industrial by-product of coal combustion 

for energy production, considered an environmental pollutant. Its spherical grains range in size from 

around 1 to 100 m. Fly ash is a non-plastic material. Nevertheless, it should be analysed considering 

the initial water content at compaction (Zabielska-Adamska et al., 2019; Zabielska-Adamska, 2020). 

The work aimed to investigate the microstructure of the fly ash samples. They were compacted at three 

different water contents and next analysed. Scanning Electron Microscopy, combined with computer 

image analysis, was used to define the pore structure and pore size distribution of the soil. 

2. MICROSTRUCTURAL STUDIES

2.1. Material 

The tested fly ash was a by-product of hard coal combustion at the Bialystok Thermal-Electric Power 

Station in Poland, collected and deposited in a dry storage area. The physical and mineralogical 

properties of the tested fly ash are given after Zabielska-Adamska et al. (2019). The quantitative 

mineralogical composition of the soil samples was determined by X-ray diffraction (XRD) analysis. The 

soil consisted mainly of quartz (SiO2), mullite (3Al2O3·2SiO2) and calcite (CaCO3). The specific surface 

area of the fly ash, estimated by the methylene blue test, was 21.01 m2/g. The particle density (ρs) was 

2.12 g/cm3. The grain size distribution curve, based on sieve and hydrometer analysis, is presented in 

Figure 1. The anthropogenic soil was comparable in grain size to sandy silt with the median grain 

diameter, D50, equalled 0.060 mm. Following EN ISO 14688-2:2018, based on coefficients of 

uniformity, Cu, and curvature, Cc, the fly ash was poorly graded. 

Before soil compaction, the fly ash was dried to constant weight in a laboratory drying oven at a 

temperature of 105C to 110C and cooled in a desiccator. Then the assumed amount of water was added 

to the dry soil. Samples with different water contents were moisturised for 24 hours, each separately in 

tight containers. The compaction curve, as well as optimum water content, wopt, and maximum dry 

density, ρd max, of the fly ash, were obtained by the Standard Proctor compaction test according to EN 

13286-2:2010. Each of the samples, prepared with different water contents, was compacted only once. 

This is particularly important for fly ash. Its spherical grains are partially crushed during a compaction 

process and filled with smaller fly ash particles. Reusing the same sample for testing would increase its 

dry density and compactability without adding water to the fly ash. Recompacted samples of fly ash are 

not representative of correctly determining compaction parameters (Zabielska-Adamska, 2008; Gupta 

and Sachan, 2018). The compaction curve of the fly ash is presented in Figure 2 and its physical 

parameters are given in Table 1. 
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Figure 1. Grain size distribution curve of the fly ash after Zabielska-Adamska et al. (2019) 

Figure 2. Compaction curve of the fly ash after Zabielska-Adamska et al. (2019) 

Table 1. Physical parameters of the fly ash samples (Zabielska-Adamska et al., 2019) 

Sample ID 
Water content 

w (%) 

Dry density 

ρd (g/cm3) 

Porosity 

n 

Void ratio 

e 

Degree of saturation 

Sr 

wopt – 5% 36 1.026 0.516 1.066 0.715 

wopt 41 1.045 0.507 1.029 0.844 

wopt + 5% 46 1.001 0.528 1.118 0.872 

2.2. Microstructural tests, results and discussions 

Microstructural studies were performed on the samples compacted by the Standard Proctor method at 

three different water contents: optimum, wopt, and within the range of wopt  5% – on the dry and wet 

side of the curve. The samples for microstructural analysis were tested immediately after compaction.  

The fly ash microstructure was qualitatively observed at natural fractures of the samples using a FEI 

Quanta 250 FEG Scanning Electron Microscope in Environmental mode (ESEM). Thus, the soil samples 

did not require drying or coating and were tested at the assumed water contents. The ESEM images were 

taken at a magnification of 350X (Figure 3).  
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The ESEM images were subjected to quantitative image analysis using ImageJ and MATLAB. ImageJ 

is free and open-source software. It was developed at the National Institutes of Health. It enables the 

processing and analysis of scientific images (Figure 4).  

The microstructure of the sample with a water content of 36% (wopt – 5%) was characterized by the 

presence of aggregates with small pores inside, separated by macropores (Figures 3a and 4a). The 

smallest number of pores occurred for the sample compacted at the optimum water content of 41% 

(wopt). The compact structure of the sample is shown in Figures 3b and 4b. Compaction at a water content 

of 46% (wopt + 5%) resulted in the loosest structure of the fly ash (Figures 3c and 4c).  

Figure 3. ESEM images of the fly ash (Zabielska-Adamska et al., 2019) compacted at: a) wopt – 5% = 36%; b) 

wopt = 41%; c) wopt + 5% = 46% 

Figure 4. ESEM images (Fig. 3) after using the 'Find egdes' function in ImageJ for the fly ash samples 

compacted at: a) wopt – 5% = 36%; b) wopt = 41%; c) wopt + 5% = 46% 

ImageJ was used to determine the threshold values corresponding to the porosities of the fly ash samples, 

calculated from physical tests, and generate histograms of grey value distributions based on the ESEM 

images. The highest histogram peak corresponded to the grey value that occurred most frequently in the 

image. The possible grey values were within the range from 0 (black) to 255 (white) and were shown 

on the X axis, and the number of pixels for each grey value was presented on the Y axis. The results 

obtained from using ImageJ are shown in Table 2 and Figure 5. 

Table 2. Threshold values obtained with ImageJ corresponding to the porosities of the fly ash samples 

Sample ID 
Water content 

w (%) 

Porosity 

n (%) 
Threshold value 

wopt – 5% 36 51.6 115 

wopt 41 50.7 142 

wopt + 5% 46 52.8 140 
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Figure 5. Histograms of grey value distributions based on the SEM images of the fly ash compacted at:  

a) wopt – 5% = 36%; b) wopt = 41%; c) wopt + 5% = 46% 
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MATLAB is a platform for programming and numeric computing to analyse and visualise data, develop 

algorithms, and create applications and models. The 'SEM Image Porosity and Pore Size' code, 

developed by Arash Rabbani, was adapted and used in MATLAB. It provided the ability to identify pore 

spaces and estimate pore radius from the normalised ESEM images and presented the data as histograms 

of pore size distributions. The input ESEM images were greyscale. It was assumed that the darker parts 

of the images corresponded to pore spaces. The input parameters were the spatial resolution, defined in 

micrometres per pixel, and the threshold values, defined in ImageJ. Figure 6 presents the image 

processing flowchart during the ESEM image analysis, developed by Rabbani and Salehi (2017). The 

results obtained from using MATLAB are shown in Figures 7–9 and Table 3. 

 

 
Figure 6. Image processing flowchart for identifying and estimating pore sizes of soil from ESEM images 

by Rabbani and Salehi (2017) 

 

Table 3. Results obtained from MATLAB 

Sample ID 
Water content  

w (%) 

Porosity 

n (%) 

Threshold 

value 

Porosity from 

MATLAB 

(%) 

Average 

pore radius 

(m) 

Standard deviation 

of pore radius 

(m) 

wopt – 5% 36 51.6 115 51.8 4.5 3.7 

wopt 41 50.7 142 50.7 4.7 3.3 

wopt + 5% 46 52.8 140 52.9 5.2 4.4 

 

 
Figure 7. Results obtained from MATLAB for the fly ash sample compacted at 36% (wopt – 5%): a) original 

ESEM image; b) depth map; c) binary segmentation; d) pore space segmentation; e) pore size distribution 

 

Thresholding
Binary image noise 

reduction
Distance transform Median filtering

Watershed 
segmentation

Pore labelling
Pore counting and size 

measurement
Visualisation of results
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Figure 8. Results obtained from MATLAB for the fly ash sample compacted at 41% (wopt): a) original ESEM 

image; b) depth map; c) binary segmentation; d) pore space segmentation; e) pore size distribution 

 

 
Figure 9. Results obtained from MATLAB for the fly ash sample compacted at 46% (wopt + 5%): a) original 

ESEM image; b) depth map; c) binary segmentation; d) pore space segmentation; e) pore size distribution 

 

 

3. CONCLUSIONS 

 

The paper aimed to investigate the microstructure of the compacted fly ash samples. Scanning Electron 

Microscopy, combined with computer image analysis, was used to define the pore structure and pore 

size distribution of the tested soil. The following conclusions are drawn based on the results: 
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1. Fly ash is transitional soil that macroscopically resembles non-cohesive soils. However, its 

characteristics after compaction strictly depend on water content at compaction, as with 

cohesive soils. Therefore, water content at compaction should always be considered in 

geotechnical analyses of this soil. 

2. Qualitative observation of the ESEM images showed that the microstructure of the sample with 

a water content of 36% (wopt – 5%) consisted of aggregates with small pores inside, separated 

by macropores. The smallest number of pores occurred for the sample compacted at the 

optimum water content of 41% (wopt). Compaction at a water content of 46% (wopt + 5%) resulted 

in the loosest structure of the fly ash. 

3. The application of image processing methods enables the semi-automatic development of 

fundamental characteristics that describe soil microstructure. 
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ABSTRACT 

The field of geotechnics undergoes a significant transformation in solving complex engineering 

problems by adopting digital technologies and automation processes. Among many other improvements, 

digital ground modelling has become state of the art when it comes to infrastructure projects as one of 

the most comprehensive ways to represent geological and geotechnical conditions of soil and rocks. It 

also allows for integration of digital ground models with other subsystems, including underground 

infrastructure, utilities, above ground infrastructure, and construction processes. While the domain of 

2D and 3D geological modelling has advanced significantly in the past decades, incorporating soil 

spatial variability, and thus assessing the underground heterogeneity and parameter uncertainty, remains 

a challenge. In this regard, this paper proposes an automated framework for generating a digital ground 

model based on site-specific borehole data within a Building Information Modelling (BIM) framework. 

Furthermore, the digital ground model incorporates geotechnical parameters’ spatial variability using 

Conditional Random Fields (CRFs). The soil parameter variability is simulated through CRF 

randomization of soil strength parameters to determine their values at the non-sampled points. Borehole-

based ground modelling is conducted using GSTools and a BIM software environment for the case study 

of the New Belgrade area in Serbia. Integrating the above-mentioned data into one holistic digital ground 

model offers numerous advantages and leads to more reliable probabilistic-based predictive numerical 

models of structures embedded in variable strata. 

KEYWORDS 

Digital ground model; Conditional random fields; BIM; Automation 

1. INTRODUCTION

Current digitization-dominated engineering practice increasingly demands the collaborative application 

of expert-knowledge, digital technologies, and automated approaches for solving real-life geotechnical 

problems. Always being the foundation of the geotechnical pyramid, ground modelling is a complex 

and challenging task to complete.  

Building Information Modelling (BIM) offers a comprehensive digital platform and establishes a spatial 

structure for the storage and management of data with geometric and semantic data integration 

seamlessly achieved. BIM also serves as a foundational source of information for numerical analysis 

(Ninić et al., 2019). The practical application of BIM in structural engineering has become exceptionally 

widespread, while its application in BIM Ground Models (BIMGM) is rapidly evolving, seeking 

practical use cases (Erharter et al., 2023). This provides a better description of the surrounding 

environment for projects and enhances the interaction between structural information and geological 

conditions (Huang et al., 2021). The main challenge is that geological data is heterogeneous and varies 

in three dimensions. The collection, management, modelling, and visualization of complete geological 

data differ significantly from structures such as buildings, bridges, and tunnels, because the spatial 

structure and semantics of geological elements are unique (Khan et al., 2023).  
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Owing to their composite tectonic and depositional processes, soil physical and mechanical properties 

can considerably vary in 3D space. Spatial variability, if not considered during structural analysis, can 

be the cause of incomplete and unsafe design. As for the existing probabilistic methods, site-specific 

ground conditions and soil properties variability can be simulated within the powerful frameworks of 

the Random Field Theory. Underground heterogeneity and parameter uncertainty can be captured 

through the process of generating random fields by using the measurement data obtained from boreholes 

(or other investigation works). Conditioning random fields with measurement data at sampling points 

ensures reflecting “known” parameters during the randomization process. Research conducted in the 

domain of conditional random field site-characterization has mostly been focused on introducing novel 

approaches for assessing geo-properties uncertainty (Li et al., 2016a; Ching et al., 2020; Gong et al., 

2021; Yang and Ching, 2021; Zhao et al., 2023), for slope reliability evaluation (Li et al., 2016b; Huang 

et al., 2019; Huang et al., 2020) and underground construction design and performance (Gong et al., 

2018; Hu and Wang, 2019; Xie et al., 2023; Shi et al., 2023).   

This paper presents a fully automated approach for generating a digital ground model based on site-

specific borehole data by coupling BIM geological modelling and simulating soil spatial variability 

through a conditional random field generation process. The capacity of the proposed automated 

framework and digital tools has been confirmed through a case study for the New Belgrade area in 

Serbia.  

2. GROUND MODEL

2.1. Borehole database structure 

Borehole data is usually obtained from geotechnical reports, in the form of Excel tables. While the scope 

and level of details of such reports is often relatively correct, the data structure can vary significantly. 

Therefore, we developed an automatic Excel data parser in Python in order to extract the borehole data 

into a more convenient and structured format.  

First, the database structure is designed to account for all the available borehole data. The general 

borehole database structure is designed as follows: Borehole > SoilZone > SoilSample (Figure 1). 

Borehole data contains XYZ coordinates, designated names, groundwater level (GWL) and basic 

information such as drilling diameter/company/date etc. Each borehole consists of soil segments called 

SoilZones, which have their corresponding geological name and description (e.g. silty clay), depth 

(limits) and penetration test data (SPT, CPT). SoilZones contain SoilSamples at certain depths, which 

carry basic information on laboratory testing data and USCS classification. Inside the database, parent-

child links (one-to-many relationships) are established between boreholes, soil zones, and soil samples. 

Figure 1. Borehole database structure 

2.2. BIM Ground Model (BIMGM) 

Several methods for BIMGM modelling have been proposed, and mainly include mesh modelling, like 

triangulated irregular networks (TIN), tetrahedron network (TEN) and voxelization. The former is 

typically used for the rough-level geological model construction, with limited refinement capability, 

making it difficult to support varying scales or lower-level heterogeneous geological information. Voxel 

models, on the other hand, offer greater flexibility in representing heterogeneous geological information 
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and integrating semantic data (Khan et al., 2023). Regardless of the method chosen, the main objective 

of BIMGM is to ensure reliable documentation, and its content aligns with traditional planning standards 

and existing BIM standards, facilitating communication among stakeholders through a centralized 

repository of geological data (Erharter et al., 2023). 

In this paper, we employ the voxelization method for the detailed description of BIMGM. As shown in 

Figure 2, there are four main steps: (1) using the Delaunay triangulation method to create a 2D mesh 

onto a plane based on the coordinates of borehole data points. The borehole data for the four rectangle 

boundary corner points (⊗) are supplemented by inheriting the nearest borehole point; (2) generation of 

voxel centre point matrices based on user-defined voxel dimensions; (3) searching for the plane triangles 

to which the voxel centre points belong and selecting the nearest neighbouring vertices (borehole 

points); (4) inheriting vertex attributes and calculating soil types based on Z-coordinates. During the 

search process, points within a certain range will inherit the attributes of the same triangle vertex. We 

refer to this range as the influence zone, where the boundary lines dividing the influence zones within a 

triangle intersect at the circumcentre (O) of that triangle. For any point in the voxel centre point matrix, 

its attributes include its 3D coordinates, voxel dimensions in the x, y, and z directions, soil type name, 

and soil strength parameter value, totalling eight attributes. With these attributes, the automatic 

visualization process can be executed in Revit using Dynamo, generating voxel model following these 

points. 

Figure 2. Flowchart of obtaining voxel model attributes 

3. SOIL SPATIAL VARIABILITY

3.1. Random Field Theory and Kriging 

For structures embedded in variable strata, it is of the utmost importance to perform a comprehensive 

full-scale soil parameter characterization, to be able to proceed to the probabilistic structural analysis. 

Given that these parameters are only obtainable at sampling points, and as the scope of site investigations 

is often budget-limited, introducing different parameter interpolation methods becomes essential. While 

various spatial interpolation techniques have been commonly utilized in the current practice, they exhibit 
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limited capabilities in capturing soil spatial variability, compared to the Random Field Theory (Micić 

and Marjanović, 2023).  

Unconditional random fields simulate the soil properties distribution based on general trends and 

patterns in relation to the statistical properties (such as mean, coefficient of variation, spatial correlation 

structure), but without incorporating any site-specific measured data as constraints. Conditioning 

random fields with local measurement data at sampling points tackles the issue of more accurate and 

site-specific predictions of spatial variables.  

The Kriging algorithm is one of the common ways to interpolate spatial data when generating 

conditional random fields. It is an interpolation technique based on predefined covariance models that 

estimates the value of a field, denoted as 𝑧, at a non-sampled point 𝑥0, with respect to the fixed

conditioning values 𝑧(𝑥1) … 𝑧(𝑥𝑛) at specified points 𝑥1 … 𝑥𝑛. The best linear unbiased prediction of

the value 𝑧0 at a point 𝑥0 is computed as a weighted average, represented by the Equation (1):

𝑧0 = ∑ 𝜔𝑖 ∙ 𝑧𝑖
𝑛
𝑖=1       (1)  

in which 𝑛 is the number of conditioning points and 𝜔𝑖 is the weighting factor determined by the specific

kriging method. Various kriging methods, such as simple, ordinary, and universal kriging, can be 

employed to address the needs of diverse datasets (Müller et al., 2022).  

3.2. Automated Conditional Random Field Generator 

In this paper, for automation in generating the spatial variability, we adopted GSTools and PyVista. 

GSTools (Müller et al., 2022) is an open-source Python-based software package designed for solving 

geostatistical problems. It provides a comprehensive set of tools and algorithms for automated spatial 

data analyses, focusing on unconditional and conditional random field generation, kriging interpolation 

methods, variogram modelling and uncertainty analysis. PyVista (Sullivan and Kaszynski, 2019), an 

open-source Python library and a helper module for the powerful Visualization Toolkit (VTK), can be 

used to visually represent the output CRFs. It provides mesh data structures and filtering methods for 

spatial datasets, as well as tools for 2D and 3D visualization for complex data geometries. 

The process of automatically generating conditional random fields includes two main steps: generating 

an Unconditional Random Field (UCRF) of soil parameters and generating its Conditional realization 

(CRF). There are different approaches to generating UCRFs, such as covariance matrix decomposition 

methods, spectral methods, sequential simulations, and turning bands methods. GSTools produces 

spatial random fields with a given covariance function or a semi-variogram through a randomization 

method within the spectral Fourier domain (Heße et al., 2014; Müller et al., 2022). A Gaussian random 

field u(x) can be represented by the Equation (2): 

𝑢(𝑥) = √
𝜎2

𝑁
∙ ∑ (𝑍1,𝑖 ∙ 𝑐𝑜𝑠(𝑘𝑖 ∙ 𝑥) + 𝑍2,𝑖 ∙ 𝑠𝑖𝑛(𝑘𝑖 ∙ 𝑥))𝑁

𝑖=1         (2)  

where 𝑁 is the number of Fourier modes of the approximation, 𝑍1,𝑖 and 𝑍2,𝑖 are the standard normal

random variables that are mutually independent, and 𝑘𝑖 are mutually independent random samples for

every mode i.    

Conditional random fields that coincide with the given observations, but maintain randomness based on 

predetermined covariance model beyond the observation’s proximity, are generated combining kriging 

routines and UCRF. Ordinary kriging, as one of the most widely used kriging routines, assumes an 

unknown mean of the random field across the study area, and calibrates it as a part of the interpolation 

process (Müller et al., 2022). 
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4. CASE STUDY

4.1. Scope of Study 

In the following section, we present a case study to illustrate the application of the proposed methods to 

a realistic site-specific dataset. Existing borehole data for New Belgrade’s blocks 61, 62, 63 and 64 is 

used to generate a 3D Revit geological model, including spatial variability modelled employing a 3D 

conditional random field. The study site represents an urban, mainly residential area, covering an area 

of approximately 0.5 km2. It mostly consists of alluvial deposits represented with the interchange of silt, 

clay, sand, and gravel. Based on the chosen area and quality of the raw sampling data, 94 boreholes are 

included in the digital ground modelling process. Among various available laboratory tests data, 

effective cohesion (c') has been recognized as a representative example to conduct the proposed 

conditional random field generation process with GSTools. All the included boreholes contain at least 

one soil sample with known effective cohesion c'.  

The borehole data extraction was not straightforward, because the raw data contained some anomalies. 

In general, the raw data rows consisted of soil sample, soil zone and borehole data mixed together. 

Therefore, we created a mapping file, containing class type, data type and property of each data column 

for all the raw data files. Some boreholes and samples were duplicated, sometimes samples in the same 

borehole were overlapping, and some files included mixed borehole and CPT test data. All these 

problems were handled using Python scripts. Duplicated boreholes and soil samples were grouped 

together, and available data was merged. Geological names were in Serbian, so a dictionary was applied 

for translation. Strings were automatically converted to numerical values (e.g. sample depths) when 

needed. At the end, some boreholes contained empty (unknown) soil zones, and in that case, adjacent 

known zones were expanded. 

4.2. Results 

For BIMGM modelling, each borehole carries information on spatial coordinates (X, Y and Z) and soil 

layer types with their corresponding depths. The visualization can be seen in Figure 3.  

Figure 3. Visualization of the BIMGM voxel model based on soil type name 

The attributes of each voxel were obtained according to the steps outlined in Section 2.2. The true 

dimensions of each voxel in the x, y, and z directions are 14.53 m, 14.97 m, and 2.19 m, respectively. 

A total of 33000 voxels were generated (20x110x15 in x, y, z directions, respectively). 
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The borehole information needed to perform parameter randomization in 3D are the spatial coordinates 

of the boreholes, and the spatial coordinates and effective cohesion values at sampling points. The soil 

sample mean depth was chosen as the sampling point Z-coordinate. We performed the conditional 

randomization process in three main steps: 1) UCRF generation; 2) CRF generation and 3) 2D and 3D 

visualization of the obtained results. The UCRF was estimated as a Gaussian spatial random field by 

using the spectral density randomization method in the Fourier domain. The conditional random field 

realization of the effective cohesion was generated by applying ordinary kriging to interpolate the spatial 

data, after which the field’s estimated effective cohesion values were constrained for 152 local 

conditioning point values (borehole samples). The randomization process was carried out within the 

structured XYZ field grid, matching the grid of the voxel model. The obtained 3D conditional realization 

of effective cohesion for the study area is shown in Figure 4a. The longitudinal 2D section plot is shown 

in Figure 4b.  

Figure 4. a) 3D CRF realization of effective cohesion and b) longitudinal cross-section of effective cohesion 

over the study area. Grey lines represent borehole locations. Black line represents longitudinal cross section 

position 

Estimated values range from 4.11 to 13.6 kPa, realistically representing the site’s spatial variability in 

terms of heterogenous material cohesion expectations. However, the generated CRF could not 

adequately meet the conditioning values of effective cohesion in sandy-gravelly material (c' = 0). This 

might be the consequence of the CRF being generated only in regard to the positions of sampling data, 

without explicitly considering different lithological layers' spatial distribution. 

Finally, BIMGM and CRF model were united by extracting the effective cohesion values of the centre 

point of each generated voxel and inscribing it to the voxel attributes, thus incorporating soil spatial 

variability into the framework of the BIM model, as visually represented in Figure 5.  

a) 

b)
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Figure 5. Visualization results of effective cohesion in the BIMGM voxel model 

5. CONCLUSIONS

In this paper, we presented an automated framework for the development of a 3D holistic digital ground 

model in BIM software, incorporating soil spatial variability via CRF soil parameter randomization. For 

BIM ground modelling, voxelization method in combination with influence zones concept was 

recognized as efficient when it comes to heterogeneous soil representation. Soil parameter variability 

was assessed through the process of conditional random field generation coupled with kriging 

interpolation method. Proposed methodology was applied on a real case site characterization based on 

site-specific borehole data. Results showed reasonable soil layer distribution achieved in Revit and 

efficient soil cohesion conditional randomization in GSTools. 

Further research should be focused on developing more robust CRF methodology to constrain the 

lithological data with the expected soil parameter values. Proposed ground modelling concept, combined 

with FEM numerical models, should be validated on real infrastructure projects and different borehole 

databases. Also, additional work is to be done in the integration of all developed tools with numerical 

modelling software to obtain fully automated and more accurate predictive probabilistic modelling of 

underground infrastructure and development of digital twins.  
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Soil Liquefaction Mitigation by Applying the DSM Technique Below 

the Foundations of a Silo Base 
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ABSTRACT 

This paper presents a conceptual approach for mitigating soil liquefaction by applying the deep soil 

mixing (DSM) technique beneath the shallow foundations of a silo base slated for future construction in 

Varna, Bulgaria. Preliminary analyses of the site's seismic, geological, and hydrogeological conditions 

indicate that the water table is near the ground level and some zones are prone to liquefaction, with an 

anticipated surface settlement of 20 to 30 cm during a major seismic event. Additionally, a saturated 

layer of backfill, which requires removal during construction, exists on the site. To address both issues 

simultaneously, a 6 by 6 m grid of DSM containment cells (with a chosen diameter for overlapping 

DSM columns of 900 mm) has been proposed. For economic reasons, the suggested improvement depth 

does not extend to a non-liquefiable layer but is still expected to ensure acceptable performance by 

reducing settlement. The paper aims to offer a new perspective on a relatively well-known soil 

liquefaction mitigation measure, taking additional advantage by eliminating the need for a dewatering 

system, thereby achieving a technological and economic balance in the project. 

KEYWORDS 

Soil liquefaction, mitigation measures, deep soil mixing, shallow foundation 

1. INTRODUCTION

The project site is located at the port of Varna, Bulgaria, characterized by a predominantly sandy soil 

profile with a groundwater level close to the surface (Figure 1). An initial geotechnical challenge is the 

presence of approximately two meters of submerged fill with poor engineering properties, necessitating 

removal. This layer, if left unaddressed, presents a risk due to its unsuitable bearing capacity for the 

planned infrastructure. 

Figure 1. Key elements of soil liquefaction engineering 

12 silos
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Additionally, an initial evaluation of the liquefaction potential has identified certain zones, extending 

up to 20 meters in depth, that are susceptible to liquefaction, which could lead to excessive settlement 

as indicated by preliminary assessments. To circumvent the need for dewatering during the removal of 

the problematic fill and to enhance subsoil stability, a deep soil mixing technique has been selected. This 

approach incorporates the use of soil-mix cells designed to provide both reinforcement and a reduction 

in settlement potential. 

The targeted construction comprises 12 steel silos, each with a unit volume of 8,300 cubic meters, a 

height of 29.40 meters, and a diameter of 22.30 meters. These structures are engineered to endure a Peak 

Ground Acceleration (PGA) of 0.15g, associated with a 475-year return period according to Eurocode 

8. The project is designed with an allowable average settlement of 15 centimeters to maintain structural

integrity over the lifetime of the silos, taking into account the identified geotechnical risks. This paper 

will explore the intricate balance between addressing the engineering challenges posed by the site 

conditions and achieving the operational requirements of the steel silos in the sandy soils of Varna Port 

in Bulgaria. 

2. GEOTECHNICAL INVESTIGATIONS

A network of five boreholes, each extending to a depth of 25 meters, was methodically laid out and 

drilled to procure samples for evaluating the physical and mechanical properties of the subsurface 

materials. From these boreholes, a total of 16 soil samples were extracted and subjected to laboratory 

testing. Supplementing the borehole data, “in-situ” Dynamic Penetration Tests (Super Heavy) (DPSHs) 

were also conducted, with seven penetrations reaching a depth of 35 meters each. The spatial 

arrangement of both boreholes and DPSHs is illustrated in Figure 2. 

Figure 2. Geotechnical investigations for the project 

Results from these investigations have identified three main soil types shown in Figure 3. The first is a 

fill layer, approximately 1.5 to 2 meters thick. Beneath this lies a significant loose sand stratum, reaching 

a thickness of around 20 meters. The deepest layer encountered comprises plastic silty clay and dense 

sand, which the investigations have not probed further. The water table lies between 1.0 and 1.5 meters 

below ground level, rendering the loose sand layer saturated. 

Key conclusions drawn from the soil analysis, specifically pertaining to the loose sand layer, are 

presented in Figure 3. This layer's susceptibility to liquefaction is a point of focus due to its granular, 

fully saturated nature, and geological youth. The findings denote a low relative density indicating a loose 

state, along with a low uniformity coefficient pointing to poor grading. This evidence strongly suggests 

that the loose sand layer is prone to liquefaction. 

Given this assessment, the paper emphasizes the need for additional investigations to thoroughly 

evaluate the seismic hazard and incorporate these factors into the site's risk mitigation strategy. 

Layout of boreholes (MCs) 

and Dynamic Penetration 

(Super Heavy) tests (DPSHs)

12 silos

Dynamic Probe

Super Heavy 

(DPSH) used

for the 

investigations



216 

Figure 3. Typical geological profile of the site and key conclusions drawn from the geotechnical investigations 

3. SEQUENCE OF ACTIONS IN LIQUEFACTION ENGINEERING

Soil liquefaction engineering has evolved into a distinct and increasingly mature field of practice, 

characterized by several specific subtopics and issues. As outlined in a schematic representation in 

Figure 4, the foundational step in most soil liquefaction engineering approaches remains the assessment 

of liquefaction potential, or the likelihood of its initiation. Recent years have witnessed significant 

advancements in this area, which are worth exploring. 

Figure 4. Key elements of soil liquefaction engineering 

Upon recognizing the potential risk of liquefaction at a site, the focus shifts to evaluating the possible 

consequences. This evaluation often involves determining the post-liquefaction strength and the 

subsequent overall stability of the site, structure, or other built facilities. If this evaluation indicates a 

deficiency in post-liquefaction stability, indicating a high potential for deformation or displacement, 

engineered remediation becomes necessary. Conversely, if the post-liquefaction stability is deemed 

acceptable, the next step is to account for the anticipated settlement and lateral spreading in design. This 

area of practice remains somewhat underdeveloped, with significant work needed in the development, 

calibration, and verification of relevant engineering tools and methods. Furthermore, there is a lack of 

comprehensive engineering guidelines on the impact of liquefaction-induced deformations and 

displacements on structures and engineered facilities, and the standards for acceptable performance are 

yet to be firmly established. 

In situations where satisfactory performance is deemed unlikely, engineered mitigation of liquefaction 

risk is generally the next step. This aspect of soil liquefaction engineering is rapidly evolving, often 
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marked by debate and controversy. The continuous development of new mitigation methods offers a 

growing array of engineering solutions. However, the effectiveness and reliability of some of these 

methods are still subjects of debate, and the accurate and reliable analysis of performance improvements 

post-mitigation remains challenging. 

Given the scope of this study, it is not feasible to comprehensively address all these aspects. However, 

key recent and ongoing advancements, controversial areas, and domains, either in practical application 

or understanding, will be highlighted. 

4. SIMPLIFIED STRESS-BASED APPROACH

In situ “index” testing stands as the predominant method in geotechnical engineering for evaluating the 

potential for “triggering” or the onset of liquefaction. This approach encompasses several widely-used 

techniques, including the standard penetration test (SPT), the cone penetration test (CPT), and the 

measurement of shear wave velocity (Vs). The assessment of liquefaction risk involves comparing the 

seismic loading, quantified as the Cyclic Stress Ratio (CSR), against the soil's resistance to liquefaction, 

denoted as the Cyclic Resistance Ratio (CRR). This comparison is typically expressed in the form of a 

factor of safety (FS) against liquefaction, as detailed in the following equation: 

FS = [(CRR7.5MSF)/CSR]KK    (1) 

where: 

FS – factor of safety 

CRR7.5 – cyclic resistance ratio for an earthquake with magnitude 7.5 

CSR – cyclic stress ratio 

MSF – magnitude scaling factor according to (NCEER, 1997) 

K – overburden correction factor according to (NCEER, 1997) 

K – correction factor for the effects of an initial static shear stress ratio according to (NCEER, 1997) 

4.1. Demand – Cyclic Stress Ratio (CSR) 

The Cyclic Stress Ratio (CSR) quantifies the cyclic shear stress at a specific depth resulting from 

seismic activity. In locations where the ground slope is under 6%, the shear stresses induced by 

earthquakes are assumed to arise solely from the vertical propagation of shear waves. These stresses can 

be calculated using a one-dimensional dynamic response analysis of the soil layer, as suggested by (Seed 

& Idriss, 1971). However, considering the complexity and time-intensive nature of dynamic response 

analyses at that time, and the challenges in acquiring accurate site characterization and suitable input 

ground motions, (Seed & Idriss, 1971) have proposed a simplified formula which is grounded in 

Newton’s second law: 

CSR = d/ ’v = 0.65(amax/g)( v / ’v)rd                                                                                                 (2) 

where: 

CSR – cyclic stress ratio 

d – average cyclic shear stress 

 ’v – effective overburden stress at depth z 

 v – total overburden stress at depth z 

amax – maximum horizontal ground surface acceleration 

g – gravitational acceleration 

rd – shear stress reduction coefficient which starts at 1.0 at the surface and diminishes with increasing 

depth, reflecting the non-rigid behavior of the soil column under the influence of the vertically 

propagating shear wave. Practical procedures for evaluating rd are given in (NCEER, 1997; Cetin et al., 

2004). 
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The factor of 0.65 in Equation 2 adjusts the CSR from the peak value of earthquake-induced shear stress, 

which occurs only momentarily during the quake, to a more typical value experienced multiple times 

during intense shaking. 

4.2. Demand – Cyclic Stress Ratio (CSR) 

The concept of Cyclic Resistance Ratio (CRR) is pivotal in understanding soil's resistance to 

liquefaction, essentially representing the Cyclic Stress Ratio (CSR) necessary to initiate liquefaction. 

The simplified method relies on field observations to establish correlations between in situ parameters 

and CRR, as derived from a plethora of case histories involving both liquefaction and non-liquefaction 

events. Common corrected in situ parameters used for this evaluation include the standard penetration 

test (SPT) blow count, [(N1)60-cs – equivalent clean-sand normalized NSPT-value], Cetin et al., 2004; Idriss 

& Boulanger, 2008, the cone penetration test (CPT) tip resistance, (qc1-Ncs – normalized tip resistance) 

Robertson & Wride, 1998; Moss et al., 2006; Idriss & Boulanger, 2008, and small strain shear wave 

velocity, (Vs1 – shear wave velocity corrected to an effective overburden stress of 1 atm), Andrus & 

Stokoe, 2000. The use of SPT and CPT profiles is more frequent than Vs profiles for liquefaction 

triggering assessment. 

5. LIQUEFACTION-INDUCED RECONSOLIDATION SETTLEMENT

Evaluating the potential deformations and displacements that may arise from liquefaction or ground 

softening due to increased pore pressure presents a complex and demanding challenge in many 

engineering projects. Accurately predicting post-liquefaction deformations, particularly in the “small to 

moderate” range (displacements less than about 0.75 m), remains a significant challenge in the field of 

geotechnical engineering. This range is crucial for most standard buildings and engineered facilities, yet 

current tools fall short in providing reliable estimates.  

In general, geotechnical earthquake engineering practice, the determination of post-liquefaction 

reconsolidation settlement can typically be based on the results of the standard penetration test (SPT) – 

(Ishihara & Yoshimine, 1992; Shamato, 1998; Wu et al., 2003), cone penetration test (CPT) or through 

seismic testing for the evaluation of shear wave velocity (Vs). Such post-liquefaction settlement is 

calculated by integrating the values of post-cyclic volumetric strain (єv) across the depth of the soil layer: 

𝑆 = ∫ 𝜖𝑣 . 𝑑𝑧
𝑧𝑚𝑎𝑥

0
     (3) 

where: 

S – post-liquefaction reconsolidation settlement 

єv – post-cyclic volumetric strain 

zmax – maximum depth 

dz – liquefiable layer height 

(Ishihara & Yoshimine, 1992) have proposed a specific equation for the evaluation of post-cyclic 

volumetric strain (єv): 

єv = 1.5.exp(-2.5Dr)
.min(0.08, max)  (4) 

where: 

Dr – relative density 

max – maximum cyclic shear strain 

Studies (Wu et al., 2003) suggest graphical approaches for evaluation of on the post-cyclic volumetric 

strain (єv) on the basis of corrected SPT blow count data. Another method (Ishihara & Yoshimine, 1992) 

involves the adoption of the calculated factor of safety (FS) and relative density of the soil (Dr). In order 

to determine post-liquefaction reconsolidation settlement, at first, the in-situ shear stress ratio (e.g., in 

situ cyclic stress ratio – CSR) might be calculated using a simplified method (e.g., Seed & Idriss, 1971) 
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and corrected results from standard penetration tests (SPT) shall be adopted. Secondly, post-cyclic 

volumetric strain (єv) is graphically determined. Lastly, єv is multiplied by the thickness of the related 

liquefiable layer. The same approach is repeated for all liquefiable layers and all calculated settlement 

values are summed up. 

6. EVALUATION OF LIQUEFACTION POTENTIAL AND EARTHQUAKE-INDUCED

SETTLEMENTS FOR THE SPECIFIC SOILS AT VARNA PORT

The evaluation of liquefaction potential at the site was conducted using a simplified stress-based 

approach, as outlined in this paper. The cyclic stress ratio (CSR) was calculated based on a Peak Ground 

Acceleration (PGA) of 0.15g for a seismic event with an assumed moment magnitude (Mw) of 6.5. The 

cyclic resistance ratio (CRR) was determined from Dynamic Penetration Test (Super Heavy) (DPSHs) 

data, which was then correlated to standard penetration test (SPT) blow count. The Factor of Safety (FS) 

against liquefaction was subsequently established by the ratio of CRR to CSR. In alignment with 

Eurocode 8 provisions, a safety factor of 1.35 was applied to account for resistance reduction. 

For areas where the FS fell below 1.0, liquefaction-induced settlements were calculated using 

methodologies proposed by (Ishihara & Yoshimine, 1992; Shimamoto, 1998; Wu, 2003). Example 

outcomes for tests DPSH-6 and DPSH-7 are depicted in Figure 5, indicating potential settlements 

ranging from 20 to 30 cm – a magnitude deemed unacceptable for the structural integrity of the silos. 

Figure 5. Liquefaction assessment and evaluation of earthquake-induced settlements 

The findings necessitate the implementation of countermeasures to mitigate the risk of significant 

damage to these crucial industrial facilities, ensuring their stability and operational continuity in the 

event of seismic activity. 

7. MITIGATION OF LIQUEFACTION-INDUCED DAMAGE

Ground improvement methods are essential for enhancing soil resistance to liquefaction and improving 

seismic performance. These methods can be broadly categorized into five principal types: replacement, 

densification, solidification, reinforcement, and drainage. The reinforcement method has been adopted 

in the current study. 

Reinforcement generally involves the construction of intersecting subterranean walls, creating a network 

of containment cells, or establishing a series of tightly packed, robust vertical pillars. These structures, 

particularly the interlocking wall lattices (grids), are known for their superior ability to impede the flow 

of excess porewater and confine liquefied soil masses, thereby offering a more fail-safe solution 

compared to standalone column grids. While open grid systems lack this level of confinement and 

pressure control, the redundancy and robustness of lattice structures make them a significantly more 
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dependable option for soil reinforcement. This reinforcement method can be applied to soil strata 

extending down to 20 meters, with the possibility of reaching even deeper with specialized construction 

techniques and machinery. Its merits include applicability to various ground conditions, including sites 

with silty or inconsistent soil profiles, minimal construction-induced vibration, and the capability to 

reinforce ground beneath existing structures in space-constrained environments, enhancing their seismic 

resilience. Notably, in the case of lattice reinforcement, it is often feasible to position the surrounding 

containment wall below the building's footprint, which is particularly advantageous for developments 

situated close to property boundaries. A noted drawback of reinforcement methods is the challenge in 

conclusively verifying their efficacy in controlling shear strain in the soil segments between 

reinforcement elements. When juxtaposed with densification and drainage strategies, reinforcement 

approaches generally incur higher costs.  

The initial step in the design procedure is to conduct an equilibrium analysis to ensure that the system 

remains stable under anticipated loads (Figure 6, top-left). This is followed by assessment of global 

stability, where the balancing act between stabilizing and destabilizing moments shall be evaluated 

(Figure 6, bottom-left). Subsequently, an internal check is crucial to confirm that the soil-mix body has 

the requisite strength to withstand shear stresses and to prevent the occurrence of both vertical and 

horizontal fissures (Figure 6, right). This sequential approach ensures a robust and reliable design, 

safeguarding against potential failures. 

Figure 6. Design considerations for the reinforcement method 

The presented project assumes the application of the soil mixing technique for stabilizing the soil, which 

involves blending cement or similar stabilizing agents into sandy soil to solidify it. Various equipment 

types have been developed for this purpose. For large-scale stabilization, a rotating drum cutter on an 

excavator can mix soil with the stabilizer, typically up to depths of around 6 meters. Deeper treatments, 

reaching up to 30 meters or more, employ rotating augers or blades on rods to mix soils into vertical 

columns, a process known as deep soil mixing (DSM) – Figure 7.  

Figure 7. Single-shaft Deep Soil Mixing (DSM) – schematic representation (left) and its actual execution 

in Bulgaria (right) 
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Figure 8 shows the conceptual design which adopts DSM method below the foundations of the silos’ 

bases for the presented project. In order to solve the issue with liquefaction-induced damage, a grid of 

6 by 6 m DSM containment cells (selected diameter of overlapping DSM columns is 900 mm) have 

been considered. Due to economic reasons the suggested improvement depth does not reach a non-

liquefiable soil layer but is still expected to ensure acceptable performance. 

Figure 8. Conceptional design of a silo over a liquefiable layer – this study 

8. CONCLUSIONS

The paper details a series of liquefaction engineering steps illustrated by a case study of silos at Varna's 

port in Bulgaria. Initially, the liquefaction potential was assessed, followed by the calculation of 

earthquake-induced settlement in susceptible soil zones. The resulting settlement surpassing allowable 

limits indicated inadequate facility performance. Consequently, the deep soil mixing (DSM) 

reinforcement method was chosen as a financially viable solution to this challenge.  
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ABSTRACT 

The purpose of this paper is to determine the safety of existing facilities during the pile driving of pile 

foundations, and subsequently their operation. The method used for vibration monitoring involves 

vibration sensors. In this case, the main method of geotechnical monitoring of the existing building and 

construction is the equipment "Vibra Profound+". The vibration was produced at different distances 

from the excitation source created by a Banut 555 pile driver with a hydraulic hammer weighing 6.075 

tons and a drop height of up to 1.0 m. Alarm level: 5.00 mm/s (0 to 10 Hz). Alarm type: Intelligent 

speed. Settings were done according to DIN 4150-3. Vibration detection standard: ISO 4866:2010. The 

highest value of vibration velocity was recorded in the z-direction - vertical axes. The influence of pile 

driving on the compressor foundation is relatively small: z=0,91; y=0,30; x=0,31 - for slab foundation 

and z=1,19; y=0,29; x=0,26 - for single-pile STU-1. The highest values of vibration velocity during 

driving were measured in the middle of pile driving (about 5-6 m of pile length). According to DIN 

4150-3 standards, the vibration level during pile driving is within the permissible limits. 

KEYWORDS 

Vibration, Monitoring, Pile driving, Sensors. 

1. INTRODUCTION

The tests were conducted over three days from June 24, 2021, to June 26, 2021, in Western Kazakhstan 

in five test pile driving sites. Eight piles were driven, and the sequence and norms of pile driving are 

shown. DIN 4150-3:2010 standard "Permissible values of vibration in construction" was used to 

determine the vibration. At the test site, the vibration source was created by a Banut 555 pile driver with 

a hydraulic hammer weighing 6.075 tons and a drop height of up to 1.0m.  There are also several sources 

of vibration including a jacking crane and various types of trucks used to transport the piles to the 

installation site. The vibration measurement interval was 5 s. The maximum allowable vibration level is 

(acceleration index) 5.00 mm/s (from 0-10 Hz). 

2. TESTING PROCESS

The sensors were placed in five different positions to detect vibration. Six vibration monitoring tests 

were carried out with the Vibra Profound+ equipment. The sensors were located between 40m and 114m 

from the source of pile driving vibration excitation. Vibration monitoring tests at two sensor locations 

(1-2 positions) were initiated before pile driving to determine the vibration, amplitude, and vibration 

before the test and to compare with the sensors installed and tested during pile driving. 

2.1. Sensor positions 

Position 1 (62-G-211): 72 meters from the drilling rig and during pile driving 1. 
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The geophone is attached to the turbocharger foundation. Monitoring was conducted 12 hours before 

pile driving (to monitor vibration of the turbocharger itself) and to monitor vibration during pile driving. 

Position 2 (Pile 1): 58 meters from the piling rig during the driving of Pile 2 and 65 meters from the 

piling rig during the driving of Pile 7.  

A geophone was previously attached to the pile head (to monitor vibration from the plant itself) and 

during pile driving. 

Position 3 (Pile 2): 82 meters from the piling rig during the driving of Pile 4 and 114 meters from the 

piling rig during the driving of Pile 8.  

A geophone was previously attached to the pile head (to monitor vibration from the plant itself) and 

during pile driving. 

Position 4 (Pile 4): 40 meters from the piling rig while driving Pile 5. 

The geophone was previously attached to the pile head (to control vibration from the plant itself) and 

during pile driving. 

Position 5 (Pile 5): 40 meters from the piling plant while driving Piles 3 and 6.  

The geophone was previously attached to the pile head (to monitor vibration from the plant itself) and 

during pile driving. 

Table 1 describes the vibration monitoring tests performed on a particular pile driving. 

Table 1. Sensor positions 

Test 1 2 3 4 5 6 7 8 9 

Geophone 

position 

Pos.1 Pos.1 Pos.2 Pos.2 Pos.3 Pos.3 Pos.4 Pos.5 Pos.5 

Pile 

position 

No 

driving 

1 Pile 

driving 

2 Pile 

driving  

7 Pile 

driving  

4 Pile 

driving  

8 Pile 

driving  

5 Pile 

driving  

3 Pile 

driving  

6 Pile 

driving  

3. TESTS AND RESULTS OF VIBRATION MONITORING DURING PILE DRIVING

Testing at position 1, before pile driving:  

Figure 1 Velocity vs. time diagram. Figure 2. Velocity vs. frequency 

Measurement 1 

Location 1  

No driving 

Testing at position 1, during LTP-1 pile driving: 
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Figure 3. Velocity vs. time diagram. Figure 4. Velocity vs. frequency 

Max velocity: Х=0.2 Y=0.11    Z=0.26 

Measurement 2 

Location 1  

Driving Pile LTP-1 

Testing at position 2, during CTP-1 pile driving: 

Figure 5. Velocity vs. time diagram. Figure 6. Velocity vs. frequency 

Max velocity (before driving):          X=0.06 Y=0.08     Z=0.07 

Max velocity (during the driving):    Х=0.31 Y=0.30     Z=0.91 

Measurement 3 

Location 2  

Driving Pile CTP-1 
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Testing at position 3, during TTP-1 pile driving: 

Figure 7. Velocity vs. time diagram. Figure 8. Velocity vs. frequency 

Max velocity (before driving):          X=0.08 Y=0.06     Z=0.07 

Max velocity (during the driving):    Х=0.26 Y=0.29     Z=1.19 

Measurement 4 

Location 3  

Driving Pile TTP-1 

Testing at position 4, during TTP-1 pile driving: 

Figure 9. Velocity vs. time diagram. Figure 10. Velocity vs. frequency 

Max velocity (before driving):          X=0.10 Y=0.07     Z=0.06 

Max velocity (during the driving):    Х=0.17 Y=0.16     Z=0.15 

Measurement 5 

Location 4  

Driving Pile TTP-1 
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Testing at position 5, during TTP-1 pile driving: 

Figure 11. Velocity vs. time diagram. Figure 12. Velocity vs. frequency 

Max velocity (before driving):          X=0.15 Y=0.05     Z=0.14 

Max velocity (during the driving):    Х=0.35        Y=0.64      Z=0.27 

Measurement 6 

Location 5  

Driving Pile TTP-1 

Figure 13. Velocity vs. time diagram.     Figure 14. Velocity vs. frequency 

Max velocity (before driving):          X=0.09 Y=0.05     Z=0.09 

Max velocity (during the driving):    Х=1,45        Y=0,98    Z=1,61 
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4. CONCLUSIONS

After the vibration monitoring test with the equipment "Vibra Profound+", the determined velocity, 

without movement (before pile driving): Z=0,26; Y=0,11; X=0,20. At the same time, the highest value 

of vibration was recorded in the direction of a certain value of z - z-vertical axes (Fig. 1). 

The average value of the maximum velocity before pile driving: X=0.10 Y=0.06 Z=0.09, and the average 

value of maximum velocity after pile driving: X=0.51 Y=0.47 Z=0.63, after comparison we conclude 

that the level of vibration jump during pile driving is within the permissible limits of DIN 4150-3 

standard. 

The influence of pile driving on the compressor foundation is relatively small: Z=0.91; Y=0.30; X=0.31 

- for slab foundation (87 m from the drilling rig) and Z=1.19; Y=0.29; X=0.26 - for single-pile STU-1 

(at a distance of 63 m from the drilling rig). This is explained by the massive foundation partially 

damping the vibration impact. 

The highest value of vibration, in the difference between before and after pile driving in the X-axis, was 

measured in test #3, in the Y-axis in test #6, which amounted to 0.59, and in the Z-axis in test #4. 

After the collected data from all the tests, the results showed that the signal tolerance level of 5 mm/s (0 

to 10 Hz) was not exceeded. 

The highest values of vibration velocity during driving were measured in the middle of pile driving 

(about 5-6 m of pile length). 
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ABSTRACT 

With the signing of the Paris Agreement in 2015, the world committed to taking measures to limit the 

increase in the global average temperature to well below 2°C, with the aim of capping it at 1.5°C. To 

achieve this goal, greenhouse gas emissions must be halved by 2030 and reduced to near zero by 2050. 

The Construction and Real Estate sector’s greenhouse gas emissions account for about 22% of Sweden's 

total emissions. Additionally, the sector significantly contributes to emissions abroad through imported 

goods. 

A recent study indicated that emissions from ground works accounted for approximately 33-36% of the 

total emissions of a 36-floor building in Gothenburg. This is significant, especially considering that only 

emissions slab foundations are included when submitting a climate declaration for a new building. 

As a geotechnical engineer, tools for reducing the climate impact can be used. For instance, in the early 

stages, select construction sites that necessitate minimal geotechnical works or implement measures to 

reduce soil settlements. During the construction stage, conduct comprehensive field and laboratory 

investigations to optimize your temporary geotechnical works, accounting for materials while meeting 

safety requirements. 

The gap in knowledge is still substantial concerning climate impact in relation to geotechnical works, 

but more focus is being invested in research, the subject is in demand and steps are being taken forward. 

The construction and real estate sector are on the right path on helping Sweden fulfil the commitments 

of the Paris Agreement, but the clients and stakeholders need to shift their focus from cost-driven to 

climate-driven in future project for the climate impact to seriously reduce. Hopefully the shift is 

immense and of highest priority, if not for our sake, then for future generations.  

KEYWORDS 

Paris Agreement; Greenhouse Gas Emissions; Climate Impact; Geotechnical Works 

1. INTRODUCTION

The climate has naturally been changing throughout the years. Although today's changes, primarily 

driven by human activities such as the emission of carbon dioxide and other greenhouse gases, are 

significant and rapid. The global average temperature is now approximately 1°C warmer than before the 

industrial era, see Figure 40 (Hansen, et al., 2017). A higher average temperature leads to severe 

consequences för both human and nature, including an increase in the frequency and intensity of natural 

disasters.  
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Figure 1. Global surface temperature relative to 1880-1920. (a) Annual and 5-year means since 1880. (b) 12- 

and 132-month running means since 1970 (Hansen, et al., 2017). 

The world's countries came together in 2015 to reach a historic agreement in the fight against global 

warming. The signing of the Paris agreement signifies a commitment to limit the global warming to well 

below 2°C, striving to cap it at 1,5°C. To achieve this goal, global emissions must be halved by 2030 

and reduced to near zero by 2050 (UNFCCC, 2024). 

With the Paris agreement in mind, Sweden has set climate goals, aiming to achieve net-zero greenhouse 

gas emissions by no later than 2045. Furthermore, the ambition extends to achieving negative emissions, 

a goal that surpasses the requirements of the Paris Agreement (Fossil-free Sweden, 2024). 

2. THE CONSTRUCTION AND REAL ESTATE SECTOR IN SWEDEN

The Construction and Real Estate sector accounts for approximately 22% of Sweden's greenhouse gas 

emissions (The Swedish National Board of Housing, Building and Planning, 2024). The impact 

primarily arises from the production of materials and products, as well as emissions related to energy 

use during the operational phase. Additionally, the sector significantly contributes to emissions abroad 

through imported goods. However, the analysis above did not include the emissions from geotechnical 

works.  

As of 2022, submitting a climate declaration is mandatory for new buildings requiring building permits, 

with the purpose of reducing the climate impact from the construction stage. The construction stage 

comprises the extraction of raw materials, manufacture of construction products, work at the 

construction site and transports (The Swedish National Board of Housing, Building and Planning, 2024). 

At present, it’s not required to include emissions from geotechnical works except for slab foundations, 

in the submitted climate declaration. Conversely, for major infrastructure projects, the Swedish 

Transport Administration imposes climate requirements that apply during planning, design, 

construction, and operation and maintenance.  

Considering the above, a research project was conducted to deepen the understanding of the climate and 

environmental impact of geotechnical works (Smart Built Environment, 2023). Within the research 

project geotechnical engineers and life cycle assessment analysts collaborated to produce quality-

assured Swedish generic environmental data for 21 different types of geotechnical works. The generic 

environmental data encompass the life cycle modules A1-A5, see Figure 41. 
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Figure 2. Stages and modules in a typical life cycle of a building (European Insulation Manufacturers 

Association, 2017). 

Two case studies were conducted in the research project, and the results indicate that geotechnical works 

can account for a significant portion of a building's climate impact. In one case study, calculated for a 

5-story building, the climate impact of geotechnical works represented 4% of the building's total climate 

impact. In the other case study, conducted for a 36-story building, the climate impact of geotechnical 

works amounted to approximately 33-36% (depending on how the calculation was made) of the 

building's overall climate impact during the construction stage. In general, several factors could 

contribute to the differences between the case studies, such as the geotechnical conditions of the site 

influencing the choice of geotechnical works and the amount of excavation mass transported for landfill 

disposal. 

3. THE GEOTECHNICAL SECTOR AND IT’S TOOLS FOR CLIMATE-NEUTRAL

CONSTRUCTIONS

As indicated in the research project, geotechnical works can contribute significantly to a building’s 

overall climate impact. Questioning why geotechnical works are not currently included in the existing 

climate declaration is reasonable; however, it should be emphasized that an expansion of the legal 

requirements is currently under consideration. The results of the case studies imply that geotechnical 

engineers could play an important role in the transition to climate-neutral constructions, not only in 

Sweden but also worldwide.  

Geotechnical engineers have access to several existing techniques and methods that can contribute to 

reducing the climate impact of a construction, for example, landscape planning, geotechnical field and 

laboratory investigations, foundation methods, climate-smart material choices, in-situ recycling but also 

research. Which method that is more applicable than another depends on the stage in the building 

process, see Figure 3. 
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Figure 3. Example of tools a geotechnical engineer can utilize in different stages of a project for reducing the 

climate impact. 

By integrating these existing techniques and methods in a systematic way, geotechnical engineers can 

contribute to reducing emissions and support the transition to climate-neutral constructions. However, 

achieving nete-zero requires ongoing innovation and the development of new technologies. 

3.1. Landscape planning 

In the early planning stages, geotechnical engineers can be involved in assessing prospective sites or 

participate in the landscape planning process, aiming to minimize the climate impact from the outset. If 

the land has already been acquired and the construction site determined, and time is on our side, 

geotechnical engineers can implement soil preloading to mitigate potential settlements. This, in turn, 

reduces the need for future compensation fills or a shift to an alternative foundation with another 

geotechnical work. 

3.2. Geotechnical field and laboratory investigations 

A geotechnical investigation can be conducted for various purposes and with different geotechnical 

inquiries. In the early planning stages, the geotechnical investigation can assess potential risks associated 

with land use. The level of detail in the investigation depends on how the land is intended to be used. 

The primary objective of a geotechnical investigation is to determine soil, rock, and groundwater 

conditions. This means that a geotechnical investigation conducted in the early planning stages may not 

necessarily capture the properties required to design your technical solution if the intended land use has 

changed during the process of the project. 

Performing additional field and laboratory investigations as a supplement to the already conducted 

geotechnical investigation can be a tool to ultimately reduce the climate impact of a certain project. The 

better the geotechnical investigation, the more we know about soil properties, allowing us to utilize 

parameters more efficiently by reducing safety factors and optimizing technical solutions without 

compromising safety. Figure 43 illustrates a person heading towards a cliff with a fog clouding the view. 

The better the visibility, the closer the person can approach the edge without the risk of falling. 

Depending on the supplementary investigation, the more we disperse the fog. Incorporating 

supplementary field and laboratory investigations alongside with the observational method during the 

construction stage will further disperse the fog. 

A supplementary geotechnical investigation with advanced lab tests will surely incur a cost, but an 

optimized technical solution will result in reduced climate impact and hopefully a lower total cost 

compared to the initial option without additional investigation. For construction projects, the primary 

focus is still on balancing the budget rather than being climate-smart, which sometimes hinders us from 
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lifting our gaze and thinking long-term. It is important to realize that the budget and climate impact can 

be intertwined, where the budget can affect the climate, but also where the climate can affect the budget. 

Figure 4. Illustration of how close a person can be to the edge of the cliff depending on the level of geotechnical 

investigations made. 

3.3. Foundation methods and climate-smart material choices 

By optimizing the foundation methods, the geotechnical works, and materials during the design stage, 

the climate impact could be reduced. For example, changing to steel piles from concrete piles or use 

foam glass or expanded lightweight aggregate instead of cellular plastic. 

3.4. In-situ recycling 

By assisting the project in identifying and locating suitable masses for in-situ recycling, the need for 

excavation, purchase of materials, transportation, and landfill disposal will decrease, resulting in a 

reduced climate impact. A research project conducted in 2020 aimed to explore the possibility of in-situ 

recycling of dry crust, a material typically sent to a landfill after excavation for disposal (Nguyen, 2020). 

The study revealed that dry crust could be a suitable backfill material under certain conditions, such as 

optimal natural water content, WN, and purpose. With a natural water content between 15% to 30%, the 

choice of compaction method had minimal impact on achieving the required bearing capacity on the 

terrace. The project site reduced its climate impact by 17% through the reuse of dry crust. The potential 

in savings amount to 9,0 kg CO2 equivalent (CO2eq) per cubic meter (m3) of clay dry crust and 

approximately between 190-290SEK per cubic meter (19-28€/m3) from an environmental and cost 

perspective. 

3.5. Research 

There is currently a knowledge gap in the geotechnical sector in Sweden concerning questions related 

to climate impact. This is partly due to the relatively young nature of the research and the limited number 

of case studies conducted in Swedish conditions. However, in recent years, more funding has been 

allocated to research addressing these issues. For instance, two ongoing projects are of interests, one 

explores the possibilities and challenges within the municipal spatial planning process to reduce climate 

impact from geotechnical works (Song, et al., 2023). The other project aims to calculate generic values 

for the climate impact of geotechnical works and ground improvements through conducting case studies 

(Lindeberg, 2024). 
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4. CONCLUSIONS

The Construction and Real Estate sector have set a high goal in its efforts to help Sweden reduce its 

climate impact and fulfil its commitment to the Paris Agreement. A goal that geotechnical engineers 

and the geotechnical sector can significantly contribute to achieving within the Construction and Real 

Estate sector. The tools are available, climate work is becoming more prioritized, and our knowledge is 

increasing. Research can be an equally powerful tool in reducing future climate impact as mentioned 

above. By gaining a deeper understanding of what influences what and how we within the geotechnical 

industry can help make the planet habitable for future generations. 

However, there are still obstacles. As long as constructing at the lowest cost is rewarded in 

procurements, climate work will be overshadowed by final costs. When clients and stakeholders begin 

to demand and prioritize the best technical solution in terms of climate impact, that is when reduced 

climate impact will truly start to become visible. We are on the right path, but the shift is not here yet. 

Hopefully, this scenario is imminent and of the highest priority, if not for our sake, then for future 

generations. 
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ABSTRACT 

This paper presents the results of model tests of reinforced concrete micro-piles. The methodology of 

determining the load-bearing capacity of micro-piles on the basis of the obtained load-settlement graph 

using a volumetric bench. Using the volumetric bench, static load was applied to the micro-piles and the 

corresponding settlements are measured at each stage of loading. The bench was prepared in five layers 

and each layer was compacted by tamping to relative density. This material is convenient for model 

testing. The bearing capacity of 3 micro-piles with different sizes corresponding to 1:20 scale was 

investigated. As a result of the test the settlement of the three micro-piles was within 10-12 mm. A 

comparative analysis of the laboratory results of the bearing capacity of micro-piles with the static 

method (SLT) was carried out. Practical recommendations were developed for the application of the 

micro-pile model in the volumetric bench to study the performance of micro-piles in difficult ground 

conditions. An important object of research is the comparison of bearing capacity of micro-piles with 

different lengths with static method. The results obtained in this work can be used in the use of micro-

piles in difficult ground conditions. 

KEYWORDS 

Static loads, dynamic loads, volumetric stand, micropiles. 

1. INTRODUCTION

In recent years, loads on the foundation have increased significantly, areas with complex engineering 

and geological conditions are used, and construction takes place in dense urban areas. This necessitated 

the development and use of new types of foundations and technologies for their construction. An 

effective design for constructing new and strengthening existing foundations are reinforced concrete 

micropiles, which are manufactured by the bored method in the form of a round rod with a diameter of 

up to 250 mm from cast concrete with a reinforcement cage. 

The main purpose of the pile tests is to determine the load-bearing capacity of different types of 

structures under different conditions. For example, when building foundations in water, it is extremely 

important that the supports remain buried and firmly hold the structure even in strong currents. On 

freezing heaving soils, the ability to resist compressive loads is more important. In order to calculate the 

bearing capacity of this type of foundation, entire system methods for testing piles have been invented. 

Blade weld quality tests are also used. Ultrasonic testing (sounding of piles) is recommended at the 

product production stage. 

According to GOST, piles must be subjected to two types of tests: 

- static loads (pulling or pressing); 

- dynamic loads. 

Conducting field tests of soils with static loads on piles. Static tests are carried out in accordance with 

the requirements of GOST 5686-94 Soils. Methods for field testing of piles. The pile being tested is 

loaded in steps. The transition to the next loading stage is carried out after complete stabilization of the 

settlement at the previous stage. To measure the settlement of the pile being tested, four dial indicators 

with a division value of 0.01 mm are installed. 
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The reactive forces that arise when the pile under test is loaded are transmitted through the beam 

system to the anchor piles. To register possible pulling out of anchor piles, 2 dial indicators with a 

division value of 0.01 mm are installed on each pile. Taking into account the possible elongation of the 

upper part of the reinforcement frame, the pull-out of anchor piles during testing should not exceed 2 

mm. 

2. PAPER LAYOUT

Before loading the piles, zero reports are taken from all instruments. Next, reports are taken at each 

stage of pile loading using all instruments. 

The criterion for conditional stabilization of bedformation is taken to be the rate of pile settlement at 

a given loading stage, not exceeding 0.1 mm over the last 30 minutes of observation. 

The partial value of the ultimate resistance of the tested pile is taken to be the load at which loading 

of the pile stops. 

The installation for testing soils with static load includes the following equipment: 

-device for loading piles (jack) 

- support structure or platform for receiving reaction forces (load platform); 

- a device for measuring pile displacement during testing (reference system with measuring 

instruments); 

The device for loading piles must ensure coaxial and central transfer of loads to the pile, the 

ability to transfer loads to the legs, and constant pressure at each stage of loading. The distance from the 

axis of the full-scale pile test for securing the pile should not be 3 diameters of the pile, but not less than 

one and a half meters. Instruments for measuring pile deformations (deflectometer) must provide a 

measurement accuracy of 0.1 mm. The number of devices installed symmetrically at the same (no more 

than two meters) distance from the tested pile must be at least 2 units. The deflectometer uses steel wire 

with a diameter of 0.3 mm. Before testing, the wire must first be stretched for two days with a load of 

at least four kilograms. During the test, the load on the wire should not exceed one and a half kilograms. 

Table 1. Physical and mechanical characteristics of natural soil and equivalent material 
Name of soils of 

full-scale and model 
material 

Specific 

gravity, ɣ, 

кN/м3 

Clutch, С, 
kPа 

Angle of internal 
friction, φ, deg. 

Modulus of 

deformation, Е, 

МPа 

Poisson’s 
ratio, µ 

Loam 20,5 40,0 29 - - 

model material 17,0 0,9 37 0,24 0,25 

Figure 1. Volumetric stand. 

On a volumetric stand under laboratory conditions, a static test was carried out on three model piles 

of circular cross-section, with corresponding lengths of 600mm, 500mm, 400mm. 
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Figure 2. Testing of micropiles. 

Static testing of model piles was performed using metal weights that were loaded on the piles. The 

weight of one weight was 4 kg. The load on the model piles was applied in steps of 39 N up to the 

ultimate load of 391 N. 

Figure 3. Micropile states under static load. 
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Figure 4. Micropiles after static load testing 

3. CONCLUSIONS

Static tests of pile models (lengths 600mm, 500mm, 400mm) are carried out on a volumetric stand. 

After static tests, “design load” graphs were obtained. The settlement of a pile 600 mm long is 16.03 

mm, the settlement of a pile 500 mm is 15.92 mm, the settlement of a pile 400 mm is 14.5 3 mm. 

The test results show that the load-bearing capacity of 400mm length is higher than that of 500mm 

and 600mm lengths. It is observed that the length of the model model influences the test results. 

Figure 5. Load – settlement response of the micropile 
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ABSTRACT 

In the context of growing concerns about climate change affecting precipitation patterns, there 

is a need to incorporate these changes into the design of flood defenses, particularly earthfill 

embankments. Although numerous geotechnical modeling techniques have improved 

understanding of soil embankment behavior, uncertainty regarding the impact of climate 

change to embankment performance still remains. Research in this field aims to identify 

instabilities that potentially could occur throughout an embankment’s lifecycle, and 

development of corresponding solutions. Geotechnical modeling techniques and site-specific 

precipitation pattern projections, establish a comprehensive analysis framework, which allows 

assessing long-term behavior and resilience to a changing climate of existing and new 

embakments. The paper provides an overview of the climate-driven processes that are of 

greatest concern for hydro-mechanical behavior of earthfill flood embankments. Then, key 

aspects that need to be considered for predictive computational modeling, which combines 

geotechnical and climate modeling, are presented. Finaly, various strategies for embankment 

adaptation in order to improve their resilience to climate change are given. 

KEYWORDS 

Flood Embankments; Climate Change; Numerical Modelling; Adaptation Measures 

1. INTRODUCTION

In recent years, few topics have captured global attention and concern as much as climate change. This 

phenomenon has emerged as one of the most pressing challenges facing humanity in the 21st century. 

From rising temperatures to extreme weather events, the impacts of climate change are being felt across 

the globe, transcending boundaries of geography, economy and culture. Climate change is occurring at 

a rate at least ten times faster than ever before in the history of our planet. Estimates suggest that Serbia 

is warming more rapidly than the global average. While the observed increase in the global average 

temperature is 1.1°C, Serbia has already experienced a rise of 1.8°C, reaching 2.6°C during the summer. 

Additionally, since 2000, Serbia has faced several significant extreme climatic and weather events, 

resulting in substantial material and financial losses, as well as the loss of human lives (LCCRS, 2023). 

The lower bound estimates of total material damage caused by these events between 2000 and 2020 

amounted to 6.8 billion euros, with over 70% attributed to droughts and high temperatures induced by 

climate change and extreme weather conditions. Floods have also been a major contributor to significant 

losses. According to Desinventar database (DesInventar) which contains 2196 records of damages and 

losses from floods in Serbia, the highest flood damage in Serbia during the period 1980-2022 was 

suffered by residential buildings and agricultural crops. Only in 2014, the flood damage amounted to 

around 1.6 billion euros. The observed consequences of floods, mostly caused by flash floods due to 

extreme precipitation events, include landslides, dam breaches, destruction of houses, etc. According to 
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the index developed by the American University of Notre Dame (ND-GAIN), Serbia ranks 86th in the 

world in terms of vulnerability to climate change and is the most vulnerable country in Europe. This 

index encompasses a range of indicators, from the concentration of urban population and preparedness 

for natural disasters to water availability and agricultural capacity. In addition, there is weak interaction 

between the networks of researchers, policy makers and stakeholders involved in addressing climate 

change issues in Serbia. 

The frequency and intensity of climate hazards caused by climate change are expected to increase in the 

future, following a clear trend of change until the middle of the 21st century. Subsequently, the extent of 

these changes will depend on the successful implementation of climate change mitigation measures 

outlined in the Paris Agreement (LCCRS, 2023). This agreement represents a historic commitment by 

nearly every country in the world to limit global warming to well below 2°C above pre-industrial levels. 

Geotechnical infrastructure, such as embankments and levees, is vital for flood defense and supporting 

transportation. Among the various manifestations of climate change, the increased intensity and 

frequency of extreme weather events pose significant challenges to flood embankments. Their integrity 

is increasingly threatened by the changing climate. This paper explores the impacts of climate change 

on flood embankments, highlighting the need for proactive adaptation strategies to mitigate risks and 

ensure the resilience of infrastructure in the face of a changing climate. 

2. BACKGROUND

The increased frequency and intensity of extreme weather events strain the structural integrity of 

embankments, leading to erosion, breaches, and failure. Warmer temperatures intensify the hydrological 

cycle, leading to more intense rainfall events and prolonged periods of drought followed by heavy 

precipitation, both of which stress flood embankments. Another critical aspect is the alteration of 

vegetation patterns and soil moisture content due to climate change. Changes in vegetation cover and 

land use affect soil stability and infiltration rates, influencing the resilience of flood embankments 

against erosion and settlements. The engineering properties of soil, especially its response to moisture 

fluctuations, play a significant role in determining soil stability. Matric suction, which affects soil 

moisture content, is a critical factor in evaluating slope stability and must be carefully considered in 

infrastructure design and maintenance (Ghosh et al., 2024). Desiccation cracks, resulting from soil 

shrinkage during period of drought, further weaken the integrity of embankments and slopes. During 

rainfall, water infiltrates into these cracks, increasing the pore water pressure, which consequently 

reduces the shear strength of the soil and contributes to slope failure (Baninajarian et al., 2019). Climate 

change intensifies these problems by altering rainfall patterns and intensities, leading to more frequent 

and severe infrastructure failures.  

The water exchange between soil and the atmosphere occurs through various processes, including 

precipitation infiltration, evaporation and transpiration through vegetation. These interactions lead to 

changes in soil moisture and pore water pressures, which are critical factors affecting the long-term 

stability of geotechnical structures like embankments. The interaction between the soil and the 

atmosphere is a dynamic process that regulates the continuous change of soil hydrological conditions 

(Pujević, 2021). The seasonal cycles of drying and wetting caused by these processes contribute to 

irreversible soil deformations and pose challenges for earthen structures. Prolonged droughts followed 

by extreme precipitations caused by climate change intensify this problem. 

Furthermore, the shifting hydrological patterns associated with climate change pose challenges for the 

design and management of flood embankments. Traditional approaches to embankment design may 

become obsolete as historical flood data no longer provide accurate projections of future flood risks. As 

such, there is a critical need to incorporate climate change projections and uncertainty into the planning 

and design of flood infrastructure to ensure its effectiveness and resilience over the long term. 

Investments in resilient infrastructure and innovative engineering technologies are also essential for 

improving the capacity of flood embankments to handle the impacts of climate change.  



242 

The interaction between climatic conditions and soil properties is complex and requires thorough 

understanding and analysis. Climate prediction models can help anticipate future challenges and inform 

adaptive measures to enhance the resilience of critical infrastructure. Additionally, the relationship 

between soil moisture content and matric suction, as well as the influence of boundary conditions such 

as rainfall and evapotranspiration, must be carefully studied to develop effective mitigation strategies. 

Addressing these challenges requires interdisciplinary collaboration and a holistic approach that 

considers the mutual connection of natural and built environments. 

The vulnerability of critical infrastructure to climate change underscores the urgent need for 

comprehensive research and proactive measures. By understanding the complex interactions between 

climatic factors, soil properties, and infrastructure design, we can enhance resilience and minimize the 

impacts of future disasters on communities and economies. 

3. INTEGRATING CLIMATE CHANGE DATA INTO GEOTECHNICAL ENGINEERING

PRACTICES

Integrating climate change data into geotechnical engineering practices has emerged as a crucial aspect 

in ensuring the stability and resilience of infrastructure vulnerable to the altering climatic conditions. 

Assessing the impact of climate change on geotechnical structures require a careful analysis of several 

complex processes (Ghosh et al., 2024). Firstly, it necessitates a comprehensive examination of future 

climate data. Climate projections provide crucial insights into the anticipated changes in temperature, 

precipitation patterns and extreme weather events. These projections serve as the foundational data for 

understanding the climate hazard that geotechnical infrastructures may face in the future. Secondly, 

calculating pore water pressures in slopes becomes imperative due to changes in variables induced by 

climate conditions. Pore water pressures play a pivotal role in slope stability, as they influence the shear 

strength of soil and can trigger slope failures under certain conditions. Lastly, estimating the stability of 

embankments based on the calculated pore water pressures emerges as a critical step in assessing their 

vulnerability to climate change. 

By integrating climate-induced changes in pore water pressures into embankment stability analyses, 

engineers can ascertain whether embankments are at risk of failure under future climatic scenarios. This 

proactive approach enables the implementation of appropriate mitigation measures to enhance the 

resilience of geotechnical infrastructures in the face of a climate change. 

3.1. Climate data 

Projections of future climate change are derived from simulations with general circulation models 

(GCMs) and regional climate models (RCMs) using different scenarios for greenhouse gases emissions 

and socioeconomic scenarios. “Climate models are the most advanced tools available for modelling the 

state of the climate system and simulating its response to changes in atmospheric concentrations of 

greenhouse gases and aerosols. Models differ in their complexity, in the number of spatial dimensions 

and in the complexity of describing physical, chemical or biological processes” (IPCC, 2016). 

Climate modeling plays an important role in understanding the complex dynamics of Earth's climate 

system and predicting future climate scenarios. While GCMs provide a global perspective, RCMs offer 

detailed insights into local climate conditions, variability and changes. RCMs utilize GCM outputs as 

boundary conditions and refine them using finer-scale atmospheric and land surface data. As expalned 

by the Intergovernmental Panel on Climate Change (IPCC), climate models operate on the basis of 

known properties of the climate system, encompassing a spectrum of complexities. Furthermore, climate 

scenarios such as Representative Concentration Pathways (RCPs) and Shared Socioeconomic Pathways 

(SSPs) provide a framework for assessing future climate conditions under different emission and 

socioeconomic scenarios (IPCC, 2016). 
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3.2. Predictive computational modelling 

Human-induced climate change, beside causing alterations in long-term weather patterns, is expected to 

bring about more frequent occurrences of severe weather events like storms and droughts. Considering 

that flood embankments are directly exposed to natural environment, climate change induced increase 

in environmental stresses could potentially compromise their safety and adversely affect their long-term 

performance. Therefore, for the comprehensive estimation of flood embankment behaviour in light of 

ever-changing climate, two types of analyses - lifecycle assessment and resilience analysis - must be 

carried out. The objective of complete lifecycle analysis is to capture the general long-term behaviour, 

in particular the progression of deterioration processes and their impact on the duration of service life. 

On the other hand, resilience analysis place emphasis on the response of embankment to destructive 

short-term storms at different phases of its lifecycle.  

As can be seen, the soil-atmosphere interaction governs both the long-term average as well as short-

term performances of infrastructure embankments. At the center of soil-atmosphere interaction are the 

processes like rainfall infiltration, evapotranspiration and riverside water pressures that drive continuous 

change in water balance. To account for those dynamic variable processes and assess their impact on 

the stability, serviceability and resilience of earthfill flood embankments, advanced transient mass 

transfer analysis combined with unsaturated mechanical soil constitutive models and sophisticated 

climatic boundary conditions are necessary. Several different procedures have been suggested varying 

from simple pure hydraulic commonly combined with limit equilibrium method (Ghosh et al., 2024; 

Bračko et al., 2022; Pk et al., 2021), thermo-hydraulic (Archer, 2019) and hydro-mechanical (Guo, 2021; 

Pujević, 2021), to fully coupled thermo-hydro-mechanical analysis (Elia et al., 2017). Numerous studies 

(Briggs et al., 2016; Fredlund, 2000) have demonstrated the significance of hydraulic soil properties in 

dictating the flow-deformational behaviour of embankments under varying climatic conditions. 

Consequently, phenomena such as desiccation cracking and desaturation, that directly affects soil mass 

permeability, play a pivotal role in ensuring realistic and reliable predictions regarding the future 

performance of flood embankments. 

Figure 1. Methodology for predictive computational modeling 

To account for climate changes, future climate data is necessary input. Methodology for projecting 

rainfall patterns in the long-term, consists of developing synthetic rainfall series that are continuous and 

characterised by summary statistics corresponding to measured rainfall data. Such artificial rainfall data 

series are then integrated with pertinent climate change factors to create predictive future rainfall 

models. The main difference between lifecycle and resilience analysis lies in the time resolution of 
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climatic variables, namely rainfall and hydraulic data. While the lifecycle analysis utilises monthly 

rainfall, much finer resolution (hourly) is needed to study the resilience of the embankment to storms. 

Resilience assessments serve as a secondary analysis aligned with critical stages throughout the 

embankment's lifecycle, conducted as part of the primary lifecycle analysis. 

Developing a comprehensive methodology to address climate change impacts on flood embankments 

involves using advanced computational techniques and tools to simulate complex soil-atmosphere 

interactions. This implies the development of advanced numerical models. Through rigorous validation 

processes, these models need to be refined to accurately illustrate the response of flood embankments 

under various scenarios, ensuring their reliability in predicting performance and resilience. Then, by 

combining observed climate data with climate model projections, we provide robust boundary 

conditions for numerical analysis and assess future hazards for flood embankments, as shown in Figure 

1. By incorporating future climate projections into geotechnical assessments, engineers can anticipate

and mitigate the potential adverse effects of climate change on infrastructural integrity. This 

interdisciplinary approach underscores the imperative of integrating climate considerations into 

geotechnical engineering practices to build a more sustainable and resilient future. 

4. ADAPTATION MEASURES FOR FLOOD EMBANKMENTS

Flood defence embankments are and will remain the major asset in a flood defence system and the 

process of protecting that system is essential for every community. Establishing a framework for 

designing and managing flood embankments based on risk assessment is a key aspect in that process. 

This framework must take into account the evolving hazards, vulnerabilities, and exposure levels in a 

changing climate (IPCC6, 2023). Together, those three elements form the basis for a detailed risk 

assessment in areas protected by flood embankments and are shown in the Figure 2. Climate hazard 

involves analysis of historical data, utilization of climate models, and prediction of future climate 

scenarios to understand the magnitude and frequency of extreme weather events and future floods. In 

context of this paper, vulnerability is considered as susceptibility of flood embankments to failure or 

damage under climate hazard. Exposure refers to the identification and characterization of assets, 

individuals or systems and critical infrastructures that are potentially at risk from a climate hazard. 

Exposure is a critical component of risk assessment because it helps determine the likelihood and 

severity of adverse consequences resulting from a climate hazard.  

Through climate, hydrological and geotechnical modeling, using historical flood data analysis, and 

stakeholder consultations, the unique risks faced by embankments can be identified, providing a 

foundation for targeted adaptation efforts. Adaptation measures derived from risk assessment are crucial 

for effectively managing flood risk and enhancing the resilience of river flood embankments. Adaptation 

plans should prioritize measures that address the most critical vulnerabilities while considering factors 

such as effectiveness, feasibility, and cost-effectiveness.  

Figure 2. Three elements for risk assessment 
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In the latest Sixth Assessment Report (IPCC, 2022b, 2022a), justice and equity emerge as a key 

dimension of climate change adaptation, standing alongside effectiveness and feasibility. Two principal 

reasons support the inclusion of justice and equity in adaptation strategies are: firstly, they align with 

moral imperative, and secondly, scientific research show that considering justice can enhance the 

effectiveness of adaptation measures (Breil et al., 2021). Justice and equity in embankment adaptation 

strategies involves ensuring that vulnerable communities, often disproportionately affected by flooding, 

have equitable access to protective measures and resources. Adopting "Leaving No One Behind" 

principle and addressing disparities in exposure, vulnerability, and resilience, embankment adaptation 

strategies can contribute to fostering more equitable and sustainable outcomes for all communities.  

Adaptation measures can be structural and non-structural, depending on their nature and function 

(EUFIWACC, 2016). Structural measures include embankment heightening and widening, embankment 

vegetation reinforcement, installation of flood walls, slope stabilization, barierrs and improved drainage 

systems. Non-structural measures for adaptation to climate change and flood risk are all about using 

proactive planning, community engagement, and policy interventions rather than relying on physical 

infrastructure and they include monitoring and early warning systems, planning and zoning, public 

awareness and community education.  

Heightening and widening embankments are the most common adaptation measures and can provide 

additional capacity to contain floodwaters, reducing the risk of overtopping and flooding downstream 

areas. On the other hand, that measure suffers of the potential consequence of subsoil and embankment 

settlements, which could compromise the integrity of the embankments and increase the risk of flooding 

in the long term. Embankment reinforcement is a key adaptation measure aimed at enhancing structural 

integrity and resistance. Beneficial aspects of reinforcement with vegetation include erosion control, 

improved soil stability and enhanced biodiversity. While root systems can stabilize soil, the penetration 

of roots into embankment structures may compromise their integrity over time. Utilizing drainage 

system (surface and subsurface) as an adaptation measure for flood embankments involves 

implementing strategies to manage and control the flow of water, particularly during periods of heavy 

rainfall or flooding. Sustainable Drainage Systems (Petalas et al., 2022) are commonly used in urban 

environments. It is called the flood barrier and comprises two layers: an unsaturated compacted soil 

layer with water retention capabilities and a drainage layer made of coarse granular material. The 

granular layer serves as a capillary break and is installed above the native soil. The fundamental principle 

of this approach is to slow down and reduce quantity of surface water runoff.  

In order to create a strategy for adapting river embankments in the light of climate change, an 

interdisciplinary approach is needed and it involves integrating knowledge and expertise from 

geotechnics, hydrology, climatology, ecology, and social sciences. By bringing together experts with 

diverse backgrounds, interdisciplinary teams can develop comprehensive solutions that consider the 

complex interactions between natural systems, human activities, and climate dynamics. 

5. CONCLUSIONS

Climate change is identified as a critical challenge of the 21st century. Among the various manifestations 

of climate change, the increased intensity and frequency of extreme weather events strain the structural 

integrity of embankments the most, leading to erosion, breaches, and failure. Traditional approaches to 

embankment design may become obsolete as historical flood data no longer provide accurate projections 

of future flood risks. As such, there is a critical need to incorporate climate change projections and 

uncertainty into the planning and design of flood infrastructure to ensure its effectiveness and resilience 

over the long term. Assessing the impact of climate change on geotechnical earth structures requires a 

careful analysis of several complex processes: 1) a comprehensive examination of future climate data 

as the foundational data for understanding the climate hazard that geotechnical infrastructures may face 

in the future, 2) calculating pore water pressures in slopes because of changes in variables induced by 

climate conditions, 3) estimating the stability of embankments based on the calculated pore water 

pressures.  
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Further, for the comprehensive estimation of flood embankment behavior in the face of a changing 

climate, two types of analyses are required: lifecycle assessment and resilience analysis. While the 

objective of complete lifecycle analysis is to capture the general long-term behavior, particularly the 

progression of deterioration processes and their impact on the duration of service life, resilience analysis 

places emphasis on the response of the embankment to destructive short-term storms at different phases 

of its lifecycle. 

Developing a comprehensive methodology to address climate change impacts on flood embankments is 

not easy. It involves using advanced computational techniques and tools to simulate complex soil-

atmosphere interactions. By understanding the complex interactions between climatic factors, soil 

properties, and infrastructure design, we can enhance resilience and mitigate the potential adverse effects 

of climate change on infrastructural integrity. 

Adaptation measures are means for mitigating risks associated with climate change effects. Depending 

on their nature and function they are categorized as either structural or non-structural. In order to create 

a strategy for adapting river embankments in the light of climate change, an interdisciplinary approach 

is needed and it involves integrating knowledge and expertise from geotechnics, hydrology, climatology, 

ecology, and social sciences. This interdisciplinary approach underscores the imperative of integrating 

climate considerations into geotechnical engineering practices to build a more sustainable and resilient 

future. 
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compound 
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ABSTRACT 

This document studies the ground surface geotechnical properties of the Aljustrel town. To achieve the 

objectives of this study, a database is considered compiling information relative to 2.175 vibration 

records measured at ten structures located in Aljustrel. These served as a basis to estimate, using multiple 

linear regression, 23 valid characteristic attenuation equations according to the mathematical expression 

presented by Johnson. Such equations consider categorical variables like the existence of a rock mass 

discontinuity created by an initial production blast; section of the town where the records were 

monitored; and geographical orientation between the blasting and the monitoring points. Additionally, 

a detailed study was performed considering four structures, where the respective building materials’ 

waves propagation velocity and geometrical parameters are measured. 

KEYWORDS 

Ground vibration; Prediction models; Natural frequency; Aljustrel mining compound. 

1. INTRODUCTION

In underground and open pit production scenarios where the rock mass characteristics hinder the usage 

of mechanical excavation methods due to economical, technical and/or environmental restrictions, drill 

and blast is preferred over the first alternative. However, despite its versatility and cost-benefit 

relationship, the usage of explosives is associated with undesirable side effects such as ground vibration, 

fly rock, air blast, dust and rock mass instability after overbreak. From these impacts, the first is the one 

that may be perceived at greater distances – most of the times, outside the mine perimeter – and originate 

complaints on behalf of neighbouring populations. Additionally, descriptors such as structures, 

equipment and ecosystems may also be affected by blast-induced ground vibration registering, in 

extreme cases, temporary or permanent damage. As such, considering the damage potential of this 

impact, most countries have created or adopted regulations and norms, suggesting limits concerning 

vibration amplitudes measured at nearby structures, to minimize subsequent impacts. Moreover, human 

exposure to this side effect is also regulated in some nations. 

Explosive substances are defined as chemical compounds or a mixture of compounds which, when 

initiated by friction, impact or heat, decompose very rapidly, releasing substantial amounts of energy in 

the form of heat, gas and shock (Bernardo, 2004). However, only 5 to 15 % of the energy released upon 

detonation is effectively used in rock fragmentation, highlighting the relative amount of energy 

transmitted through the surrounding rock mass in the form of vibrations (Gama, 1998). Vibration may 

be defined as an oscillatory movement of any physical system (in the solid, liquid or gaseous state), 

which is displaced from its equilibrium condition. It is considered to be the ground elastic response to 

the stress (body and surface) waves that propagate through it until attenuation totally dissipates the 

initially transmitted energy. This phenomenon is usually described by the amplitude (expressed as a 

function of displacement, velocity or acceleration), period, wavelength, frequency and duration 

(Dowding, 1992). 
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Attenuation corresponds to a decrease in vibration amplitudes with time or distance (Dowding, 1992). 

The factors that contribute to it are the waves geometrical spreading; the progressive separation of 

surface, P and S waves components given the different propagation velocities associated with them; the 

presence of rock mass discontinuities and internal friction that causes frequency-dependent attenuation 

(Sarsby, 2013). Nevertheless, in stratified rock masses, waves may concentrate or overlap to reflected 

ones (constructive interference), measuring greater vibratory amplitudes at more distant points 

(Azevedo and Patrício, 2003).  

When sensitive descriptors such as stakeholders or structures are located in the vicinity of mining 

operations that rely on drill and blast as the main excavation method and attenuation is not sufficient to 

guarantee satisfactory vibration velocities measured near such elements, additional measures have to be 

considered in such a way that the recommended limits suggested by standards in force are complied 

with, mitigating the impact of vibrations. Hence, measures such as the usage of electronic detonators, 

more accurate timewise (avoiding overlapping between different blastholes), multiple initiation and the 

reduction of the bench height are suggested (Lopez Jimeno et al., 1995; Heiniö, 1999; Bernardo, 2004; 

Dowding, 2011). Moreover, the optimization of the blasting pattern by taking into account its 

geometrical variables has equally the objective of reducing the operations unit costs and associated 

environmental impacts, and increasing the explosives energy efficiency – directly consumed in 

fragmentation.  

Ground vibration amplitudes are directly proportional to the induced dynamic stress, 𝜎𝑑, (Pa). The last,

dependent upon the lithology on which structures are founded, can easily be correlated with the 

structures dynamic resistance (1) (Dowding, 1992).  

𝜎𝑑 =  𝜌 · 𝑐 · 𝑣 (1)

Where 𝜌 and 𝑐 represent the rock mass density (kg∙m-3) and typical wave propagation velocity (m∙s-1), 

respectively, and v the particles vibration velocity (mm∙s-1). 

However, investigations show that frequency is also deemed as a structural damage criterion given the 

inverse relationship between this physical quantity and displacement – being the last an example of a 

structure response to vibration. Furthermore, once low-frequency waves are the most energetic ones, 

this response is a concern if resonance occurs, further incrementing eventual damage (Dowding, 2011). 

Some authors define resonance as an amplified structural vibratory response induced by the proximity 

of the dominant frequency of rock mass vibrations to one of the buildings natural frequency (Svinkin, 

2008). According to previous studies (Bernardo, 2004), the structures natural frequency, 𝑓𝑛, (Hz) is

influenced by its geometrical parameters and building material physical properties (2). 

𝑓𝑛 =  
𝐶𝑃

2 · 𝜋 · 𝐻𝑆
· √1 − 𝑛 (2) 

Where 𝐶𝑃 is the respective building material’s waves propagation velocity (m∙s-1), 𝑛 the porosity, and

𝐻𝑆 is equivalent to the building’s height (m).

When considering the normative document in force in the respective country, that suggests the 

maximum vibration amplitude measured at structures, companies design blasting patterns based on those 

values, minimizing the likelihood of non-compliance and disturbance to humans. As such, the 

mathematical expression suggested by Johnson (1971) (3) is widely used in the construction and mining 

sectors as a ground vibration prediction model (Lopez Jimeno et al., 1995; Hustrulid, 1999). 

𝑣 =  𝑎 · 𝑄𝑏 · 𝐷𝑐 (3) 

According to this equation, 𝑣 is the resulting vibration velocity (mm∙s-1), depending on the maximum 

explosive charge per delay, 𝑄, (kg) and distance between the detonation and monitoring points, 𝐷 (m). 
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The dimensionless constants a, b and c are dependent upon the blast design and in situ parameters such 

as the explosives properties or burden and the rock/soil mass characteristics, respectively. 

2. CASE STUDY MINES AND METHODOLOGY

The area of study corresponded to the town of Aljustrel (Alentejo province, Portugal). Here, two of 

Europe’s biggest mines – Feitais and Moinho – are responsible for the production of copper, zinc, lead 

and silver concentrates from sulfide minerals namely pyrite. The area’s surface is mainly composed by 

greywacke, wacke, schist and argillite, forming the Upper Sedimentary Unit (Schermerhorn and 

Stanton, 1969). 

Given the proximity of the mines to the population, the license holder has been carrying out monitoring 

campaigns to assess the exploitation’s impacts caused by blast-induced vibrations. These are performed 

by means of seismographs strategically placed between the mines perimeter (blasting source) and 

elements to protect such as constructions located within the Aljustrel exploitation concession. Motivated 

by the inexistence of ground vibration prediction models and the fact that disturbance and complaints 

on behalf of local populations are not uncommon, this work aims at modelling several expressions 

similar to (3), valid in the region of study, taking into account supplementary categorical variables. 

Additional structures were monitored between July 12th and August 8th, 2022, in a campaign parallel to 

the one continuously performed by the mining company. The considered structures location as well as 

both orebodies surface projection are illustrated in Figure . 

In this figure, buildings represented in red (A and B), yellow (C, D, E and F) and green (G, H, I and J) 

correspond to sensitive, current and reinforced structures, respectively, according to the classification 

suggested by the Portuguese ground vibration standard: NP 2074. Three major sections within the 

Aljustrel mining compound can be identified: industrial area within the mine perimeter – IA Mine – 

(including H and J), industrial area outside this perimeter – IA Outside the Mine – (considering B, G 

and I), and urban area (remaining structures). The alternative vibration recording campaign was 

performed at structures C and E and registered three events over the trigger level (0,3 mm∙s-1). 

The present work involved the creation of a database compiling information relative to production blasts 

which originated vibrations recorded by the seismographs: peak vector sum (PVS – 𝑣) and dominant 

frequency (𝑓𝑑) – calculated using THORTM software. These parameters were previously determined and

stored by the company. Variables such as the blast hole and seismograph coordinates, estimated 

considering georeferenced AutoCAD drilling patterns and using GNSS survey equipment, respectively 

(allowing the calculation of the distance between these points); maximum charge per delay (𝑄), type of 

blast (up-hole or downhole benching); and orientation between the blast and the receiver (N-S and E-

W) were added into the compilation. In total, 2.175 valid vibration records collected between February 

2018 and August 2022 were studied. 

Figure 1. Surface projection of the Feitais and Moinho orebodies and location of the monitored points within the 

Aljustrel mining compound 
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It is noteworthy that, at the Feitais mine, the employed mining method is sublevel open stoping where 

stopes are blasted in two phases: an initial up-hole set of rings followed by the upper volume (downhole 

benching). On the other hand, at the Moinho mine, longitudinal bench and fill is used. Here, stopes are 

blasted in one phase and, as such, there is no discontinuity created by previous production blasts. At 

Feitais, given the influence created by the initial blasts, stress waves are deviated by the existing void, 

suffering successive reflections before reaching the surface. As such, one is going to test the influence 

of the presence of a discontinuity on the registered vibration amplitudes and three operational scenarios 

are going to be considered: vibration events registered after blasts from the Feitais mine without an 

existing discontinuity (FWOD) and with an existing discontinuity (FWD); and from the Moinho mine 

without a discontinuity (MWOD). 

 

To estimate the Johnson’s model constants a multiple linear regression tool available in SPSS software 

was used. It is important to consider, however, the data transformation in such a way that the formula 

present in (3) is adapted and the coefficients are easily calculated. This is performed by determining the 

logarithm of the variables 𝑣, 𝑄 and 𝐷 such that the following expression is obtained (4): 

 

𝑣 =  𝑎 · 𝑄𝑏 · 𝐷𝑐  ⇔  log(𝑣) = log(𝑎) +  𝑏 · log(𝑄) +  𝑐 · log(𝐷)  ≡  
 𝑦 =  𝑏0 + 𝑏1 · 𝑥1 +  𝑏2 · 𝑥2 (4) 

 

Thereby, after obtaining a linear relationship between the three variables, the rock mass constants can 

be determined by the following formulas: 𝑎 = 10𝑏0; 𝑏 = b1; and 𝑐 = b2. Given the fact that there is a direct 

relationship between 𝑣 and 𝑄, and an inverse proportionality between 𝑣 and 𝐷, the obtained models are 

only valid if the coefficients 𝑎 and 𝑏 are positive, and 𝑐 is negative. 

 

To minimize the impact of anomalous values (outliers) on the estimated models, experimental data have 

to be analyzed and filtered out to identify and remove them, respectively. Usually, not more than 10 % 

of the samples should be removed (Bernardo and Torres, 2005). Thereby, given the considerable number 

of samples, a visual inspection of the data on the planes considering the dependent variable (𝑣) versus 

the independent ones (𝑄 and 𝐷) does not allow a clear identification of the outliers. Hence, samples 

were divided according to the three operational scenarios: FWOD, FWD and MWOD, and vibration 

amplitude prediction models were determined individually. For each situation, PVS was calculated 

according to the respective equation and the modulus of the residuals (difference between the real and 

estimated PVS values) corresponding to each sample was estimated. 

 

To complement the study on ground vibrations in the Aljustrel mining area, one considers relevant the 

estimation of the monitored structures natural frequency by means of (2), allowing the identification of 

eventual resonance phenomena and consequent performance of changes in the blasting pattern to protect 

the considered buildings. Given their importance in terms of vibrations control – humans may be within 

these elements during the blasting period – the analyzed structures are A, C, D and E. Thus, to apply the 

mentioned mathematical expression, it is necessary to calculate the buildings height, respective porosity 

(dependent upon its geometrical parameters) and 𝐶𝑃. To determine the first two elements, a tape measure 

was used, whereas the last physical property was estimated by means of an ultrasound device equipped 

with two piezoelectric transducers. It should be noted that porosity is calculated by the division between 

the volume of voids of the structure and the total structure volume, where the numerator includes 

volumes in the structure which do not correspond to resistant elements such as pillars or slabs. The 

estimation of the building materials’ waves propagation velocity was performed by placing the two 

transducers at a wall on a surface that contains structural elements such as pillars and at different known 

distances. Several distances from 5 to 30 cm and according to an interval of 5 cm were considered. The 

ultrasound equipment measures the travel time of the transmitted signal and the division between the 

distance and this physical quantity yields 𝐶𝑃. 
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3. RESULTS AND DISCUSSION 

 

The initial manipulation of the data corresponded to the removal of outliers, according to the previously 

described methodology. For MWOD, FWOD and FWD 10 % of the samples with the greatest residuals 

were removed, which was equivalent to 4, 112 and 101 elements, respectively. As such, the filtered 

dataset contained 1.958 vibration records, in total. 

 

To assess the heterogeneity of the rock mass at different sections of the Aljustrel town in terms of 

vibrations propagation, an initial set of models considering the three identified sections (IA Mine, IA 

Outside the Mine and Urban area) was analyzed. The obtained models are shown by Table 12. 

 

The projection of the isokinetic curves on the 𝑄 vs. 𝐷 plane is shown below (Figure 2). Once the mean 

𝑓𝑑 for the three groups lies between 10 to 40 Hz, according to NP 2074, a conservative vibration velocity 

equal to 3 mm∙s-1, corresponding to the limit for sensitive structures, is considered. Additionally, the 

propagation equation estimated by Remísio for schists and greywackes (predominant surface lithology) 

is going to be equally projected (Bernardo and Torres, 2005). The respective expression corresponds to 

𝑣 =  1598 · 𝑄0,88 · 𝐷−2,06. It is noteworthy that some models are not projected (MWOD and FWD 

Urban area) given their coefficients which contradict the previously mentioned conditions. 

 

According to this figure, if 𝐷 is less than 300 m, the rock mass attenuates stress waves originated from 

blasts carried out at the Moinho mine at a lower rate; and FWD IA Mine and IA Outside the Mine are 

less conservative than FWOD (for the same sections), suggesting the influence of the previously blasted 

volume within the proximity of the blast, which may attenuate part of the released energy. For events 

belonging to FWD IA Mine and IA Outside the Mine, and 𝐷 over 300 m, these models show an evident 

convergence and are the most conservative ones. The least restrictive law is FWOD Urban area. For 

increasing distance values, equations developed for Feitais (excluding FWOD Urban area) converge to 

the theoretical model. However, the disparity between the inferred and the theoretical laws highlight the 

importance of the formulation of different models that have a better adjustment to the samples measured 

at an area characterized by a complex geology. 

 

The second variable to be tested as an influencing factor of ground vibration is the orientation between 

the blasting and the monitoring points. Thereby, for each operational scenario, samples were divided 

according to a binary classification system (N-S and E-W) – and the calculated models were as follows 

(Table 13): 

 

According to this table, the coefficient of determination (R2) is greater in E-W models in all operational 

scenarios. This may indicate the lower impact rock mass discontinuities have on stress waves 

propagation in terms of constructive or destructive interference according to this direction, influencing 

the measured PVS. The six equations are valid and for 𝑣 equal to 3 mm∙s-1 the respective projection on 

the 𝑄 vs. 𝐷 plane is depicted in Figure 3. 

 
Table 12. Johnson's model constants for the three operational scenarios and sections within the Aljustrel 

Operational 

scenario 
Section 

Number of 

samples 
a b c R² 

MWOD 
IA Mine 30 24.003 0,21 -1,73 0,43 

Urban area 6 0,2 -0,09 0,22 0,50 

FWOD 

IA Mine 296 9.300 0,55 -1,83 0,76 

IA Outside the Mine 657 7.695 0,49 -1,75 0,53 

Urban area 59 10 0,07 -0,45 0,20 

FWD 

IA Mine 276 4.673 0,64 -1,78 0,68 

IA Outside the Mine 586 3.597 0,57 -1,66 0,51 

Urban area 48 32 -0,26 -0,39 0,33 
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Figure 2. Isokinetic curves corresponding to the theoretical and inferred models for each operational scenario 

and section of the town considering 𝑣 = 3 mm∙s-1 

 
Table 13. Johnson's model constants for the three operational scenarios and according to the orientation 

Operational 

scenario 
Orientation 

Number of 

samples 
a b c R² 

MWOD 
N-S 27 220 0,07 -0,90 0,22 

E-W 9 1.973 0,03 -1,22 0,42 

FWOD 
N-S 724 7.893 0,52 -1,78 0,59 

E-W 288 687 0,46 -1,31 0,78 

FWD 
N-S 685 3.482 0,59 -1,68 0,54 

E-W 225 484 0,57 -1,32 0,80 

 

 
Figure 3. Isokinetic curves corresponding to the inferred models for each operational scenario and orientation 

considering 𝑣 = 3 mm∙s-1 

 

The results suggest that for the Moinho mine, in the E-W direction, the rock mass is more competent, 

offering less resistance to ground vibration propagation, involving thus more restrictive limits in terms 

of 𝑄 at a given distance. For 𝐷 below 275 m, the N-S direction implies more conservative models at 

Feitais. Over this threshold, a consistent pattern is not observed, although FWD models are the most 

restrictive ones, when compared to those with the same orientation. 

 

The second and last phase of this study consisted in the assessment on the existence of resonance 

phenomena at structures A, C, D and E as mentioned before. After following the methodology described 

in the previous section, the physical quantities relevant to estimate 𝑓𝑛 according to (2) are summarized 

in Table 3. It should be mentioned that for each structure six measurements were performed. However, 

for structure A no accurate readings were obtained for distances of 25 and 30 cm. 
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Similar studies developed for buildings with characteristics similar to structure A have determined that 

𝐶𝑃 for masonry ranges between 1.050 and 3.050 m∙s-1 (Zielińska and Rucka, 2018). This is greater than 

the waves propagation velocity for reinforced concrete, which according to the bibliography is about 

2.140 m∙s-1 (Feng and Yi, 2017). Lastly, Fabisiak et at. have concluded that the 𝐶𝑃 of pine wood varies 

between 4.000 and 5.800 m∙s-1 (Fabisiak et al., 2007). This diverges from the values measured in the 

field, suggesting that the possible aging and treatment the wood has suffered may contribute to a 

decrease in this physical quantity values. Consequently, the application of (2) yields the results compiled 

in Table 4, which also presents some statistical elements of 𝑓𝑑 concerning events monitored at the 

addressed structures. 

 

According to the results, the estimated structures 𝑓𝑛 diverges from the events mean 𝑓𝑑. The ratio between 

the first and the second variables – lower than 39 % (for structures C, D and E) and equal to 288 % (for 

structure A) – indicates that no significant resonance is expected to occur. Therefore, the impact blast-

induced vibrations have on the considered structures and humans located inside them is reduced and 

considerable damage is unlikely to occur. 

 
Table 3. Results of the building materials' waves propagation velocity, structures height and porosity estimation 

Structure Sample material Mean 𝐶𝑃 (m∙s-1) Height (m) Porosity (-) 

A Masonry 3.152,2 8,7 0,64 

C Reinforced concrete 2.189,7 8,1 0,91 

D Reinforced concrete 2.030,9 10,5 0,87 

E Wood 2.383,0 2,7 0,99 

 
Table 4. Estimated natural frequency and statistical description of the variable dominant frequency for the 

considered structures, in Hz 

Structure Number of samples Estimated 𝑓𝑛 
Dominant frequency, 𝑓𝑑 

Mean Median 

A 61 34,9 12,1 13,0 

C 1 13,2 50,0 50,0 

D 33 11,2 28,6 26,8 

E 11 14,5 54,2 53,3 

 

 

4. CONCLUSIONS 

 

The present study had two main objectives: to model ground vibration amplitude prediction equations 

and to estimate the natural frequency by means of a theoretical formula, assessing then the existence of 

resonance at the considered structures. 

 

The objectives proposed for this work were accomplished. In total, using a multiple linear regression 

tool in SPSS software, 20 models were estimated considering relevant variables 𝑣, 𝑄 and 𝐷 as suggested 

by Johnson (1971). From these, three were deemed invalid ones. These equations were deducted based 

on a database that included information relative to 2.175 real ground vibration records originated after 

production blasts at the Aljustrel mines (Alentejo province, Portugal). The records were registered at 

ten different structures between February 2018 and August 2022. Other variables such as the existence 

of a rock mass discontinuity imposed by an initial production blast, section of the town where the events 

were monitored and orientation between the blasting and monitoring points were tested. Such models 

allow the estimation of ground vibration amplitudes and may be considered when performing blasting 

pattern designs. 
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Additional conclusions provided by the analysis of the valid models suggest that, for distance values 

below 300 m, models developed for the Feitais mine without an existing discontinuity are more 

conservative, highlighting the influence of the previously excavated stope volume on vibrations 

attenuation. At Feitais, within a 275 m perimeter around the blasting point, the north-south direction is 

less resistant to vibration propagation. At the four considered structures, given the dissimilarity between 

the mean dominant frequency that characterizes the events monitored at these locations and the 

estimated natural frequency, no resonance is expected to be verified and thus the impact ground vibration 

has on structures is not significant. 

 

To diversify the monitoring locations and consider lower distances from the blast, vibration monitoring 

within underground infrastructure such as drifts adjacent to the blasts should be performed. This would 

allow the integration of the collected data to the existing database and consequent creation of a new 

model, and an eventual quantification of the influence underground infrastructure and stopes have on 

ground vibration amplitudes. Additionally, the inclusion of energy weighting factors to attenuation 

equations, rather than the maximum charge per delay that does not consider different thermodynamical 

properties of the explosives, is of relevance. Such properties may be the detonation energy and pressure. 
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ABSTRACT 

 

Expansive soils cause geotechnical problems due to volume changes caused by changes in their moisture 

content. To keep the volume changes in check, designers are forced to use a variety of solutions – from 

soil replacement to stabilisation with various additives. This research paper focuses on the potential 

improvement of cohesive soils by geopolymerization with the use of fly ash. Geopolymers are three-

dimensional polymer chains composed of Si-O-Al-O bonds, which are formed by dissolving aluminium 

and silicon minerals in an alkaline solution. The paper presents the results of experimental tests 

demonstrating the effectiveness of geopolymerization in increasing the strength and stiffness of soil with 

additives subjected to this process, as well as reducing the shrinkage-swelling phenomenon depending 

on the moisture content, demonstrates the benefits of using Industrial Solid Wastes (ISW) products in 

earth construction and offers an expanded opportunity to improve and utilise cohesive soils. The 

following tests were performed: the granulometric composition of the samples with the addition of fly 

ash, Atterberg limits (liquidity and plasticity), uniaxial compressive strength of the soil before and after 

geopolymerization, and free swelling (before and after geopolymerization of the samples). The 

workability of the soils increased after the addition of fly ash, after geopolymerization of the soils the 

uniaxial compression strength increased more than 6 times, while the swelling phenomenon was reduced 

by 95 to 99%. 

 

 

KEYWORDS 

 

Geopolymerization; Industrial Solid Wase; Uniaxial compression strength; Free swell 

 

 

1. INTRODUCTION 

 

The raising of increasingly more massive engineering structures, the shortage of areas with suitable 

ground conditions for its foundations, and the development of communication infrastructure, which is 

characterised by the need to build in highly varying ground conditions, all contribute to the increasing 

development of ground stabilization methods and their application on an ever-increasing scale (Szajna, 

2021). The expansive soils cause numerous geotechnical problems due to volume changes, that may 

damage the foundation subjected to extensive deformations. To sustain the volume changes, the 

designers are forced to apply expensive solutions from soil replacement to soil stabilization with various 

additions (Fazal, Xu, Babak i Memon, 2020; Puppala, Congress and Banerjee, 2019; Cheng et al., 2018).  

Chemical stabilisation of problematic soils, in addition to reducing volume changes, improves their 

engineering properties. Cement and lime stabilisation is effective and gives fast results, so this solution 

is widely used in geotechnics. Unfortunately, both cement and lime are additives that negatively affect 

the environment due to the high carbon dioxide emissions during production (Siemieniuk and 

Szatyłowicz, 2018; Uliasz-Bocheńczyk and Mokrzycki, 2003), which is why alternative approaches to 

stabilize expansive soils are still being developed. Of particular interest is the use of waste materials for 

these processes (Seco, Ramírez, Miqueleiz and García, 2011). One such material is fly ash (FA). An 

Industrial Solid Waste like FA is an alumino-silicate-based material used mostly in concrete. 

Nevertheless, the FA in the presence of sodium hydroxide can break the Si-O and Al-O ions which leads 
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to the creation of an inorganic binder named geopolymer. Geopolymerization is a reaction of 

aluminosilicates and oxides in an alkaline environment (Murmu, Jain and Patel, 2019; Behnood, 2018; 

Davidovits, 1989) and geopolymers are 3D polymeric chains comprised of Si-O-Al-O bonds created 

due to the dissolution of Al and Si minerals in an alkaline solution, then the polycondensation takes 

place forming a 3D geopolymer structure (Phummiphan, Horpibulsuk, Phoo-ngernkham, Arulrajah and 

Shen, 2017.; Davidovits, 1999). 

 

 

2. MATERIALS AND METHODS 

 

2.1. Materials 

 

To create the mixtures subjected to testing, the following materials were used: 

• Bentonite from the Technical and Trade Enterprise Certech "CERTIX G PLUS", containing 

39.2% clay fraction and 60.8% silt fraction. Chemical composition analysis revealed that the 

material mainly consists of silicon dioxide SiO2 (70.8%) and aluminum oxide Al2O3 (17.5%). 

The mineral composition includes smectite (47.0%), opal (20.0%), clinoptilolite (15.0%) and 

feldspar (12.0%) (Górniak et al., 2017). 

• Kaolin from the "Surmin – Kaolin S. A." mine, containing 8% clay fraction, 34% silt fraction, 

and 58% sand fraction. Chemical composition analysis showed that the material mainly consists 

of silicon dioxide SiO2 (52.1%) and aluminum oxide Al2O3 (34.1%). The mineral composition 

is primarily kaolinite/halloysite (82.0%) and quartz (12.0%) (Zsirka, Horváth, Makó, Kurdi and 

Kristóf, 2015). 

• Siliceous fly ash from the Puławy Chemical Plants S.A., containing 8% clay fraction, 36% silt 

fraction, and 56% sand fraction. This material was obtained from the combustion of lignite coal 

mined at the Bogdanka mine in Łęczna. Chemical composition analysis revealed that the 

material mainly consists of silicon dioxide SiO2 (55.3%), aluminum oxide Al2O3 (26.7%) and 

contains calcium oxide CaO in the amount of 2.4% (Gil and Golewski, 2018). 

• Sodium hydroxide NaOH distributed by the trading company Solgal, appearing in granular form 

with a purity of at least 99%. The CAS number of the substance used is 1310-73-2. 

From the above materials, 4 mixtures were created, with their proportions presented in the Table 1. 

 

Table 1. Mix proportions for samples 

Mixture 
 Material content [%] 

 Fly ash Kaolin Bentonite 

MI0 0 80 20 

MII8 8 76 16 

MIII16 16 72 12 

MIV24 24 68 8 

 

All components were carefully mixed by hand in the designated proportions in a dry air condition. To 

form samples for testing, distilled water was added. In the next step, to prepare samples subjected to the 

geopolymerization process, a sodium hydroxide dissolved in distilled water was added to each mixture 

in an amount of 6% by dry weight of the mixed sample. The samples were cured for periods of 7 and 14 

days. 

 

2.2. Research methodology 

 

The following geotechnical property tests were performed as part of the research: 

• Determination of the granulometric composition of the dry, non-geopolymerized mixtures 

according to the guidelines of the Casagrande areometric method in Prószyński's modification. 

• Determination of the liquidity limits of non-geopolymerized mixtures using the cone 

penetrometer method according to the Polish standard PN-88/B-04481. 
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• Determination of the plasticity limits according to the Polish standard PN-88/B-04481 on non-

geopolymerized mixtures. 

• Determination of free swelling in the Vasiliev Apparatus, in accordance with ASTM D 4546–

03 standard in modification of method A, consisting in ending the test after 48 hours, due to a 

focus on primary swelling without loading the sample after this period (geopolymerized and not 

geopolymerized samples). 

• Testing of uniaxial compressive strength in the INSTRON 596 apparatus of manually 

compacted samples in a cylinder using a Proctor hammer, using a standard compaction energy 

equal to 0.59 J/cm³ (geopolymerized and not geopolymerized samples). 

 

 

3. RESULTS AND DISCUSSION 

 

 
Figure 1. The granulometric curves of the soil mixtures tested. 

 

The granulometric composition analysis for each sample yielded very similar results. The most 

significant difference was observed in MI0, which lacked the addition of fly ash. It can be characterized 

according to the PN-EN ISO 14688-1:2018 standard as silty clay, with 16% clay fraction, 27% silt 

fraction, and 57% sand fraction. MII8, with 12% clay fraction, 31% silt fraction, and 57% sand fraction, 

can also be classified as silty clay. The remaining two mixtures (MIII16 and MIV24), with the highest 

amounts of fly ash, are classified as clayey silt. 

 

–  MI0 

–  MII8 

–  MIII16 

–  

MIV24 
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Figure 2. Free swelling diagrams for soil mixtures. 

 

The free swelling test (Fig. 2) showed a significant inhibition of swelling in soils subjected to 

geopolymerization. It is difficult to pinpoint a specific amount of fly ash that would have the strongest 

impact on inhibiting this phenomenon. Non-geopolymerized samples, stabilized only with fly ash, did 

not yield as impressive results as all samples subjected to the geopolymerization process. However, they 

still inhibited soil swelling compared to the mix without additives by up to 3 mm (a nearly 40% decrease 

in swelling properties). After the geopolymerization process, the swelling effect of the soil decreased 

from 95% to 99%, depending on the curing time of the geopolymerized soil. None of the geopolymerized 

samples swelled by even 0.5 mm over two days, which, compared to the initial height of the samples at 

20 mm, means swelling of less than 2.5%. For comparison, a sample of natural soil swelled by more 

than 8 mm (over 40%) in two days. 

 

The plasticity limit decreases with the addition of fly ash. An exception is the MII8 sample, containing 

8% fly ash. Due to the specificity of the plasticity limit test using the rolling method and the subjective 

evaluation of the moment when the soil transitions from a hard-plastic to a semi-solid state, this 

measurement can be considered less precise. However, overall, it seems reasonable to state that the 

plasticity limit decreases with the addition of fly ash to the base mixture. 

 

Table 2. Atterberg limits of soil mixtures. 

Mixture 
Moisture content of the 
plasticity limit [%] 

Moisture content of the 
liquid limit [%] 

MI0 26.8 141.7 

MII8 27.6 120.4 

MIII16 24.5 101.5 

MIV24 24.0 81.5 

 

The liquidity limit test of the individual mixtures demonstrated how the liquidity limit decreases (on 

average by 20%) with an increase in the amount of fly ash (by 8 pp.) in the mixture (Fig. 3). 
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Figure 3. Moisture characteristics of the soil mixtures. 

 

Considering the decrease in both the liquidity and plasticity limits, the plasticity index also decreases, 

resulting in a change in the soil classification position on the Casagrande plasticity chart. Reduced soil 

plasticity improves workability. 

 

 
Figure 4. Compressed strength (deformation-strain) plots for non-geopolymerized soil mixtures. 
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Figure 5. Compressed strength (deformation-strain) plots for geopolymerized soil mixtures. 

 

The uniaxial compression tests precisely showed how geopolymerization of soil with an adequate 

amount of fly ash increases its strength. In the case of the created mixtures, the soil only needs to be 

sufficiently moist to be considered hard-plastic. Adding water in subsequent steps only weakened its 

strength parameters. Geopolymerized samples exhibited a significant increase in strength compared to 

non-geopolymerized samples after just 7 days of curing, 

 

  
Figure 6. Young modulus of 

non-geopolymerized mixtures. 

Figure 7. Young modulus of 

geopolymerized mixtures. 
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The best strength and stiffness results were shown by geopolymerized mixtures (having the largest 

amount of reactive aluminosilicate substances capable of reacting with the alkaline solution), compacted 

at moisture levels closest to their plasticity limit. Such a significant difference in strength results among 

the geopolymerized samples is a result of both the quantity of fly ash, responsible for the reaction with 

the sodium hydroxide solution, and the moisture content of the samples. Mixtures MIII16 and MIV24 

were compacted using the least amount of water and, after a two-week curing period, showed 

compressive strength ranging from 1.27 to 1.44 MPa, which corresponds to the strength class C1.2/1.5 for 

cement-stabilized soils according to the PN-EN 14227-10:2006 standard. It is also important to note that 

the samples tested in this study were cured for 14, not 28 days as the standard assumes. The curing time, 

which has a different characteristic in the case of geopolymerization compared to cement stabilization, 

may significantly affect the mechanical and physical properties even 360 days after stabilization, unlike 

cement stabilization, which reaches its final physical and mechanical property values after 28 days. Part 

13 of the PN-EN 14227:2006 standard introduces the possibility of using hydraulic road binder for soil 

stabilization, while part 15 defines the layers that can be made from soils stabilized with hydraulic 

binders and the required stabilization classes. The tested geopolymerized mixtures, according to these 

standards, could theoretically be applied to improved substrates for roads KR1 – KR7. 

 

An interesting characteristic of strength was exhibited by MI0 mixture – without fly ash content. The 

research showed that after 14 days of curing, the compressive strength of the sample slightly decreased 

in comparison to MI0 mixture cured for 7 days. This could be due to the difference in sample 

compaction, but it was the only one whose strength decreased or did not increase. Compared to non-

geopolymerized soil, compacted at more optimal moisture, the strength only doubled, and the stiffness 

of the MI0 (mc = 27%), compared to the sample MI0 (mc = 31%) after 14 days of curing, almost did not 

change. This observation highlights the significant impact that the quality of sample preparation can 

have on the final properties of the soil. This task is especially challenging in the case of geopolymers, 

where water, the basic additive improving workability, is an undesired agent during the polymerization 

process. The next step in the development of this method is to find an alternative to water, thus 

improving workability and enhancing the effect of geopolymerization. 

 

 

4. CONCLUSIONS 

 

The increasing built-up area along with a growing population forces engineers to construct buildings on 

lands previously considered economically unfeasible or technologically challenging to tame. An 

example of such terrain includes locations where the subsoil contains expansive soils. It’s sensitivity to 

the presence of water manifests as a change in their volume depending on the water saturation state. For 

this reason, when these soils are located directly under the foundations of a building, they cause damage 

by inducing cracks in parts of the structure. In order to prevent such adverse effects, soil replacement or 

reinforcement methods are used. Soil improvement is most commonly understood as soil stabilisation 

using cement or lime. A promising direction for stabilisation is also stabilisation with fly ash, which 

also serves as a recycling method. On the basis of the laboratory tests carried out, it was determined that 

soil swelling decreased by 95 - 99% in the case of geopolymerised soil after 14 days of treatment, which, 

from a practical point of view, can be defined as a complete reduction of the swelling phenomenon in 

soil under geopolymerisation; the mechanical properties in the form of uniaxial compressive strength 

increased from 0.22 MPa (for the natural soil non-geopolymerized, compacted at near-optimal soil 

moisture) to 1.45 MPa (for the soil stabilised by geopolymerization with the addition of fly ash, cured 

for 14 days, compacted at near-optimal soil moisture) – by 659 % – which is the equivalent of concrete 

class C1.2/1.5. Geopolymerization is a viable alternative to classic chemical stabilisation methods and will 

therefore increase the land available for construction and reduce the risk of damage to buildings. 
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ABSTRACT 

 

Under-Reamed Piles (URP) are concrete bored piles with bulbs in the stem. However, the reaction of 

these piles is poorly understood especially in the pullout conditions. In this article, numerical analyses 

have been carried out using three-dimensional Finite Element Method (FEM) to investigates the 

behaviour of (URP) in clayey soils under pullout force. The analysies were carried out using soil 

properties obtained from field tests. Different reamed position was modelled along the pile stem length 

L (L, 0.75 L, 0.5 L, 0.25L) to examine the influence of bulb location on the uplift capacity of the (URP) 

in homogeneous clay. The obtained results were then compared with the uplift capacity of a conventional 

pile (i.e., without under-reamed). The result proved that the reamed with pile can decrease the vertical 

displacement for all positions. Furthermore, it was found that (URP) and surrounding soil worked 

together when the bulb position was 0.75 L, and the tensile bearing capacity (Qb) increased about 95%, 

125% and 83% compared to the straight shaft pile. Overall, the study demonstrated the beneficial impact 

of the double under reamed pile in enhancing pile foundation capacity in the pull out conditions. 
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Under-reamed pile; finite element method; clayey soil; pullout conditions 

 

 
1. INTRODUCTION 

 

Under-reamed piles were first introduced for expansion of soil in Texas, U. S. A. to considerable ground 

movement due to soil moisture change. These reams increase the bearing and friction surface of the 

capacity of the pile in compressive loading (Jebur and Ahmed, 2020). They also improve the pile's 

bearing uplift (Qb) by resisting uplift forces similar to an anchor. These piles' higher tensile bearing 

capacity makes them suitable for use as the foundation for  tanks, suspension bridges, and overhead 

buildings.(Sharma et al., 1978, Jebur et al., 2020). (Shrivastava and Bhatia, 2008) determine the ultimate 

(Qb) of single-bulb under-reamed piles in several soils using the (FEM). The result of this study was an 

equation for the (Qb) of (URP) in soft clay, loose sand, and silt. (Farokhi et al., in 2014) examined the 

impact of full-bulb, half-bulb, and uniform cross-section piles with equal volumes on the bearing 

capacity of these piles under tensile loading. According to this study, uniform cross-section piles of the 

same length and volume and full-bulb under-reamed bulbs had lower tensile (Qb) than half-bulb (URP) 

piles. (Ibrahim and Karkush, 2024) study the behaviour of multi-belled piles that was compared with 

uniform pile (without bell) in multilayers soil. Single and piles group with single and double bells 

constructed in two layers of soil were analysed by (FEM) using PLAXIS 3D software. The load-

settlement curves of belled piles showed a significant decrease in the settlement compared with a 

uniform pile range from ( 0.024 m to 0.0114 m), but no significant difference between single and double 

belled piles.(Ziyara and Albusoda, 2021) examined how inclined loads affect the behavior of under-

reamed piles. The findings demonstrated that while the under-reamed pile experiences less lateral 

mailto:maher.murad@coeng.uobaghdad.edu.iq
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displacement with increasing vertical load, the normal pile experiences limited effects from compound 

loads. When compared to a lateral load, the effect of an inclined load on the moments resulting from the 

combined loads could reach 10%. Additionally, the presence of a bulb in a pile close to ground level 

seemed to lessen the moments generated for the same load. (Mahdi and Jihad, 2021) shown the 

experimental model of undreamed piles under static load, which was created by simulating a steel plate 

on the pile cap. Next, the load-settlement curve, bearing force, and friction force were developed based 

on the examination of various reamed patterns. When using triple under-reamed piles, it was discovered 

that several bulbs had a significant reduction in settlement reach of 93%. This is the greatest result when 

compared to other patterns and the reference pile of the uniform cross-section in the wet state.In this 

paper, the under-reamed pile performance in clayey soils was studied. Reamed position and its diameter 

were variables, while the pull-out force required the creation of a vertical displacement equal to 20 mm. 

2. MATERIALS AND METHODOLOGY

2.1. Numerical Analysis Methodology 

Position and diameter of reamed are more effective in the (Qb)  of (URP), The diameter of the bulb (Du) 

is two times that of the pile stem (d) in this study, which is equal to 500mm. The pile tip applies the 

force transmission; in pull-out loads, the (Qb) of under-reamed pile in cohesion soil is contributed by the 

adhesion force of the bulb surface and pile surrounding surface(Shrivastava and Bhatia, 2008). Plaxis 

3D software in three-dimensional space is used to model the (URP). Additionally, pullout forces are 

used, with the load that results in a 20 mm vertical displacement serving as a reference point and the 

maximum bearing capacity of a single under-reamed pile under a tensile load being taken into account. 

In order to comprehend the (URP) failure mechanism, the maximum bearing capacity of various 

modelled piles (different bulb positions) has been measured and compared. The hardening soil model 

has been used to model the soil. The description of the materials used in this study is shown in Table 

1.and the soil layer is considered homogeneous. The linear elastic model has been used to simulate the

pile with modules of elasticity 3*107 KN/m2   and unit weight 24 KN/m3. Optional interface elements 

are positioned at the edges of under-reamed piles in the software. Interfaces are modelled in conjunction 

with the pile, and 0.8 was determined to be the reduction factor Rinter. Figure 1 illustrates the 15-noded 

wedges that are the modelling elements. Along with the modelled piles, Figure 1 also displays the three-

dimensional geometry of the numerical model meshing. Figure 1 depicted the vertical displacement of 

the embedded (URP) in the soil. 

        (a)  (b)      

Figure 1. The kind of elements used and the 3D meshing in the Plaxis 3D Foundation (a) uniform pile (b) under-

reamed pile. 

Soil layer Su (KPa) E50
ref(MPa) Eur ref (MPa) Eoed

ref    (MPa) 

Soft clay 17 4.2 33.6 4.2 

Medium clay 35 9.2 73.6 9.2 

Table1. Description 

of the soil material 

properties used(Phien-Wej et al., 2012). 

Stiff clay 75 10.2 102 10.2 
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A series of finite element models were used to study the behaviour of bulbs position in single and double 

under-reamed pile in three types of cohesion soil, (soft, medium and stiff clayey soil). For each case, 

four different bulb positions were considered to show the impact of bulbs on the uplift bearing capacity; 

the dimensions chosen for all the full-scale piles were fixed to be 0.5 m in diameter, 10 m in length, and 

the bulb diameter Du 1.0 m as depicted in Figure 2. 

Figure 2. Geometric location of the under-reamed pile and bulb position 

3. NUMERICAL MODEL VALIDATION

The accuracy and performance of the proposed PLAXIS 3D software are assessed by comparing the 

deformation calculated by the programme with those calculated by(Kurian and Srilakshmi, 2010) who 

studied the behaviour of a (URP) with a bulb diameter of 75 cm using the (FEM) and ANSYS software. 

Table 2 lists the model's dimensions and the characteristics of the soil that were used to validate the 

PLAXIS 3D programme.  Figure 3 displays the distribution of the under-reamed pile's vertical 

displacement as determined by (Kurian and Srilakshmi, 2010)  and PLAXIS 3D software, where a good 

agreement is noted, proving the applicability of PLAXIS 3D software for the (URP) analysis. 

Table 2. Material properties used in the 3D plaxis model (Kurian and Srilakshmi, 2010) 

Material 
Dimensions 

(m) 
E 

(kPa) 
γ 

(kN/m3) 
υ 

C  
(kPa) 

φ 
Degree 

ψ 
Degree 

R 
interface 

Pile 4.5 (L) × 0.3 (dia.) 25×103 25 0.15 - - - - 
Soil 10×10×8 8×103 17 0.30 50 10 10 0.12 
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Figure 3. Comparison of the model test result by(Kurian and Srilakshmi, 2010) and the numerical analysis by 

Plaxis 3D. 

4. RESULTS AND DISCUSSION

4.1. Effect of Single Bulb 

In this study, a bulb of diameter 1.0 m is provided on the 10m of pile stem, where  the  bulb position is 

made to vary. The numerical analysis was carried out to predict the effect of bulbs position and different 

soil cohesions on the pullout capacity of the (URP). Figure (4-a) presents the deformation shading of 

the uniform pile (in soft clay) for vertical displacement equal to 20 mm, which is used as a reference 

point compared with (URP) for different bulbs position. The bulging failure of the soil uplift bearing 

capacity can be observed. 

Figures (4-b-c-d-e) show the deformation shading variations in pullout capacity as the bulbs position 

change. Here, the optimum bulb position displays in 3L/4 due to shearing soil resistance surrounding 

the bulbs. This reveals the soil-under-reamed pile interaction mechanism under pull out loading in which 

the ultimate capacity is highest than other bulbs position and uniform pile. 

(a)  (b)       (c) 

     (d)                                      (e) 

Figure 4. The Deformation Shading of The Single Under-Reamed Pile with Different Bulb Position in Soft Clay 

Soil (a) Straight Pile (b) 0.25 L (C) 0.5 L (d) 0.75L (e) Bottom 
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Figure (5-a) shows the relationship between the uplift force and the vertical displacement of pile in soft 

clay soil, where it is noted that the ultimate load is about (292.78 kN) in the case of a straight pile, and 

the pile resistance to the uplift force increases when the bulb is placed at different distances relative to 

the length of the pile. In the case of the position of the bulb (0.25 L) from top, it is observed that the 

value of the resistance to the uplift force is about (503.84), and when the position of the bulb is at (0.5L) 

and (0.75L), the uplift force is about (535.15) (571.92) kN respectively, as the maximum value of 

resistance is reached when the position of the bulb is at (0.75L). The resistance value also decreases to 

approximately (523 kN) when the bulb position is at the bottom. 

In the case of medium clay soil as shown in Figure (5-b), it is observed that the value of resistance to 

uplift forces increases as a result of the increase in the cohesion value of the soil. It is observed that the 

most suitable location for the bulb is at (0.75L), where the resistance value reaches a higher value (1204 

KN) than it was in the case of the straight pile (535 kN). While the resistance values of the uplift forces 

are (860-1075 kN) when the bulb location is at (0.25 L-0.5L) respectively. Also, when the bulb is it 

bottom, the value of resistance to the uplift forces decreases to (967 kN). 

Finally, when the soil is stiff as shown in Figure (5-c), the resistance to uplift forces increases clearly, 

as it is observed that the resistance value of the pile in a straight line is about (1029 kN) and when there 

is a bulb at the locations (0.25 L-0.5L-0.75L-L) the resistance force is about (1710-1774-1870-1739 kN) 

respectively. 

The importance of the under-reamed is due to providing greater expanded area, it leads to the distribution 

of applied load over a larger contact area. This reduces the stresses transmitted to the soil and increases 

the resistance to uplift load. 

(a)        (b) 

        (c) 

Figure 5. The load-settlement relationship for various locations of bulbs 
(a) soft clay (b) medium clay (c) stiff clay 

Figure 6 shows that the consistency of the soil has a role in increasing the improvement of the soil 

resistance to uplift loads, as increasing the consistency of the soil leads to an increase of the skin friction 

of the pile. The adhesion and cohesion of the soil-bulb system increases if the soil strength increases, 

which means that the interaction between the soil and the bulb increase to resist uplift load. 
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Figure 6. Maximum uplift load under reamed pile for different soil cohesion 

4.2. Effect of Double Bulb 

In this part, the impact of the double bulb on the pile resistance to uplift force was investigated. First, 

the most appropriate location for the double bulb in the middle was studied relative to the location of 

the first bulb that was fixed at a distance (0.75 L) along the length of the pile. The results obtained are 

shown in the table 3, where it is noted that the resistance to the uplift forces increases when the second 

bulb located at (D-2D-3D) and at a distance (4D) the increase is somewhat smaller than it was at the 

location of (3D). It is concluded that the best location for the bulb in the middle when it is on (3D). After 

that, a comparison was made between the location of the double bulb at a distance (3D) and a distance 

(0.25 L) from the top of the pile as well as at the location of bulb at bottom of the pile. 

Figures 7 shows the relationship between the uplift force and the vertical displacement for soft, medium 

and stiff soils. It is noted that the location of the double bulb in the middle at (3D) position from the 

original bulb gives the highest resistance to the uplift force compared to the location of double bulb at 

the bottom of the pile and the upper part. For the soft soil, the results show that the maximum value of 

the uplift load of pile is (659 kN) when the bulb is located at the bottom, and it increases to reach (725 

kN) when the second bulb is located in the middle and at a distance of (3 D) from the first bulb. In the 

case of medium and stiff soil, the results show that the maximum value of resistance the pile to uplift 

force is (1320-2055 kN) respectively. when the location of the bulb is at the bottom, and it increases to 

reach (1460-2250 kN) when the location of the second bulb is in the middle at (3D) position from the 

original bulb.  

As for the location of the second bulb at the top and at a distance (0.25 L), the results show that the 

 soil failure occurs on the upper side surrounding the bulb as shown in Figure 8. It means that the upper 

bulb loses the importance in increasing resistance to the uplift load as a result of working separately 

from the original bulb. This leads to the formation of soil deformation, which reduces the resistance 

value to the uplift loads. The results are obtained in agreement with results of (Nasr et al., 2022). 

Table 3. Maximum Uplift load (KN) 

Soil D 2D 3D 4D 

Soft clay 671 692 725 728 

Medium clay 1348 1385 1460 1470 

Stiff clay 2111 2171 2250 2261 
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(a)   (b)  

   (c) 

Figure 7. Load-vertical displacement relationship for different double bulb location (a) soft clay (b) medium clay 

(c) stiff clay 

(a)                                                                      (b)      

Figure 8. Under reamed pile (a) Section of Double Bulb Under Ream Pile (b) Deformation Shading of the 

Double Bulb 
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5. CONCLUSION

• The under reamed pile with bulb is important to enhance resistance to uplift loads compared to

the straight pile.

• In the case of a single-bulb pile, the ideal location is where it is (0.75 L), as it gives the maximum

resistance to uplift loads compared to other locations.

• In the case of a pile with multi-bulb, the most suitable location for the second bulb is in the

middle and at a distance (3D) from the original bulb.

• Increased soil cohesion improves pile resistance to uplift loads
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ABSTRACT 

Standard laboratory tests, such as the triaxial test, are commonly considered to be element tests. With 

the help of x-ray CT, numerous studies have analysed the grain kinematics and the evolution of the soil 

fabric inside specimens in triaxial compression. It has been found that the specimen is highly 

heterogeneous from the beginning of the test and therefore cannot be treated as one single representative 

elementary volume (REV). Instead, the specimen consists of multiple smaller homogeneous regions. 

With the help of the REV, the specimen heterogeneity and its evolution can be characterised so that it 

can be considered in the constitutive modelling of the soil. In this study, the size of the REV is 

determined for a Hostun sand specimen in triaxial compression regarding not only the void ratio but 

also two contact fabric descriptors – the coordination number and the scalar anisotropy factor. The REVs 

are then used to study the heterogeneity of the soil specimen in different loading states. All of the 

variables localise during the triaxial test but only the contact fabric shows early signs of localisation. 

Furthermore, the influence of the grid size on the distribution of the variables is analysed as well as the 

evolution of specific specimen regions. While there is much smaller change below the shear band, the 

soil above and inside the shear band, respectively, behaves oppositely. 

KEYWORDS 

Heterogeneity; X-ray CT; REV; Sand 

1. INTRODUCTION

The development and calibration of constitutive models, aiming to mathematically describe the soil 

behaviour, is mostly based on the results of standard laboratory tests, such as the triaxial test. In those 

tests, the soil specimen is considered to be one single homogeneous element and therefore, the 

macroscopic response of the specimen is assumed to represent the element behaviour of the soil. But, 

especially in triaxial tests, one can oftentimes observe the formation of a shear band throughout the test 

which is opposed to the assumption of homogeneity. Even if no shear band can be observed from the 

outside, a complex pattern of shear bands can form inside the specimen resulting in a highly 

heterogeneous specimen. This was already discovered some decades ago by Desrues et al. (1996) for 

different sand specimens as an early application of x-ray computed tomography (CT) in the field of soil 

mechanics.  

Since then, x-ray CT, and especially micro-focus CT (μCT), has been extensively used to study the soil 

on the grain scale and major advancements have been made regarding equipment and image analysis 

tools. With the help of such advanced tools, Desrues et al. (2018) revisited their original experiments 

and not only confirmed their original results but also discovered localised zones long before reaching 

the stress peak in the triaxial tests. The formation of shear bands inside the sand specimen seems to be 

inevitable and starts at such an early stage of the test that their neglect cannot be justified. As Muir Wood 

(2012) already stated: “the heterogeneous state is the natural state of soils”. Hence, this heterogeneity 

should also be considered in the development and calibration of the constitutive models. 
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In order to determine the specimen heterogeneity and its evolution throughout the test with respect to 

different soil variables, the minimum size of a representative elementary volume (REV) is determined 

for each variable. The specimen is not assumed to be one single homogeneous element but to consist of 

multiple smaller homogeneous regions which behave very differently. This was already observed over 

50 years ago by Oda (1972) but is usually not considered in the interpretation of triaxial tests. With the 

help of the REV, the evolution of the soil variables is extracted from specific specimen regions. 

Furthermore, the distribution of the variables inside the specimen is determined by placing the REV in 

a regular grid as shown by Hasan and Alshibli (2010). The influence of the grid size on the distribution 

as well as its evolution are also analysed.   

2. IMAGE ANALYSIS

The analysed triaxial test of a dense Hostun sand sample was performed by Wiebicke et al. (2021). The 

test was performed at 100 kPa cell pressure and 13 μCT images were acquired during the test. Hostun 

sand has a narrow grain size distribution and a mean grain diameter d50 = 338 μm. The image analysis 

procedure developed by Wiebicke et al. (2019) was applied here in order to reliably detect the grain 

contacts and calculate the contact orientations. The open-source software spam (Stamati et al., 2020) 

was used for the entire image analysis. The greyscale images were first binarised using a global threshold 

and then segmented with a watershed segmentation algorithm. To enhance the contact detection, a local 

threshold was applied and the contact orientations were calculated based on a random walker 

segmentation of the contacting grain pair. This allows the contact area to be determined on a sub-pixel 

level and therefore increases the accuracy of the contact orientation. 

Three variables are analysed in this work: the void ratio, the coordination number and the scalar 

anisotropy factor of the contact orientations. The evolution of those variables for the complete specimen 

is displayed in Figure 1 together with the macroscopic stress-strain curve. The anisotropy increases with 

increasing vertical stress as the contacts align with the stress direction but a little delayed because such 

alignment requires sufficient grain displacements. The void ratio increases as well, which is expected 

for a dense specimen, and the coordination number decreases as contacts are lost when the grains move 

apart. The coordination number decreases faster than the void ratio increases as it is more sensitive to 

changes inside the specimen. This is because very small grain displacements can lead to contacts being 

lost or gained while larger displacements are needed to change the void ratio noticeably. 

In this study, the variables are calculated for cubic elements. The void ratio e is determined by counting all 

void and solid voxels inside the cube. For the calculation of the fabric variables, a set of grains needs to be 

defined for the element. All grains with their center of mass inside the cube are assigned to the element here. 

The coordination number Z, which is the average number of contacts per grain, is then calculated by: 

𝑍 =
1

𝑁𝑝
∑ 𝑁𝑐,𝑖

𝑁𝑝

𝑖=1
(1) 

where Np is the number of particles inside the cube, i runs over all grains and Nc,i is the number of 

contacts for each grain. The scalar anisotropy factor a is calculated by: 

𝑎 = √
3

2
𝑫: 𝑫 (2) 

where D denotes the deviatoric fabric tensor calculated from the fabric tensor N composed of the 

orientations o of all contacts where at least one grain is assigned to the element:  

𝑵 =
1

𝑁𝑐
∑ 𝒐𝛼 ⊗ 𝒐𝛼𝑁𝑐

𝛼=1 (3) 

with Nc being the number of all considered contacts. 
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Figure 1. Macroscopic response of the Hostun sand sample to triaxial compression (Schmidt et al., 2022) 

3. REV SIZE

The size of the REV was determined as described by Schmidt et al. (2022). For each μCT image, i.e. 

loading state, cubic elements with increasing size were extracted from four positions along the vertical 

center line of the specimen. For each size and position, the three variables were calculated and their 

evolution with increasing element size was determined for each position. The mean and the variance of 

each variable were calculated from the four positions and their evolution with increasing size was analysed. 

Following the work of Gitman et al. (2007), a χ² test was conducted with a critical value corresponding to 

an accuracy of 95 % before the formation of the shear band and 90 % after its development. Combining 

those criteria, a REV size was determined for each variable and loading state and, finally, the maximum 

size of all loading states was chosen to be the size of the REV for a specific variable. 

The REV size for the void ratio is 3.55 d50 while it is 5.33 d50 for both contact fabric variables. The 

identified size is the lower limit of the REV size. The upper limit was not determined in this work but most 

likely relates to the size of the localisation. The smallest possible REV size is used in this study in order to 

extract the soil variables and their evolution from the individual regions without smearing them too much. 

4. SPECIMEN HETEROGENEITY

4.1. Evolution of the heterogeneity 

In order to study the heterogeneity of the Hostun sand specimen at each loading state, the REV is placed 

in a regular grid throughout the sample. The distance between element centers was chosen to be 2.22 d50 

in order to extract information on a fine grid. The grid was fixed throughout the complete analysis. 

Elements on the boundary of the specimen, which do not contain a sufficient number of grains to be 

representative regarding the contact fabric or a sufficient total volume of soil, consisting of grains and 

voids between them, to be representative regarding the void ratio, are excluded and displayed as black 

voxels in Figures 2-4. 

The evolution of the void ratio distribution throughout the triaxial test is displayed in Figure 2 for a slice 

through the 3-dimensional specimen. The slice was chosen so that it would contain the shear band. The 

images correspond to different loading states along the main loading path of the test (cf. Figure 1). 

Although the same scale is used for all images, a significant variation of the void ratio at the initial state 

is obvious. The localisation of the void ratio becomes visible at around 7 % of global axial strain and 

continues to develop until the end of the test. Inside the localised zone, the void ratio strongly increases 

whereas it does not change much or even decreases outside the localisation.      
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Figure 2. Evolution of the void ratio distribution throughout the triaxial test for a chosen slice through the 3D 

specimen. Black pixels represent excluded elements with an insufficient total volume of soil inside them 

As described above, the coordination number is more sensitive to changes inside the specimen than the 

void ratio. Therefore, early signs of the localisation of the coordination number are already visible at 

around 3 % of global axial strain, as can be seen in Figure 3. The coordination number also varies 

significantly at the initial state and strongly decreases inside the localised zone. The width of the 

localisation at the end of the test is larger than for the void ratio which implies that the shear band 

influences the coordination number in a wider zone than the void ratio. This also relates to the higher 

sensitivity of the coordination number. 

The anisotropy shows a similar pattern as the coordination number but with a much more pronounced 

variation at the initial state and a highly visible localisation already at around 3 % of global axial strain, 

as can be seen in Figure 4. It can be clearly observed that the localisation originates in the top left and 

bottom right corner and then develops into a localisation band. The localisation is even broader than for 

the coordination number which indicates an even higher sensitivity of the anisotropy and hence a wider 

zone of influence of the shear band. 

Figure 3. Evolution of the coordination number distribution throughout the triaxial test for a chosen slice through 

the 3D specimen. Black pixels represent excluded elements with an insufficient number of particles inside them 
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Figure 4. Evolution of the anisotropy distribution throughout the triaxial test for a chosen slice through the 3D 

specimen. Black pixels represent excluded elements with an insufficient number of particles inside them 

4.2. Influence of the grid size 

In addition to the visual analysis of the evolution of the specimen heterogeneity, the mean value and the 

standard deviation of the three variables is calculated for each loading state. To ensure that the chosen 

grid size does not influence the mean and the standard deviation too much, the calculation is done for 

three grid sizes and the results are plotted in Figure 5. The distance between the element centers is 

2.22 d50 for the fine grid, which is the same as above, 4.44 d50 for the medium grid size and 8.88 d50 for 

the coarse grid.  

For each grid size, the evolution of the mean value and the standard deviation of the variables is 

displayed as well as the evolution of the min/max range. Although the min/max range changes 

significantly with an increasing distance between the elements, the mean and the standard deviation do 

not vary much as can be seen in Table 1 for the void ratio. The minimum and maximum values that can 

be found inside the elements are very much dependent on the element positions and therefore on the 

chosen grid. To determine the mean and the standard deviation of the distribution, a smaller sample of 

elements distributed equally over the specimen can be used. 

The results presented in Table 1 highlight ones more the heterogeneity of the specimen and the 

significant variation already present at the initial state. The standard deviation of the void ratio at the 

initial state is approx. 4 % with respect to the mean value. At the end of the test, the standard deviation 

has increased to approx. 17 % in terms of mean value, which is due to the localisation of the void ratio. 

The coordination number has an initial standard deviation of approx. 2 % and a standard deviation of 

12 % with respect to the mean value at the end of the test. The standard deviation of the anisotropy is 

approx. 30 % in terms of mean value and is the same at the beginning and the end of the test.     

Table 1. Mean value and standard deviation of the void ratio for different grid sizes 

Axial strain εa 

[%] 

Mean value [-] Standard deviation in terms of 

mean value [%] 

Fine grid Medium grid Coarse grid Fine grid Medium grid Coarse grid 

0 0.661 0.662 0.659 4.22 4.15 3.87 

7 0.699 0.698 0.685 10.69 10.85 11.04 

13 0.762 0.755 0.746 16.99 17.03 17.63 
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Figure 5. Influence of the grid size on evolution of the fabric distribution inside the specimen. The colored areas 

display the min/max range of the respective variables 

5. FABRIC EVOLUTION INSIDE AND OUTSIDE THE SHEAR BAND

To further analyse the evolution of the three variables in different regions of the specimen, three REVs 

along the vertical center line of the specimen are chosen and their evolution regarding the void ratio and 

the contact fabric variables is displayed in Figure 6. Inside the shear band, a strong increase of the void 

ratio and the anisotropy as well as a strong decrease of the coordination number can be observed, which 

is also visible in Figures 2-4. Above the shear band, the variables evolve oppositely and below the shear 

band they show much less evolution. This might be due to the different boundary conditions at the top 

and bottom of the specimen. The specimen is loaded from the bottom and while the bottom plate is able 

to rotate, the top plate is completely fixed. It seems that after the formation of the shear band, the soil 

mass below the shear band acts as a rigid body whereas considerable grain displacements are present 

above the shear band.  
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Figure 6. Fabric evolution in REVs above, inside and below the shear band in comparison to the evolution for 

the complete specimen 

6. CONCLUSIONS

In this work, the heterogeneity of a dense Hostun sand sample regarding the void ratio, the coordination 

number and the contact fabric anisotropy and its evolution throughout a triaxial test is analysed. For this 

purpose, the size of the REV was determined for each variable and the REV was then placed in a regular 

grid throughout the specimen. For both contact fabric variables, a REV size of 5.33 d50 was identified 

while the REV size was 3.55 d50 for the void ratio. All variables show a significant initial variation and 

localise throughout the test. The contact fabric, and especially the anisotropy, shows early signs of 

localisation whereas the void ratio localises later during the test. The distribution of the variables was 

characterised through the mean value and the standard deviation and the influence of the grid size on 

those values was studied. The mean and the standard deviation remained approximately the same for 

the three analysed grid sizes. 

In addition, the evolution of the variables inside, above and below the shear band was compared in this 

work. The regions behave completely differently, which underlines the necessity to consider the 

heterogeneity of the specimen rather than assuming it to be homogeneous. The initial distribution of the 

variables and its evolution could serve as a basis for an enhanced calibration of the constitutive models. 
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It has become clear that the common interpretation of triaxial tests is not in agreement with what is 

actually observed in those tests for dense sand specimens and that we need to incorporate the soil 

heterogeneity instead of neglecting it.  
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ABSTRACT 

The creation of shear bands in soils is a complex and important geotechnical mechanism that is 

controlled by different factors, such as soil parameters, loading conditions and loading history. 

Understanding the development of shear bands is important in order to reliably predict the behaviour of 

soil in diverse engineering and geotechnical contexts, including slope stability, foundation design and 

earthworks. Therefore, this study simulates the effect of soil inhomogeneity on the peak shear strength 

in fine-meshed finite element biaxial tests by using the Hypoplasticity and Mohr-Coulomb constitutive 

model. For this purpose, hypoplastic calculations were carried out by distributing the initial void ratio 

with a normal distribution across all elements in a certain range. Similarly for Mohr-Coulomb models, 

equivalent cohesion, friction angle and elastic modulus were distributed among the elements. The results 

indicate that the presence of inhomogeneity leads to reaching the peaks strength at lower strain levels. 

Furthermore, increasing the inhomogeneity leads to a reduction in shear strength for both hypoplasticity 

and the Mohr-Coulomb model. 

KEYWORDS 

Inhomogeneous Soil; Shear Strength; Numerical Simulation; Constitutive models 

1. INTRODUCTION

Obtaining a comprehensive understanding of the mechanical properties of soil under different loading 

conditions is essential in the field of geotechnical engineering. In the scientific field of soil behaviour, 

the presence of inhomogeneity within the soil mass arises as a crucial component that has a substantial 

impact on its shear strength and deformation patterns (Schneider-Muntau et al., 2021). The presence of 

inhomogeneity in soil, which is defined by variations in characteristics like density, moisture content, 

particle distribution, and void ratio, can result in complex stress-strain relationships, the occurrence of 

strain localization phenomena, and early shear band formation (e.g. Medicus & Schneider-Muntau, 

2018; Desrues et al., 2017; 2018). These factors present difficulties for conventional geotechnical 

analysis and design principles. 

Since producing identical samples with the same inhomogeneity patterns is not possible in standard 

laboratory tests, experimental methods cannot be used to accurately investigate the impact of 

heterogeneity on peak strength and shear band formation. Consequently, in this study numerical methods 

are used for the systematic investigations. 
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2. LITERATURE REVIEW

The impact of soil heterogeneity on shear parameters and the influence on results of finite element 

simulations has been widely studied in several fields, but mostly focusing und variation of undrained 

shear strength. Hicks and Samy (2002) employed finite element analysis to determine the effect of 

heterogeneity on the stability of a clay slope with a spatially varied undrained shear strength cu. The 

findings suggested that, for a given factor of safety, reliability in the simulation results is optimum when 

cu is constant with depth. As cu increases linearly with depth, reliability reduces due to the wider variety 

of probable rupture surfaces. In this study, horizontal anisotropy (of heterogeneity) produces minor 

variations in reliability. Nevertheless, situations have been observed in which anisotropy is expected to 

have a substantial impact. Hicks and Spencer (2010) studied the effect of heterogeneity in undrained 

shear strength on the performance of a long slope cut in clay. Random field theory is used to model 

heterogeneity. It has been demonstrated that, while the selected slope geometry, loading conditions and 

mean strength profile are all two-dimensional, the presence of 3D material heterogeneity indicates that 

the slope is not genuinely 2D. Ching and Phoon’s (2013) research primarily focused on studying simple 

and uniform stress situations. Undrained compression and shear were applied to a 12.8 m wide by 48 m 

high plane strain soil specimen using finite element analysis (FEA). The mobilized strength statistics 

are found to be closely related to the statistics generated by the minimum of line averages along possible 

slip curves. The orientations of critical slip curves are mostly influenced by mechanics rather than spatial 

variation. However, the vertical positions are somewhat random and depend on the realizations of 

random fields. The crucial slip curve’s line average is the lowest value among the line averages for the 

potential slip curves. Li et al. (2014) studied the infinite slope reliability with spatially varying shear 

strength parameters that rise linearly with depth. The spatial variability of undrained shear strength and 

friction angle is described using random field theory. The influence of geographical heterogeneity on 

critical slip line depth and failure probability is examined using infinite slope instances. The results show 

that the clay slope stability is affected by the mean trend of shear strength parameters. Ignoring a linearly 

rising shear strength trend will overestimate failure probability. Critical slip lines at the slope bottom 

are less likely when the mean trend of undrained shear strength is included. The distribution of sandy 

slope critical failure depths is affected by the friction angle’s linearly rising mean trend. Anoyatis et al. 

(2023) represented soil inhomogeneity by using a power law relationship to describe the variation of 

shear modulus with depth. Their study emphasized the impact of inhomogeneity on the interaction 

between soil and piles during vertical vibrations and provided a new analytical solution for piles that are 

subjected to axial loads in heterogeneous soils. Chidichimo et al. (2014) performed an investigation by 

using 1-g shaking table test results on the effect of soil inhomogeneity and nonlinear simulation on 

kinematic soil-pile interaction and its bending by passage of vertically propagating seismic shear waves. 

The inhomogeneity was applied by using two vertical layers of soil that have different strength 

parameters.   The findings demonstrate that these parameters have a significant impact on both site 

response and kinematic pile bending. Therefore, nonlinear analysis is essential for accurately predicting 

the dynamic response of pile foundations. Schneider-Muntau et al. (2021) investigated the scattering in 

strength by comparing results of compression drained triaxial tests at different stress levels and with 

repeated test on samples with the same mean density. The impact of the number of stress levels on 

determination of the shear strength parameters, was assessed quantitively. Results demonstrated that 

repeatability of laboratory experiments are not given, even when same sample preparation procedure, 

same mean density and same stress level are investigated. This leads to a statistically wide range of 

potential shear parameters that can be obtained due to inhomogeneities in sample preparation. 

Most of mentioned investigations tried to study the effect of inhomogeneity on the strength parameters, 

by applying inhomogeneity in different ways e.g. variation of water content on density, shear modulus 

inside the studied samples. Since producing a sample with controlled inhomogeneity is experimentally 

very difficult, this study aims in performing numerical simulations of fine meshed biaxial tests with two 

different constitutive models to investigate the influences observed by soil heterogeneity. In this study 

inhomogeneity was implemented by variation of void ratio which is a state variable in hypoplasticity. 
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3. METHODOLOGY

3.1. Numerical Simulation Framework 

This work utilizes the finite element software ABAQUS 2019 for numerical modelling to investigate 

the effect of inhomogeneity on the soil behaviour. Due to the influence of element size and shape 

function on the precision of numerical models, especially in investigations related to strain localization, 

mesh dependency analysis was performed. This procedure entailed doing initial simulations to assess 

the impact of various element sizes on the outcomes. We have observed the expected influence of mesh 

dependency also in our results. However, to obtain comparable results, in this study all analyses were 

performed based on the same finite element mesh. 

2D consolidated and drained biaxial tests with 5000 plane strain elements with a bilinear shape function 

were simulated. Boundary conditions and the geometry are shown in Figure 1. The sample is fixed at 

the middle node of the bottom plate and horizontal displacement of the bottom elements is allowed, 

while they are constrained in vertical direction. The side boundaries are free to move in vertical and 

horizontal direction. The displacement-controlled shearing is applied by a prescribed displacement δ of 

the top nodes. This indicates that the soil sample has the ability to undergo vertical and horizontal 

expansion or contraction. Samples were subjected to three different confining pressure levels. (σʹ3 = 50, 

120, and 200 kPa) 

Figure 1. Schematic boundary and loading conditions 

In our investigations, three different mean values for the void ratio distribution (emean) were considered: 

0.51, 0.57, and 0.64. To achieve modelling inhomogeneous samples, standard deviation values (SDV) 

of 0.01, 0.05, and 0.08 from the mean values were taken into account, and the void ratio was normally 

distributed across the elements of soil sample. 

3.2. Material 

This study uses Weald clay as material (Weifner and Kolymbas, 2008; Mašín, 2013). The determination 

of the range of possible emean was done based on critical state relationships, considering the loading range 

between 50 – 300 kPa. The hypoplastic parameters φc = 24º, N = 0.8, λ* = 0.059 and κ* = 0.018 were 

chosen according to Mašín (2013). Modulus. For the Mohr-Coulomb model dilatancy angle ψ and 

Poisson’s ratio ν assumed to be respectively 0 and 0.3. 

3.3. Constitutive Models 

For the first series of simulations hypoplasticity was chosen to simulate the soil behaviour. This model 

employs void ratio as one of the state variables (𝝈̇ = 𝐡(𝝈, 𝑫, 𝑒)) and enables us to apply variations in 

the void ratio to represent the inhomogeneity. This represents well what is expected to be relevant in 

real soil samples.  

In the second step a series of modelling was performed using the Mohr-Coulomb constitutive model. 

To establish comparability between the two sets of simulations, equivalent values for cohesion c, friction 

σʹ3σʹ3

δ 
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angle φ, and elastic modulus E were chosen based on the corresponding void ratio value e in the 

hypoplastic model. As the void ratio scatters in the fine meshed sample, a wide range of void ratios had 

to be considered: e = 0.400-0.799. 

In order to calculate the equivalent parameters a series of hypoplastic single element triaxial 

compression tests (CD) with three different confining pressures (50, 120 and 200 kPa) were simulated. 

Cohesion, friction angle and elastic modulus were derived from the triaxial stress-strain relationships 

(Equation (1), (2)) obtained from the simulation with hypoplasticity for each of the relevant void ratios 

by using the following formulations where ɛii, γij, σii, τij represent normal strains, shear strains, normal 

stresses and shear stresses, M is the slope of trend line drawn between peak deviatoric stresses (qpeak), pʹ 

shows the effective mean stress, q50 = 0.5. qpeak, ɛq50 would be the value of deviatoric strain corresponding 

to q50 and E50 is considered as elastic modulus for the Mohr-Coulomb model.  

Figure 2. A sample of p'-q diagram for determining equivalent Mohr-Coulomb parameters for e =0.450 
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With this procedure, we obtain a parameter set of cohesion, friction angle and young’s modulus for each 

single void ratio. In the last step a series of fine meshed simulations were performed by using the linear 

elastic - perfectly plastic Mohr-Coulomb constitutive model and scattered parameters to observe the soil 

behaviour in case of heterogeneity presence in soil sample. In order to have comparable results, 

according to the void ratio e of each element in the hypoplastic fine meshed simulation, the equivalent 

cohesion c, friction angle φ, and elastic modulus E were assigned to the corresponding element. As it 

was expected the same inhomogeneity pattern was produced for all shear parameters as can be observed 

in the plots (Figure 3). Hence, we would have samples with identical inhomogeneity distribution to 

investigate the soil behaviour with two different constitutive models. 

 
Figure 3. Contour plot of soil sample with scattered void ratio (hypoplasticity), elastic modulus, cohesion and 

friction angle respectively from left to right (Mohr-Coulomb) 
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4. RESULTS

The results in Figure 4 show the relationship between the average value of deviatoric stress q and the 

deviatoric strain εq for all elements of soil samples modelled with the hypoplasticity constitutive model 

(HP) for confining pressure σʹ3 = 120 kPa. Each curve represents a soil sample with a certain mean void 

ratio (emean) which is normally distributed in a range represented by the standard deviation value SDV. 

As mentioned before 0.51, 0.57, and 0.64 were considered as emean values and 0.01, 0.05, and 0.08 as 

SDV in the simulations. It should be noted that in the following text the term void ratio e refers to the 

mean value of this parameter in a soil sample. 

The highest influence on peak strength is given by emean, that shows reduction of shear strength due to 

decrease in emean. This can be explained with the peak strength for denser samples. The charts further 

illustrate that by increasing the SDV from the mean void ratio emean, there is a tendency for the peak 

deviatoric stress qpeak of the soil to decrease. These findings show that a higher scattering in the soil 

sample leads to a drop in shear strength. The influence of SDV on both shear strength and stress-strain 

behaviour is visible in all values of emean. Nevertheless, the impact is more prominent when emean is 

smaller. Within a given sample, it is observed that the deviatoric strain εq corresponding to qpeak tends to 

decrease as the SDV increases. This suggests that soil samples with more heterogeneity have decreased 

brittleness. After the peak state, the curves exhibit a tendency to reduce the q value, particularly in 

samples with higher emean values. This suggests that samples with emean, indicating a denser soil, show a 

more noticeable q reduction behaviour. The q reduction rate and extent seem to be affected by the 

variability in void ratio, since more homogeneous samples (with lower SDV) exhibit a sharper decrease 

after reaching the peak, suggesting a more brittle failure.  

Figure 4. q (kPa) - ɛq results for Simulation of CD biaxial test using HP (σʹ3 = 120 kPa) 

Although the Mohr-Coulomb model may not reflect soil's non-linear behaviour, it can still offer valuable 

observations into the general trends of the inhomogeneity effect on the shear strength of soil. 

The graphs in Figure 5 global behaviour shows a continuous reduction in peak deviatoric stress as SDV 

increases. The observed pattern is consistent with the hypoplasticity studies, indicating that greater 

inhomogeneity reduces soil shear strength. When comparing with the results from simulations with 

hypoplasticity, it is clear that the strain at peak stress shows smaller values and remains rather similar 

across varied SDV. However, there is a clear trend in which samples with smaller strength and stiffness 

parameters (which correlate to higher void ratios) exhibit peak stress at higher strains.  

Given the findings on hypoplasticity, the curves generated using the Mohr-Coulomb model (MC) show 

a drop after the peak stress, indicating a global q reduction reaction. This behaviour indicates that the 

soil experiences a decrease in shear strength, which is due to the localization of the deformation in shear 

bands. 
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Figure 5. q (kPa) - ɛq results for Simulation of CD biaxial test using MC constitutive model (σʹ3 = 120 kPa) 

In Figure 6 results of samples respectively simulated by using hypoplasticity and Mohr-Coulomb as 

constitutive model, demonstrate the effect of mean void ratio emean and confining pressure on the shear 

strength of soil samples. qpeak, representing the maximum deviatoric stress of a soil sample with scattered 

parameters is normalized by qconstant, which is the maximum deviatoric stress for a sample with constant 

void ratio emean. This value is displayed in dependency of the SDV of the void ratio. The ratio of qpeak 

/qconstant is always ≤ 1, when the SDV ≥ 0. This means scattering the void ratio leads to a reduction in 

shear strength.  

By comparing Figure 6 (a and b) it can be noted that the effect of SDV on shear strength becomes less 

considerable in higher emean. In general, it can be observed that Mohr-Coulomb gives lower qpeak /qconstant 

in samples that are heterogeneous and therefore is even more sensitive to inhomogeneity in comparison 

to hypoplasticity. It can be concluded that weak elements within the soil sample play the role in failure 

mechanism. 

Figure 6 (c and d) illustrate the effect of confining pressure on the shear strength of soil. For both cases 

increasing the confining pressure reduces the effect of inhomogeneity. This influence is more obvious 

in looser samples with lower emean. 

Figure 6. Effect of mean void ratio (a, b) and confining pressure on shear strength variation (c, d) 

To summarize the results, it can be concluded that inhomogeneity causes reduction in shear strength and 

as the inhomogeneity level increases this effect would be more obvious and significant. This effect can 

be controlled by the confining pressure where in higher pressures inhomogeneity would have less effects 

on shear strength. 
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5. DISCUSSION

It is predicted by both hypoplastic and Mohr-Coulomb models that soil heterogeneity, as demonstrated 

by the use of non-uniform void ratio in hypoplasticity and non-uniform c, φ, and E in Mohr-Coulomb 

model, significantly impacts shear strength of biaxial tests in numerical simulations. Under the same 

circumstances, the Mohr-Coulomb model showed a more substantial reduction in shear strength than 

the hypoplasticity model, with increase in void ratio variability. As hypoplasticity incorporates a stress 

dependent stiffness, simulations with hypoplasticity show in general higher deviatoric strain at peak. 

For a given void ratio, both models show that deviatoric strain ɛq in qpeak decreases as SDV grows, the 

sample behaves less stiff.  

One major difference between the two constitutive models chosen for this simulation, lies in the fact 

that for hypoplasticity, the void ratio is a state variable. This means the void ratio changes within the 

elements during the simulation procedure and with this localization effects can be better reproduced. In 

the Mohr-Coulomb model, the assigned strength and stiffness parameters are not updated during the 

simulation. This means, the original pattern of parameters remains constant during the simulation.  

Given how inhomogeneity affects soil shear strength and strain, this behaviour of the soil promotes the 

significance of considering it in geotechnical design. Since all constitutive models have their advantages 

and shortcomings, it is important to select a constitutive model that fits the needs of a given geotechnical 

study. The results show how important it is to characterize soil properly and choose constitutive models 

in numerical models suitably. When it comes to numerical analysis and design, the apparent impact of 

soil inhomogeneity on shear strength is crucial. The findings are applicable in constructions where soil 

shear strength plays the main role in the failure process and soil inhomogeneity is a determining factor. 

6. CONCLUSION

The study conducted numerical simulations to obtain a qualitative insight on how soil inhomogeneity 

affects shear strength and strain localization in biaxial tests. In this study hypoplasticity and Mohr-

Coulomb constitutive models were used. The investigation yields the following conclusions: 

• The results showed that the variability in shear parameters of soil within a sample has a

substantial impact on determining the soil's shear strength. Both constitutive models indicated

a reduction in shear strength as the variability range of the parameters increased, highlighting

the importance of soil inhomogeneity assessment in analysis.

• It was observed that the effect of variability in shear parameters is more obvious in lower ranges

of confining pressure and for looser soil samples. This observation shows the remarkable

influence of loading condition on soil behaviour. Increasing the confining pressure leads to a

higher shear strength, independent of the SDV and emean value.

• The strain corresponding to the peak strength showed higher values in the hypoplastic model

than in the Mohr-Coulomb model. The scattering influences the stiffness of the sample, the

higher the inhomogeneity, the less stiff the sample behaves.

As a conclusion, the study demonstrated the significance of selecting an appropriate constitutive model 

and accurate shear parameters on the outcomes of the simulation. The approach of having the void ratio 

as a state variable in the constitutive models is advantageous when simulating soils with inhomogeneous 

density in laboratory experiments.  
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Dynamic simulation and optimisation of plate compactors for subballast 

compaction during rail track rehabilitation 
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ABSTRACT 

The sufficient compaction of the formation protective layer (FPL) during track rehabilitation is a crucial 

process to improve the longevity of railways. Plate compactors are used to ensure sufficient compaction 

during track-bound rehabilitation works. The most common plate compactor in Austria (Wimmer 

WBB 530) comprises a frame and a dynamically decoupled, vibrating base plate which includes a 

rotating mass type of exciter. As the FPL has a thickness of 40 cm (after compaction) ensuring a 

sufficient compaction presents a challenge to the comparatively light plate compactor. During prior 

investigations, a mechanical model was developed to determine the motion behaviour of the plate 

compactor and the interaction between plate compactor and soil during compaction. Additionally, the 

motion behaviour of the given plate compactor was monitored and analysed during field tests. This 

paper juxtaposes the simulated motion behaviour and the interaction between plate compactor and soil 

with data collected during experimental field tests. The investigation shows that the mechanical model 

can sufficiently replicate the different modes of operation which occur during compaction and can be 

used for an optimization of the compactor. The measured data corresponds to the simulations. However, 

the measurements also show that the plate compactor and its periodic loading of the soil highly depends 

on a careful selection of process parameters. 

KEYWORDS 

Dynamic Compaction; Plate Compactor; Motion Analysis; Data Processing. 

1. INTRODUCTION

Ensuring the correct positioning of railway tracks is crucial for a functioning railway system. The quality 

of the substructure, which comprises the quality of the ballast as well as the subballast and the subgrade 

is critical in minimizing track geometry deterioration. Throughout the life cycle of a track formation the 

quality of the substructure changes and degrades but can be prevented by a formation rehabilitation. 

Although ballast rehabilitation by tamping (and subsequently ballast compaction) can be achieved more 

easily, the ballast has less influence on severe track geometry errors compared to the subballast or the 

subgrade. Tough the rehabilitation of the subballast is much more complex as it requires removing the 

ballast and the formation protective layer and laying them out again. Depending on the rehabilitation 

method the track grid may need to be removed as well (Li et al., 2015).  

In Austria the AHM 800-R (AHM) is a commonly used track bound formation rehabilitation machine 

from Plasser & Theurer – Export von Bahnbaumaschinen Gesellschaft m.b.H. (P&T). It enables a 

rehabilitation without removing the track grid and thus increases the efficiency compared to traditional 

formation rehabilitation methods (Auer et al., 2008). The AHM is equipped with two excavation chains 

that operate beneath the lifted track grid. The first excavation chain removes the approximately 30 cm 

thick layer of ballast. The old ballast is then crushed and mixed with new FPL material. The subgrade 

excavation chain then removes the existing subgrade and the lower area of the ballast layer and 

transports the material to the rear of the machine for subsequent disposal.  
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After excavation, the formation level of excavation is smoothed with a vibrating screed and a geotextile 

can be installed to minimize mixing of the subgrade with the new FPL layer. The FPL material, which 

is a mix of quality-assured FPL material and up to 50% of reprocessed ballast material, is then placed 

on the geotextile with a layer thickness of approximately 50 cm (uncompacted). The FPL material is 

then compacted resulting in a layer thickness of approximately 40 cm. The compaction is performed 

using six Wimmer WBB 530 plate compactors in parallel (see Figure 1). 

Figure 1. Plate compactor WBB 530 of the AHM 800-R during compaction of the FPL. Source: P&T 

Due to the limited workspace beneath the tracks, the plate compactor is restricted in size and weight. 

The compaction of a 40 cm thick layer of soil presents a challenge for a comparably light plate machine 

and may cause irregular motion behaviour of the plate compactor and/or an insufficient compaction of 

the FPL, which could significantly reduce the expected life cycle of the track formation. 

Field tests were carried out to analyse the motion behaviour of the plate compactor during FPL 

compaction to improve the efficiency of the plate compactors and the quality of the compaction. 

Additionally, the theoretical motion behaviour of the plate compactor under different soil properties and 

machine parameters was investigated using a mechanical model (Pistrol et al., 2022). This paper 

juxtaposes the simulated motion behaviour and the interaction between plate compactor and soil with 

data collected during experimental field tests. 

2. THEORETICAL SIMULATION

Pistrol et al. (2022) presented a simplified mechanical model to describe the interaction between the 

plate compactor and the soil. While various simplifications are made and boundary conditions need to 

be defined, the model accurately depicts the contact conditions between the two mechanical subsystems 

(plate compactor and soil). One of the most important simplifications with regard to the equation of 

motion is the consideration of only vertical motion quantities as the load applied on the soil by the plate 

compactor is directed in a mostly vertical direction (Pistrol et al., 2022). This simplification has been 

used in similar investigations for vibratory rollers and showed sufficient accuracy (Adam, 1996; Kopf, 

1999). The model can reliably describe three different operation phases: loading, unloading, and loss of 

contact. Figure 2 shows the simplified mechanical model and its subsystems: soil and plate compactor. 

The interaction between these two subsystems is described by contact conditions. The plate compactor 

can be further divided into an upper part (frame) and a lower part (base plate). These parts are connected 

by rubber buffers which allow for a separate description of those parts (Stefan, 2020). 

Equation (1) gives the motion equation of the frame. The force in the rubber buffers as a result of their 

stiffness and damping properties is summarised in Equation (2) (Pistrol et al., 2022). 
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(𝑚𝑓 + 𝑚𝑎) 𝑧̈2 − 𝐹𝑟 = (𝑚𝑓 + 𝑚𝑎) 𝑔 (1) 

𝐹𝑟 = 𝑐𝑟 (𝑧̇1 − 𝑧̇2) + 𝑘𝑟 (𝑧1 − 𝑧2) (2) 

Figure 2. Mechanical model with plate compactor and soil subsystem. The plate compactor is split up in its 

components frame and base plate (Pistrol et al., 2022).  

Equation (3) gives the equation of motion for the base plate. Equation (4) shows the equation to 

determine the exciter force Fex. Equation (3) can be transformed to determine the soil contact force Fb 

(see Equation (5)), which defines the interaction between plate compactor and soil as it includes the 

motion equations of the frame as well as the base plate (Pistrol et al., 2022). 

(𝑚𝑏 + 𝑚𝑒) 𝑧̈1 + 𝐹𝑟 + 𝐹𝑒𝑥 + 𝐹𝑏 = (𝑚𝑏 + 𝑚𝑒) 𝑔 (3) 

𝐹𝑒𝑥 = 𝑚𝑒𝑒𝜃2 sin(𝜃𝑡 + 𝜑0) (4) 

𝐹𝑏 = (𝑚𝑏 + 𝑚𝑒) 𝑔 − 𝐹𝑟 − 𝐹𝑒𝑥 − (𝑚𝑏 + 𝑚𝑒) 𝑧̈1 (5) 

The soil subsystem is modeled with an elastic-plastic material behavior. The vertical displacement z0 

comprises elastic and plastic components as shown in Equation (6). The elastic behaviour is modeled 

with a Kelvin-Voigt element, the plastic behaviour with an elastic spring, which is only active during 

loading (Stefan, 2020). The spring stiffness is based on the cone model by Wolf (1994). 

𝑧0 = 𝑧𝑒 + 𝑧𝑝 (6) 

The input parameters and variables for the given equations are defined in Table 1. Additionally, Table 1 

shows the values of the input parameters used for the simulation for the three chosen time frames in the 

analysis and comparison.  
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Table 1. Parameters and variables of the mechanical model and values for the time frames 1 to 3 

Variable Description Unit Frame 1 Frame 2 Frame 3 

ce Soil dashpot coefficient (Kelvin-Voigt) N/ms 2.3e5 3.1e5 2.1e5 

cr Rubber buffer dashpot coefficient Ns/m 15000 15000 15000 

e Eccentricity of eccentric mass m 0.032 0.032 0.032 

f Excitation frequency Hz 51 54 35 

g Gravitational acceleration m/s2 9.81 9.81 9.81 

ke Soil spring stiffness (Kelvin-Voigt) N/m 5.7e7 1.0e8 4.9e7 

kp Soil spring stiffness for plastic deformation N/m 3.2e8 5.8e8 2.8e8 

kr Rubber buffer spring stiffness N/m 2e6 2e6 2e6 

mb Mass of base plate kg 295 295 295 

me Eccentric mass kg 20 20 20 

mf Mass of frame kg 385 385 385 

Fb Soil contact force N 

Fex Excitation force N 

Fr Force in the rubber buffers N 

t Time s 

z0 Vertical displacement of soil m 

z1 Vertical displacement of base plate m 

𝑧̇1 Vertical velocity of base plate m/s 

𝑧̈1 Vertical acceleration of base plate m/s2

z2 Vertical displacement of frame m 

𝑧̇2 Vertical velocity of frame m/s 

𝑧̈2 Vertical acceleration of frame m/s2 

ze Elastic deformation of soil m 

zp Plastic deformation of soil m 

θ Circular frequency of excitation rad/s 

φ0 Phase shift rad 

3. FIELD TESTS

The field tests were conducted in a gravel pit located in Fischamend, Austria. A plate compactor was 

attached to an excavator by a special mount (see Figure 3 (a)) which allowed to apply vertical loads onto 

the plate compactor. The excavator was pulled along the test lanes (see Figure 3 (b)) to ensure a slow 

and constant speed equivalent to the travel speed of the AHM during formation rehabilitation 

(approximately 70 m/h). The test lanes consisted of regular FPL material with a layer thickness of about 

40 cm. The series of field tests consisted of four reference measurements, in which the plate compactor 

was lifted and oscillated freely in the air and eight test runs with various machine configurations 

(Sigmund et al., 2023). 

Figure 3. (a) Mounted plate compactor. (b) Excavator equipped with plate compactor is pulled along the test 

lanes during field test. (Sigmund et al., 2023) 
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The plate compactor was equipped with five MEMS 3D accelerometers; four were mounted on the base 

plate around the exciter unit to record the movement of the plate and one was attached to the frame to 

determine the influence of the plate’s movement on the frame. Additionally, the exciter unit was 

equipped with four inductive proximity sensors to track the position of the unbalance during the field 

tests. In addition to the accelerometers and position sensors, a loading cell was used to monitor the force 

applied by the hydraulic cylinder. 

4. ANALYSIS AND COMPARISON

The movement of the unbalance and the exciter frequency were determined from the data collected by 

the exciter units’ proximity sensors. The results show that the hydraulic pressure of the excavator’s 

engine was not sufficient to support both, a high exciter frequency and a high vertical load on the plate 

compactor. Therefore, high vertical loads could only be applied during phases of lower frequencies and 

vice versa. 

The data analysis from the field tests indicates that the plate compactor’s mode of operation changes 

with varying conditions. The applied vertical load and the exciter frequency are the main influencing 

factors on the plate compactor’s behaviour. The data indicates that the soil contact force of the plate 

compactor was very low during phases of low vertical loads. This can be attributed to a suboptimal 

mount construction that lifted the plate compactor off the ground without sufficient vertical loads. 

However, after applying a certain vertical load, the data shows a significant increase of the soil contact 

force. However, low vertical loads cause the plate compactor’s motion behaviour to be indistinctive. As 

the load increases, the motion behaviour becomes more periodic and distinctive (Sigmund, 2021). 

For the comparison between field tests and simulation, three time frames are selected from the field test 

data that show a periodic and distinctive motion behaviour. The parameter sets of the time frames differ 

in exciter frequency and vertical load. The exciter frequency from the field data was then used for 

simulating the motion behaviour of the given time frame. Figures 4 to 6 show the comparison between 

the field test data and the simulation. Figure 4 to 6 (a) (left) compares the exciter force and the soil 

contact force of the given time frame. The lower graph compares the exciter force Fex of simulation and 

field data and shows the difference (delta) to verify the frequency input of the model. The upper graph 

shows the soil contact force Fb of simulation and field data. Figure 4 to 6 (b) (right) show the orbital 

(vertical over horizontal) displacement of the plate compactor for the respective time frame. The red and 

green lines indicate the movement of the front and rear sensor. The movement of the centre is determined 

by weighting the displacements of the front and rear sensors according to the distance from the sensors 

to the centre. The grey lines connect time-equivalent points at the front and rear. As the distance between 

the sensors is not shown true to scale, the rotation of the base plate at any given time is significantly 

inflated. 

During time frame 1 the plate compactor shows a distinctive, periodic motion behaviour (see 

Figure 4 (b)). Due to the unbalanced design of the plate compactor, the base plate starts to tilt during 

compaction. Depending on the rotation direction of the unbalance, the front end shows significantly 

larger amplitudes compared to the rear end. 

The lower graph of Figure 4 (a) shows that the alignment of the exciter forces Fex of model and field 

tests works sufficiently as the delta is negligible. The upper graph shows that the model as well as the 

field test data registered a ‘spike’ in the soil contact force Fb every other exciter period. Thus, after a 

high intensity impact the base plate loses contact and lifts off the ground for one full period before hitting 

the soil surface again. This mode of operation is referred to as ‘double jump’ in dynamic roller 

compaction (Adam, 1996). The difference in time at which the impact occurs can be explained by the 

slight rotation of the base plate during the field tests, resulting in an earlier contact initialisation between 

plate compactor and soil or with the load application point of the soil contact force deviating from the 

centre of the plate compactor, which can also cause a time discrepancy.  
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Figure 4. Time frame 1: (a) Comparison of soil contact force Fb and exciter force Fex from simulation and field 

tests. (b) Orbital movement of the plate compactor from field tests (inflated rotation). 

Figure 5 shows time frame 2. The delta of the exciter forces remains negligible. Similar to time frame 1 

(Figure 4), the plate compactor shows a periodic motion behaviour (see Figure 5 (b)) but the higher 

frequency leads to a lower vertical load in this section which results in a slightly different movement of 

the front end for each exciter period. This time frame was selected from a second compaction run on a 

test lane. Therefore, an increased soil stiffness is expected compared to the first test run. The increased 

soil stiffness leads to an increased soil contact force, which is replicated in the mechanical model by an 

adjustment of the soil parameters, as shown in Figure 5 (a). 

Figure 5. Time frame 2: (a) Comparison of soil contact force Fb and exciter force Fex from simulation and field 

tests. (b) Orbital movement of the plate compactor from field tests (inflated rotation). 

Time frame 3 shows a contrasting image to time frames 1 and 2. The unbalance’s rotational direction 

changed, causing the front end to show larger displacement amplitudes compared to the rear end. The 

plate compactor’s motion behaviour remains distinct and periodic over two exciter periods (as shown in 

Figure 6 (b)). However, in this case the mode of operation is not classified as ‘double jump’ but rather 

as a transition from ‘loss of contact’ to ‘double jump’ (Adam, 1996). Figure 6 (a) shows alternating 

impacts of low and high intensity. Additionally, the rotation of the plate compactor is more pronounced, 

resulting in a double impact on the soil. The two peaks of the field data’s soil contact force also indicate 

this behaviour. With the given process parameters, the mechanical model cannot reproduce this mode 

of operation. The exciter frequency and thus the amplitude of the exciter force are relatively low. 

Therefore, the mechanical model does not transition from ‘loss of contact’ to ‘double jump’ regardless 

of the soil stiffness. Increasing the frequency changes the mode of operation to match the field data’s 

mode of operation. This indicates that the transition areas between the modes of operation differ slightly 

between field tests and simulation. Additionally, due to its simplification, the mechanical model is 

unable to account for the rotation and double impact of the base plate. 
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Figure 6. Time frame 3: (a) Comparison of soil contact force Fb and exciter force Fex from simulation and field 

tests. (b) Orbital movement of the plate compactor from field tests (inflated rotation). 

5. CONCLUSION

In this paper, the motion behaviour of a plate compactor of type WBB 530 was investigated during the 

compaction of a formation protective layer. The interaction between the plate compactor and the soil is 

compared to the results of a simplified mechanical model. The experimental data was collected during 

field tests. 

The study shows that, under certain conditions, the mechanical model can reliably reproduce the motion 

behaviour of the plate compactor. The model can also replicate the higher soil contact forces that occur 

during a second compaction pass over an already compacted test lane by increasing the soil stiffness. 

However, the transition areas between the different modes of operation, which depend on various 

process parameters, differ slightly between the mechanical model and the field tests. Moreover, the 

mechanical model is not suitable for reproducing the indistinctive motion behaviour observed during 

the field tests. The field data also shows that the test setup, including the plate compactor mount, should 

be improved to collect reliable data for a wider range of process parameters. Additional validation of 

the mechanical model with more distinctive measurement data could provide more information about 

the motion behaviour of the plate compactor that potentially enables an optimization of the compaction 

equipment.  
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ABSTRACT 

For the Transpennine Route Upgrade East (TRUe), SYSTRA and the TRUe Alliance delivered three 

new flood balancing structures as a replacement to a failed culvert on the Normanton and Colton 

Junction Line. Geotechnical research into the cause of the culvert failure and geological investigations 

into this region of North Yorkshire, identified that dissolution of gypsiferous material and the presence 

of peat deposits had been causing the rail embankment (through which the culvert was constructed) to 

displace.  

Geological evidence indicates that a near-vertical brecciated pipe has formed to the sub-surface, 

allowing groundwater to rise and saturate peat and alluvial material above. This has resulted in the 

softening of superficial soils, causing settlement under the embankment weight. This culmination of 

geological phenomena resulted in the existing culvert to break. New structures had to be installed whilst 

keeping the line operational, meaning that launch and reception pits were excavated on either side of a 

Victorian-era embankment to allow for micro-boring. These works were undertaken away from the key 

geological hazards in order to reduce short and long-term risks to the railway, workers and public. The 

geotechnical solution of infilling the existing culvert and replacing with three new structures was 

completed during possession to minimise disruption, resulting in a successful engineering feat that 

pulled together multiple teams and organisations. This paper will present the scheme, the site’s 

geological occurrences, the engineering proposals and the collaboration involved to safely construct 

whilst keeping the line operational. 

1. NOTATION

ALL Alluvium: Silt and Clay overlying Gravel 

AOD Above Ordnance Datum 

BGS British Geological Survey 

EA Environment Agency 

EPS Expanded Polystyrene 

DTM Digital terrain model 

HEM Hemingbrough Glaciolacustrine Deposits (Vale of York Lake): Silt, Clay and Sand of Breighton 

Sands 

MASW Multichannel Analysis of Surface Waves 

NOC Normanton to Colton Junction Line 

PPM Parts per million 

TBM Tunnel Boring Machine 

TRU Transpennine Route Upgrade 

TSZ Track Support Zone 

2. INTRODUCTION

The TRU project is the improvement of the railway between York and Manchester in the UK, via Leeds 

and Huddersfield. Between Leeds and York, this project is referred to as TRUe, and is delivered by the 

TRUe Alliance. Part of the railway improvement includes electrification of the route, more frequent 

trains and more reliable journey times. NOC/23 is the name given to a flood alleviation structure, present 
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crossing the NOC Line, South of Ulleskelf, North Yorkshire. This is a brick twin-arch underline 

structure, estimated to be 179 years in age. The structure services the embankment situated within a 

floodplain monitored by the Environment Agency, and is located along the local project chainage at 

15,190m chains. 

Structural examination 

identified that the base of 

the culvert barrel on the 

eastern inlet is at a level of 

3.213mAOD, and that the 

western inlet level is at 

4.90mAOD. There is 

approximately 1.1m of 

cover from the underside 

of the sleepers to the top of 

the culvert on the western 

(Leeds Lines) side, and 

2.2m cover to the 

underside of the sleepers 

on the eastern (Normanton 

Lines) side. The structure 

no longer performs 

satisfactorily and is under 

constant remote 

monitoring. Significant 

fractures in the culvert 

barrel were surveyed and 

ballast top-up on the track 

above has been ongoing 

since the 1940s. This 1.7m difference in inlet level indicates that significant differential movement has 

occurred across the structure, resulting in its failure.  

The scheme remit was to repair or replace the flood alleviation structure in a way to maintain the flood 

balancing status quo within the region. Several options were considered to repair and/or replace the 

failed structure, including: 

- Option A - Installation of a singular culvert within the existing structure. 

- Option B - Installation of two culverts within the existing structure. 

- Option C - Installation of two culverts within the existing structure with an additional 1.5m 

diameter culvert outside of it. 

- Option D - Infill the existing structure and install three 1.8m (internal) diameter culverts. 

The selection of the most suitable option on the project was driven by the geological conditions present 

at the site, the requirement to provide minimum disruption to rail activity, and to provide cost 

efficiencies. The geotechnical input to this scheme was critical to establishing the most suitable option. 

3. GROUND CONDITIONS

The existing NOC/23 flood alleviation structure is located within a region of North Yorkshire referred 

to as Ulleskelf Mires. These mires are an area of elevated flooding risk, with natural grassland and 

woodland flooding seasonally. The Mires can be identified from aerial imagery and are visible on Figure 

1 aligning with the BGS mapped extent of Alluvium and Peat. 

Alluvium is mapped underlying NOC/23, suggesting its presence immediately below the railway 

embankment. Alluvium, comprising clays, silts, sands and gravels, is an unconsolidated detrital material 

deposited by bodies of water (i.e., by rivers or on their floodplains). The Alluvium is reported to 

potentially contain layers of peats, tends to be soft and is prone to compressibility. Underlying Alluvium, 

Figure 1: Site Location, with Superficial Geology (as mapped by the BGS 1:50,000 

WMS Layer) 
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and present from ground level in the area surrounding Ulleskelf Mires, is the Hemingbrough 

Glaciolacustrine Deposits. Of Devensian age, these are Vale of York soils deposited from part of the 

“Glacial Lake Humber” (Ford et al. 2008), appearing as a mainly grey and brown laminated clay with 

partings of silt and sand. Ground investigation undertaken in the wider North Yorkshire region estimates 

that this formation is up to 25m in thickness. A public report by the BGS for the Environment Agency 

(Burke et al. 2017) determines that the zone from Ulleskelf to Church Fenton has the lowest rockhead 

elevation levels within the region. 

Underlying the superficial deposits, the BGS maps the Roxby Formation. The Roxby represents the top 

of the Zechstein sequence in North Yorkshire, deposited in the Upper Permian. The Zechstein sequence 

dip gently eastwards, with the Roxby Formation weathered across its top. The formation comprises a 

calcareous and gypsiferous mudstone, with two significant sequences of gypsum. Within the middle of 

the formation’s sequence is the Sherburn Anhydrite/Gypsum (up to 8m in thickness) and at the base of 

the sequence is the Billingham Anhydrite/Gypsum (up to 4m in thickness). Based upon this preliminary 

review, two key geotechnical hazards were identified as potentially present and causing distress in 

NOC/23. These were the Peats within the Alluvium superficial soils, which have the potential to change 

volume considerably over time; and dissolution of gypsum within the deeper Roxby Formation resulting 

in vertical displacement within the subsurface. 

3.1. Previous Research – North Yorkshire Gypsum 

Gypsum (hydrated calcium sulphate) has the potential to dissolve resulting in the loss of volume in rock 

and in situ weathering of materials that it was originally held within. The dissolution of gypsum is 

dependent on the presence of groundwater and groundwater flow, with dissolved chemicals within the 

water having a bearing on the rate of dissolution.  

Cooper (2019) reports that the Sherburn Gypsum varies in thickness based upon public and commercial 

borehole records, with the variation in thickness being attributed to dissolution. It is suspected that 

cavities in the ground as a result of the dissolution is caused by jointing in rock, resulting in water 

supplied from underlying aquifers accessing the deposits. Caves are reported to have formed in relatively 

thin gypsum bands in the North of England, such as at the Vale of Eden (Ryder and Cooper, 1993). The 

Billingham Gypsum is not as well covered by boreholes, with evidence available to identify variation 

in thickness of gypsum being more sparse.  

As the key cause of underground dissolution is the passage of groundwater through deeper aquifers, an 

upward flow of water would be expected. This may be exhibited at the surface and observed as springs 

and boggy ground (i.e., Ullekself Mires). Historic BGS boreholes within the region demonstrate 

evidence of subartesian and artesian conditions, indicating a mechanism for the development of 

dissolution features. 

A further line of evidence that indicated the likelihood of dissolution occurring at depth within the region 

of NOC/23 was the presence of an elevated sulphate content within groundwater in historical boreholes. 

It is considered likely that any sulphate saturation would have resulted from the dissolution of Gypsum 

and rising upwards with groundwater flow. Research into this, by Cooper (2019) reviewed available 

borehole records surrounding NOC/23, identifying the following: 

- BGS borehole SE53NW3 (at Church Fenton) reports historical records from Prof Kendall’s 

notebook, page 107, that encounters artesian water that is “… safe perhaps, but evidentally 

charged with sulphates”. 

- BGS borehole SE53NW2 (at Church Fenton) noted spring water within the vicinity. Analysis 

of the spring water identified an elevation in calcium sulphate (1570ppm). 

- BGS borehole SE53NW7 (1km southwest of NOC/23) yielded artesian water. 

- BGS borehole SE53NW82 in Ulleskelf drilled to 320ft (approximately 97.5m) identified 

gypsum and poor-quality water. The borehole notes that due to the quantity of chlorides, nitrates 

and total solids, that this water was unfit for domestic use.  

- BGS borehole SE53NW1B yielded water within 3700ppm solids, of which 1845ppm were 

sulphate and calcium carbonate. This borehole also penetrated gypsum and anhydrite. 
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- BGS borehole SE53W92 (1km to the west of the Site) yielded artesian water, containing 

1500mg/l of sulphate and 592mg/l of calcium. 

Based upon the above, dissolution of the Sherburn Gypsum is considered to be widespread, however is 

likely concealed (Cooper 1986) as a result of infilling of cavities and pipes with superficial soils. It was 

therefore considered a critical risk to the NOC/23 site and a potential cause of the failure of the structure. 

Given that the existing structure is located within Ulleskelf Mires, a particularly boggy region, the 

upward rising of groundwater was considered likely to be occurring at the Site. 

The revised 1:10,000 Scale BGS map 

SE53NW, compiled by Cooper (2000) 

shows large areas of Alluvium and Peats 

(see Figure 1) that are likely gypsum 

subsidence features. The Department of the 

Environment gypsum subsidence study 

(Thompson et al. 1996) maps subsidence 

features from air photographs, illustrating 

sinkholes in the area north of Church 

Fenton. Based upon the Environment 

Agency Open-Source LiDAR datasets, 

mapping provided at Figure 2 shows the 

region of NOC/23 to be generally flat, 

however shows a depression, likely 

attributed to subsidence (orange), at 

NOC/23 and Ulleskelf Mires. Cooper 

(1986) identifies a similar pattern of 

hollows in subsidence surface patterns as a 

result of confirmed dissolution locations at 

Ripon. They are interpreted as 

amalgamated hollows, whereby 

subsidence occurs as a result of the first 

hollow collapsing the underlying cave, 

resulting in water flow to adjacent gypsum veins, allowing the subsidence area to grow.  

3.2. Ground Investigation 

A combination of multiple methods of ground investigation were undertaken within the vicinity of the 

Site, and along the majority of the Transpennine railway route as part of wider TRUe delivery works. 

Specific to NOC/23, ground investigation was undertaken on and off track by both intrusive and non-

intrusive methods. 

Seismic surveys were undertaken by P Wave and Shear Wave, and individually plotted (see Figures 3 

and 4). The P Wave tomographic model indicates that from approximately chainage 15,160m, a 

gradually deepening zone of lower P Wave velocity, compared with the subsurface profile to the north 

(down chainage). A similar, but clearer trend is shown in Figure 4, whereby S Wave velocity is 

considerably lower in a conical shape around the location of NOC/23 (labelled as an underbridge on 

Figures 3 and 4).  

The conical shape of the structure identified within both P Wave and S Wave plots align with the shape 

of an expected brecciated pipe that would occur as a result of dissolution of Gypsum within the Roxby 

Formation. These surveys supplemented research to provide evidence that the site is the location of a 

dissolution hazard. Based upon the above, gypsum is thought to have dissolved at depth, below -

10mAOD, and has been infilled by overlying superficial stratum. This superficial stratum is thought 

likely to be softened further by subartesian water flow, responsible for the lower velocity of seismic 

waves. It would appear, based upon the seismic profiles that the northern boundary of the brecciated 

pipe is between 15,140m and 15,180m, with the southern boundary not established by the survey.  

Figure 2: 1m LiDAR DTM dataset of Ulleskelf Mires, North 

Yorkshire (reproduced from the EA dataset, UK GOV) 
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Figure 3: P Wave Refraction Tomographic Model (Left) and S Wave Velocity Model (Right), reproduced from integrated 

results of geophysical survey for TRU East of Leeds 

Intrusive surveys identified an increase in embankment thickness around NOC/23. Holes drilled through 

the embankment around NOC/23 identified Made Ground at up to 8m thick in several places. This is 

considered to likely be due to embankment subsidence, resulting in ballast level top ups and 

embankment renewals to maintain rail level over its life. Boreholes undertaken in the vicinity of the 

extent of the brecciated pipe (as mapped on Figure 3 S Wave Velocity Model) identified organic clays 

and peats. In-situ SPT testing determined this material to be very soft, with majority of values ranging 

between 0 and 3. Looking spatially, to develop a 3D understanding of the extent of the peat deposits and 

potential shape of the brecciated pipe across track, peat levels significantly deepen towards the east side 

of the railway. This thickening of peats on the east side of NOC/23 provides a mechanism for the 

differential failure of the structure, as this side has the lower inlet level of 3.213mAOD, compared to 

4.90mAOD on the west.  

Off the brecciated pipe, and at depth, especially at Ch. 15,100m, the Vale of York deposits were 

recovered principally as the Hemingbrough Glaciolacustrine Clay. These laminated clays often included 

sand lenses and showed a clear trend of increasing strength with depth upon review of in-situ testing. 

Several boreholes encountered groundwater during drilling. Shallow water strikes did not rise and 

appear to be perched within sand lenses earlier identified. Two exploratory holes, C15180/05 and 

C15200/01, undertaken in the centre of the brecciated pipe, struck water between 13 and 14mAOD. 

Water rose in these holes after 20 minutes by approximately 12m, indicating deeper water tables 

exhibiting subartesian conditions. 

4. CONSTRUCTION CONSIDERATIONS

4.1. Optioneering and Constraints 

The research and geotechnical investigation undertaken provided strong evidence for the cause of the 

serious distress occurring within NOC/23. It is thought that the presence of a brecciated pipe, formed as 

a result of dissolution of gypsum within the Sherburn Gypsum of the Roxby Formation, has resulted in 

an upward propagation of groundwater flow and subsidence of overlying superficial soils into the pipe. 

It is likely that this process is ongoing, and as a result, vertical displacement of the entire rail 

embankment network is occurring. This is exacerbated by the presence of peats, generated by the 

brecciated pipe, which vary in thickness, and are likely the cause of differential displacement of the 

existing structure. 

Reconstruction of NOC/23 was ruled out by the TRUe Alliance based upon the geotechnical hazards 

identified at the site. It was considered that due to the widespread nature of the brecciated pipe, that 

reconstruction would likely result in similar failures occurring, and that ground improvement would be 

extensive and expensive. Moreover, this hazard is impacting the wider rail infrastructure, not just 

NOC/23, and any effort to stabilise a reconstructed flood alleviation structure (by piling to mitigate some 

of the vertical displacement) would still result in differential movement of the track. This may cause an 

effective “hard-spot” whereby track deflections would require continual monitoring to avoid potential 

derailments. 
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Geotechnical effort in the research of the hazards and cause of the structure failure was fundamental in 

driving a preferred option of constructing off of Ulleskelf Mires. Construction of the new flood 

balancing structures (replacement culverts) needed to consider impacts to the rail infrastructure. The 

first option considered was top-down approach, whereby the embankment would be stripped back, 

culvert sections installed, and the embankment and railway reinstated. This would require closing the 

rail route by blockade. Possession of the railway would only potentially be available during the public 

holidays of Christmas and Easter, however, would likely require further possession times. Possession 

outside of these time periods were estimated to cost an additional £1 million, with added disruption to 

passengers, freight and the local economy.  

The three culverts were proposed to be constructed as precast concrete pipes, installed by trenchless 

methods. 

4.2. Proposed Structure Solution 

The three new culverts of 1.8m diameter internal width had a proposed invert level of 4.9mAOD. New 

structures were assigned the names NOC/22C, NOC/22D and NOC/22E, and were located at local 

project chainages 15,111m, 15,121m and 15,131m respectively. This would site them off of the 

identified brecciated pipe, and off of recovered peat soils. Cover to new pipes varied across the 

embankment width, with the lowest amount of cover at NOC/22E below the Up Normanton Line 

(eastern most lone) of 1.634m. Each culvert would be 23.45m in length, a distance selected to ensure 

minimum tunnelling distance and time, whilst ensuring track support zones were stabilised both before 

and after jacking. 

To facilitate pipe jacking, the launch pit was proposed on the east (Normanton) side of the embankment, 

with a 7.0m wide pit proposed. The reception pit on the opposite side to the track would be 4.0m in 

width. Each pit would be constructed by sheet piles in the temporary cases, with the concrete channel 

cast against this for the permanent case to allow for conversion to a drainage ditch to allow for flow of 

water to the south where ground level lowers. 

Figure 4: Extract of cross section, showing one of the proposed culverts (NOC/22E), against natural ground levels and 

existing embankment setting 

With a proposed invert level of 4.9mAOD, proposed drainage channels/pits on either side of the 

embankment would require excavation from natural ground levels by approximately 3.5m. As the 

embankment was wider than the proposed culvert length of 23.45m, excavation of channels and pits 

would result in dig out of the toe of the embankments on both sides. It was noted that, when accounting 

for overdig in the worst-case, this would mean that sheet piles in the temporary case would need to retain 

5m of railway embankment and underlying natural ground. In the temporary case, propping was required 

to support excavations during tunnel installation and channel formation.  

As the existing rail embankments are of Victorian Era age and are life expired, global stability checks 

in the permanent and temporary cases were required to determine that change in use would not have a 

detrimental impact. Findings of the stability assessment advised that not only was propping necessary 

in both the permanent and temporary cases to keep pits and channels open, but also that sheet piles 



301 

would need to be of necessary length to prevent failure planes generating as a result of unloading of 

slope toes whilst excavating channels.  

4.3. Existing Structure Solution 

With the proposed replacement structures to the north, NOC/23 can be abandoned. However, there is a 

risk that abandoning without remediation may eventually result in catastrophic and ultimate failure of 

the structure, which poses a serious risk to track stability. Any intervention may inadvertently result in 

accelerated vertical displacement by settlement however, which again would also result in in track 

deflections. The proposal made by the geotechnical team was to infill the structure with a lightweight 

fill (i.e., a polystyrene). Design checks were required to inform differential settlements between the 

structure and the surrounding embankment, as well as an assessment of the long-term structural integrity 

of the culvert.  

EPS blocks selected for use have a lower density than alternative infill materials, such as foamed 

concrete, making it the preferable option to reduce magnitudes of settlement. The settlement calculation 

undertaken was to provide guidance of likely displacement as a result of infilling to advise Network Rail 

in their monitoring efforts of the line. With the addition of an EPS, consolidation was estimated to be 

10mm on both sides of the existing structure, compared to surrounding embankment movement.  

5. CONSTRUCTION, MONITORING

AND CHALLENGES 

The construction of the new structures 

took place during the summer months of 

2023. Construction commenced with 

both the launch and reception pits. 10.0m 

long sheet piles were installed to a toe 

level of -0.90mAOD comprising L605 

grade (PU22-1/GU21N) sheets. Two 

frames were specified for the opening of 

pits, MP150 struts were installed in both 

pits. 

Once culvert openings were cut through 

sheet piles and headwalls cast, the three 

mini TBMs, Nicola, Kathryn and Emma, 

were lowered into the launch pit. During Week 21, the three culverts were jacked simultaneously 

beneath the railway, the first time that this feat had been achieved in the United Kingdom. Tunnel 

designers considered there to be a significant risk of works inducing settlement to the overlying track. 

There was less than 1.7m cover below the railway tracks, and the risk was deemed very high. Extensive 

remedial works were required to maintain track geometry, which was monitored and rectified during the 

possessions. Contingencies were put in place within construction possession to action remediation and 

reinstatement based on hazards identified. 

Pre-possession, the first two culvert sections were installed at each location (NOC/22C, NOC/22D and 

NOC/22E) from the launch pit side. These segments were installed up to the TSZ for the Up Normanton 

Line, which remained open until 01:00am on Saturday 19th August 2023. For the next 23 and ½ hours, 

the two Normanton Lines were blocked to all rail traffic (with all traffic sent down the Leeds Lines), 

allowing for the progression of the TBMs through the Normanton TSZ to install the next three culvert 

segments at each location. On Sunday 20th August 2023, both the Leeds Lines and the Normanton Lines 

were blocked from 00:30am and the TBMs were progressed through the overlapping TSZ’s of both 

lines. There was a 7 hour and 15-minute window to install two culvert segments within this section. 

From 07:45am, the Normanton Lines were re-opened to all rail traffic. With TBMs outside of the 

Normanton TSZ, there was a 21 hour and 15-minute blockade on the Leeds Lines to install remaining 

Figure 5: Launch Pit, during operation of railway 
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culvert sections. By Monday 21st August, at 05:00am, the Leeds Lines were repaired of any 

misalignments and all lines were fully re-opened to traffic.  

The construction of the three tunnels was only possible due to the extensive contingency plans put in 

place. The two northern most culverts were progressed solely by TBM cutting faces, however the 

southern encountered clayey sandy soil, within the variable embankment make-up. This material was 

not conducive to being removed by the cutter head, and handheld breakers facilitated the removal of 

material which the cutter face could not dig. The contingency was acted upon and completed within the 

possession timeframes.  

6. CONCLUSIONS

The distress and failure of the NOC/23 flood alleviation structure highlighted the impact of geological 

hazards present in North Yorkshire on the existing rail network. Preliminary geological assessments 

identified that the hazards of dissolution and peats are mechanisms for the vertical displacement of assets 

within the region. 

Historical research in the wider region reported on the known presence of gypsum within the bedrock 

geology of the Roxby Formation. Evidence collated identified: 

- Vertical displacement evidence in LiDAR imagery and topographical surveys, resulting in 

mappable sunken features at the surface, 

- Historical borehole records encountering the Sherburn Gypsum, especially within the region of 

between Church Fenton and Ulleskelf, 

- The elevation of sulphate particles within groundwater recovered from boreholes and wells 

within the wider site vicinity, and 

- The mechanism of subartesian and artesian groundwater conditions rising up through 

dissolution features to saturate overlying superficial soils, often resulting in bogging and peat 

formation within near-surface soils. 

Ground investigation tailored to identify these hazards dovetailed research findings, providing strong 

evidence to confirm the presence of a brecciated pipe below NOC/23 resulting in embankment 

displacement, along with the presence of thick layers of highly compressible peat. 

Effective collaboration between multiple disciplines, and design and construction teams allowed for the 

proposal of an effective remedy, with geotechnical input critical in optioneering replacement structures 

off of the dissolution feature. Multidisciplinary interface developed a solution that saw the first 

simultaneous triple pipe jack beneath the railway in the UK. The solution allowed for construction 

without full closure of the line, minimising disruption to the public, freight traffic and the economy. 

This approach reduced carbon output and waste when compared to a potential cut/fill approach. The 

project also had a net biodiversity gain, with a 10% increase in trees planted as a result of site planning. 

All works undertaken were delivered within agreed possession arrangements, lines were fully reopened 

without delays and all core works were completed within agreed budgets.  
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Reliability verification of the semi-probabilistic design of crane mats for the 

geotechnical stability of foundation machines at the construction site 
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ABSTRACT 

The Dutch publication CUR689 describes a method for the geotechnical stability of foundation 

machines. The method is based on foundation calculations in accordance with Eurocode 7. This paper 

presents the reliability analyses that have been carried out to determine whether a sufficiently safe 

designs will be realised with this method and the partial load and material factors from Eurocode 7. We 

conclude that sufficiently safe designs can be realized with the current rules, but we also note that the 

current factors do not optimally match the uncertainties that are dominant for the bearing capacity of the 

foundation machines. We recommend using the results of this study to adapt the Eurocode 7 NEN-EN 

1997 and the Dutch standard for existing geotechnical structures NEN8707 in the future. 

KEYWORDS 

Foundation Machines; Reliability Analysis; Code calibration; Eurocode 

1. INTRODUCTION

As engineers, we are tasked with the responsibility of designing safe structures. In addition, we should 

pay attention to the safety during construction. As pile foundations are typically installed in situations 

where the soil has limited bearing capacity, additional measures are often needed for the soil to bear the 

weight of the pile driving machinery. This is particularly the case for the weak soils of the western 

Netherlands, where nearly each building has a pile foundation. In practice, timber crane mats are often 

used to distribute the weight of the machine to have sufficient bearing capacity of the subsoil.  

In practice, the design of the timber crane mats is based on shallow foundation calculations from 

Eurocode 7 in combination with a load model demonstrated in the Dutch guideline CUR689 (CROW, 

2017) to account for the effect of various eccentric horizontal and vertical loads that can act on a pile 

driver. The cumulative load effect on the crane mats is a vertical gravity load and an overturning 

moment. This load is typically schematized by a vertical load with a shifted center of gravity (CoG), 

compared to the centerline of the machine. The shifted CoG reduces the effective width over which the 

crane mats can transfer the load to the subsoil, reducing the effective bearing capacity. Because this 

loading situation is rather unique, it remains unclear whether crane mats have enough bearing capacity. 

This paper evaluates the reliability of the semi-probabilistic design of foundations for foundation 

machinery with the partial factors for new structures in Eurocode 7 (CEN, 2007). However, as these 

foundations are typically temporary of nature, designers might consider choosing a lower level of 

reliability than for new structures. Note that such choice always requires consultation with the competent 

authority. The Dutch code NEN8707 (NEN, 2023) specifies target reliabilities for disapproval and 

renovation of existing structures. The lower limit is the ‘disapproval level’ offering a minimum human 

safety (an acceptable individual risk), and a little higher reliability for ‘renovation’ situations, where the 

additional costs for a safer design are efficient and proportional. To explore the applicability of the 

partial factors of rebuild and disapproval (NEN8700), we also considered these sets.  
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This paper first outlines the general approach and the methods used for probabilistic calculation, the 

load model, and the foundation calculation in the second section. Then, the third section goes into the 

case studies of which the results are discussed in the fourth section. The paper concludes with the general 

findings and recommendations from this study. 

2. METHOD

2.1. General approach 

The analyses aim to assess whether the current set of load factors, in conjunction with the calculation 

method outlined in CUR689, provides adequate safety or results in undesirable over-designing. We 

compare the achieved reliability using three different sets of partial factors: new construction (NEN-

EN1997-1), renovation, and disapproval (both NEN8700/7). Note that these classes only exist in the 

Dutch code (NEN-EN1997-1) and are not part of the Eurocode. The reliability of a design with these 

load factors is expected to, on average, meet the target failure probability (reliability index) for the 

specific situation. These target reliability indices are specified as requirements in Eurocode 0 (CEN, 

2002) and are presented in Table 2. 

The core of the approach is to design the size of the foundation using the semi-probabilistic partial 

factors, and then verify the reliability of this design in a probabilistic analysis. To that end, we vary the 

length of the timber crane mats such that the semi probabilistic unity check reaches the value of 1.0. 

Then a probabilistic calculation is made, for that length, to obtain the reliability index of the design, 

which is then compared with the intended reliability target. To cover different variations in conditions, 

9 cases were selected as typical combinations of a type of foundation machine (light, medium, heavy), 

and soil conditions (clay, weak clay, and sand). This approach is shown in Figure . 

Therefore, the goal of the above analysis is not to derive the optimal set of partial factors as that would 

require more variations and optimization. Nonetheless, the analyses provide insight into which set of 

partial factors and/or calculation values are more efficient, and thus which adjustments are useful. 

Figure 1. Set of analysis for every set of partial factors (new, renovation, disapproval) 

2.2. Load model of the weights and forces of the machine 

As already introduced in the first section of this paper, the CUR689 methodology is utilized to determine 

the vertical and horizontal resultant loads and their eccentricities. Loads such as the machine’s own 

weight, external loads, and wind forces are individually calculated. The total overturning moment is 

converted to an eccentrically placed resultant of the vertical load (red arrow in Figure 2). The calculation 

considers the eccentricity of the machine and wind direction. A local coordinate system (x, y, z) is used 

for calculating forces above the slew bearing, while a global coordinate system (X, Y, Z) is used for the 

total resultant on the crane mats for the convenience of the calculation. 
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Figure 2. a) Local and global coordinate system; b) overview of the different load components (grey arrows) 

of the foundation machine and the resulting eccentric vertical force (red arrow) 

2.3. Bearing capacity of the foundation (timber crane mats) 

The bearing capacity of the soil beneath the timber crane mat is calculated using Eurocode 7 for shallow 

foundations. The bearing capacity of the foundation or Rd is calculated using formula (1).  

𝑅v,d = 𝜎max;d 
′ × 𝐴′, (1) 

where Rv,d is the design value of the component of the bearing capacity perpendicular to the foundation 

surface; σ’max;d is the design value of the maximum foundation pressure on the effective foundation 

surface, in kPa and A’ is the effective foundation surface, in m². The effective foundation surface is 

dependent on the eccentricity of the vertical resulting force (both in the length and the width). 

2.4. Limit state 

The unity check (u.c.), (2) for the (semi-probabilistic) design consists of comparing the calculated value 

of the vertical load (𝐸v,d, Effect) with the calculated value of the maximum vertical load (𝑅v,d,

Resistance). In general, a design should have a unity check smaller than 1.0. To achieve this condition, 

the length of the timber crane mats is modified until u.c.= 1.0 is reached.  

𝑢. 𝑐. =
𝐸v,d

𝑅v,d
≤ 1.0. (2) 

In a failure probability calculation, the loads and strengths are modelled as stochastic variables 𝑿 (using 

probability distributions for each load and strength). For any combination of parameters, failure occurs 

when the load exceeds the strength. To account for the possibility that the bearing capacity calculated 

by the simplified model deviates from the actual capacity in practice, the outcome is multiplied by a 

model uncertainty factor 𝑚. The above is modelled using a limit state function Z (equation (3)), where 

a value lower than 0 indicates failure. 

𝑍(𝑿) = 𝑅𝑣,𝑑 ⋅ 𝑚 − 𝐸𝑣,𝑑 (3) 

where 𝑅𝑣,𝑑 is the load-bearing capacity and 𝐸𝑣,𝑑 the load effect. Both depend on the stochastic

parameters in 𝑿. The failure probability 𝑃𝑓 is then equal to the probability that Z becomes smaller than

0, which is defined by equation (4) where 𝑓𝑿(𝒙) is the probability density function of 𝑿.

a) b)

crane mat
length
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𝑃𝑓 = ∫ 𝑓𝑿(𝒙)𝑑𝒙
⬚

𝑍(𝑿)<0
. (4) 

The failure probability in this study is estimated using the First Order Reliability Method (FORM). The 

reliability index and failure probability can be converted into each other using the inverse of the 

cumulative standard normal distribution (-1). 

𝛽 = Φ−1(1 − 𝑃𝑓) (5) 

𝑃𝑓 = Φ(−𝛽) (6) 

3. CASE STUDIES

3.1. Introduction 

The information provided in this study is based on available data and a limited number of cases. It is 

essential to recognize that determining the loads and centre of gravity positions of the foundation 

machines can be a challenging task. The accuracy of the results depends on various factors, including 

the quality of input data, assumptions made during modelling, and uncertainties inherent in the process. 

Therefore, users should exercise caution and consider the limitations when interpreting and applying the 

findings presented in this paper. 

3.2. Case description 

Three foundation machines used for different purposes were considered (37, 100, and 275 tons), along 

with three simplified soil profiles (weak clay, clay, and sand; see Table ). These nine combinations cover 

various practical scenarios. In the failure probability calculation, uncertainties in loads and strength were 

considered. Firstly, the uncertainty of the soil properties and groundwater level. Secondly, the 

uncertainty of the annual maximum wind load. Thirdly, expectation values and uncertainties of weights 

and center of gravity eccentricities for various machine components were determined in consultation 

with an experienced foundation machine designer. 

Some uncertainties are modelled as correlated stochastic variables, such as the center of gravity positions 

of the mast, mast head, hammer, cap, and pile. Furthermore, we chose fixed values for the eccentricity 

of the machine on the crane mats (0.75 m), and a rotation of the upper carriage of 15°. As the hoist load 

can also be inclined, e.g. when hoisting a foundation pile, we assumed an angle of 35° relative to the 

vertical, and the probability of an angle > 45° being less than 5%. 

Table 1. Applied subsurface schematizations. 
Subsoil profile 1: clay, weak Subsoil profile 2, clay Subsoil profile 3, sand 

< 0.0 m- mv.* Sand, loosely packed < 0.0 m- mv.* Sand, loosely packed < 0.0 m-mv.* Sand, loosely packed 

γsat;d = 15.5/17.3 

kN/m3 

γsat;d = 15.5/17.3 

kN/m3 

γsat;d = 15.5/17.3 

kN/m3 

f’d = 26.7o f’d = 26.7o f’d = 26.7o 

< 1.0 m- mv.* Clay, weak < 1.0 m- mv.* Clay < 2.0 m- mv.* Sand, medium packed 

γsat;d  = 12.7 kN/m3 γsat;d  = 12.7 kN/m3 γsat;d  = 18.2 kN/m3 

su;d = 7.2 kPa su;d = 12.0 kPa f’d = 29.0o 

< 15.0 m- mv.* Sand, medium packed < 15.0 m-mv.* Sand, medium packed < 15.0 m- mv.* Sand, medium packed 

γsat;d  = 18.2 kN/m3 γsat;d  = 18.2 kN/m3 γat;d  = 18.2 kN/m3 

f’d = 29.0o f’d = 29.0o f’d = 29.0o 

Groundwater 

level 

0.8 m- mv. Groundwater 

level 

0.8 m- mv. Groundwater 

level 

0.8 m- mv. 

*) mv. refers to the Dutch word ‘maaiveld’ representing the surface level. The values presented are thus relative depths below the ground level. 
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3.3. Target reliability and partial factors in EC7 

The target reliabilities and the prevailing partial factors used for the calculation are shown in Table . As 

it is not prescribed which loads on the crane are to be considered permanent and variable, we assumed 

the weights of the crane to be permanent loads, and the other loads acting externally to be variable loads 

(and wind as wind load).  

Table 2. Target reliability and partial factors in from EC7 and NEN8707 

Reliability class Consequence 

class 
Reliability index 𝛽T 

(wind not dominant) 

Partial factor for load 

Permanent 

load 

Wind 

load 

Other variable load 

Design of new 

structures (tref = 50 

years) 

CC1 3.3 1.20 1.35 1.35 

CC2 3.8 1.35 1.50 1.50 

CC3 4.3 1.50 1.65 1.65 

Renovation of 

existing structures 

(tref = 15 years) 

CC1 2.8 1.15 1.20 1.10 

CC2 3.3 1.25 1.40 1.30 

CC3 3.8 1.30 1.60 1.50 

Disapproval 

existing structures 

(tref = 15 years) 

CC1 1.8 1.00 1.10 1.05 

CC2 2.5 1.10 1.30 1.15 

CC3 3.3 1.25 1.50 1.30 

4. RESULTS

4.1. Results of the crane mat design 

In Figure 3, the calculated lengths of the crane mat lengths are shown. From the results a large variability 

appears in the designed length, depending on the loads and eccentricities, ground profile, consequence 

class and reliability level.  

Figure 3. Required lengths of timber crane mats 

The main observations from the results are: 

- The longest timber crane mats are calculated with the design rules for new structures. 

- Machines that are situated on sand show small differences in calculated crane mat length. 

- The differences between the crane mat lengths of different reliability classes are small because 

the factors differ not so much between the reliability classes, whereas the load bearing capacity 

is independent of the reliability class. 

- Differences in crane mat lengths are primarily caused by differences in the eccentricity of the 

resulting load. For example, the 275-ton machine is relatively stable with a relatively small 
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eccentricity compared to the 100-ton machine which has a larger overturning moment and 

eccentricity due to the relatively large horizontal component of the hoist load. 

- Higher machine weight positively affects centre of gravity eccentricity and effective foundation 

surface. This results on average in shorter required lengths of the crane mats. 

4.2. Results of the reliability analysis 

The required lengths of the crane mats (Figure 4) are used as fixed value within the probabilistic analysis, 

and Figure 6 displays the realized reliability indices. The green lines represent target reliability (βT, 

Table ), indicating successful achievement in nearly all calculations for both new construction and 

renovation levels. Notably, average failure probabilities per consequence class meet requirements. 

Figure 4. Reliability index of all investigated case studies 

The calculations furthermore reveal the impact of uncertainties of the various parameters on the failure 

probability. The uncertainty of ground bearing capacity is consistently dominant, increasing with 

machine weight (35-70% on clay, 10-40% on sand). Combined effects of overturning moments (loads 

and eccentricities) inversely correlate with machine weights, indicating a positive influence on 

geotechnical stability. Model uncertainty significantly varies (2-17%) and is not negligible. Note that 

wind pressure uncertainty minimally affects the failure probability (due to truncated probability 

distribution), however its contribution to the eccentricity is in some cases substantial.  

Figure 5. Contributions of influence factors 

4.3. Case-specific partial factors 

Some of the cases exceed the required reliability level (for example the disapproval level for all cases 

considered). This implies that the current set of load and material factors are not optimal. Ideally these 
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factors would be adjusted to achieve the target reliability for each design calculation. In this part of the 

study, case-specific (optimal) partial factors were calculated based on the influence factors of all 

parameters, and the target reliability for the different classes. The required material factors (partial factor 

on resistance, i.e. soil properties) have been calculated as follows: 

𝛾𝑅 =
𝑅𝑘

𝑅𝑑
=

𝜇𝑖⋅(1−𝑍𝑖⋅𝑉𝐶𝑖)

𝜇𝑖⋅(1−𝛼𝑅,𝑖
∗⋅𝛽𝑇⋅𝑉𝐶𝑖)

(7) 

A similar formulation applies for the calculation of the partial factors for loads: 

𝛾𝑆 =
𝑅𝑑

𝑅𝑘
=

𝜇𝑖⋅(1−𝛼𝑠,𝑖
∗⋅𝛽𝑇⋅𝑉𝐶𝑖)

𝜇𝑖⋅(1−𝑍𝑖⋅𝑉𝐶𝑖)
. (8) 

The calculated case-specific factors for the most important parameters are shown in Figure 6. The first 

observation is that the partial factor for the weight of the upper and lower wagon is smaller than 1.  It 

appears that a heavier carriage is favorable for the safety, since the effect of an increase of the effective 

foundation area is larger than the effect of an increase of the load. The factor lower than 1,0 is in line 

with EC7 where favorable loads should be factorized by 0,9 rather than 1,2. However, in the CUR689 

regulations this distinction is not made.  

Generally, the optimal partial load factors are lower than what is prescribed in the Eurocode, however, 

a reduction might only be possible when compensatory adjustments are made in material factors for soil 

properties and in how we address model uncertainty. The optimal partial factors for model uncertainty 

were found between 1,0 and 1,2, whereas it is currently not specifically addressed by the Eurocode.  

Another observation is that the case-specific partial factors for the friction angle is lower than currently 

in the Eurocode; in other words, the Eurocode is conservative in this regard. For the undrained shear 

strength, this is not the case. Because this uncertainty is dominant in our calculations, then case-specific 

necessary partial factor is quite high (for the design and renovation class). A strong dependency of 

material factors on the reliability level is found here.  

Figure 6. Case-specific partial factors for loads and materials. The prevailing factors from NEN-EN1997 are 

indicated by horizontal stripes 

Weight ballast block aggregate

Weight upper wagon

Weight lower wagon

Horizontal pull force

Model uncertainty factor

Undrained shear strength of clay

Unsaturated unit weight loose sand
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Friction angle loose sand

Friction angle sand
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5. CONCLUSION

The analyses show that sufficiently safe designs can be realized with the current rules, i.e. the partial 

factors in EC7, for the considered cases. To generalize these conclusions, more different cases are 

needed. The results also show that the partial factors for the disapproval level might meet the lower limit 

for human safety in terms of structural safety (disapproval level in the Dutch NEN8700). Although the 

Dutch law prescribes the EC7 rules for new structures, such a higher reliability level would only be 

justified if the associated additional costs are proportional. With short-term foundation work, this is not 

always the case. If a designer wants to base on the disapproval level, one should discuss this with the 

competent authority. 

Furthermore, the results show that the current load and material factors do not optimally match the 

uncertainties dominant for the bearing capacity of the crane mats under the eccentric loads of the 

foundation machinery. The results imply that there is room for lowering the partial factors for the loads, 

while simultaneously increasing the material factor for undrained shear strength. On balance, this would 

lead to more uniform reliability and on average shorter crane mats to be required.  

Also, the results show that: 

- a project-specific failure probability analysis can provide a tailored solution in case the current 

factors do not result in a practically realizable design;  

- the target reliability is substantially exceeded in a number of cases; this implies that the current 

sets of load and material factors are not optimal;  

- the model uncertainty has a relevant influence on the reliability, while this is not considered in 

the standards; we recommend that this aspect be considered in future modifications of 

NEN9997-1 and NEN8707. 

Finally, to ensure safety, it is important that temporary foundations are reliably designed, and executed 

as such. Insufficient attention to design can lead to potentially dangerous situations. Design calculations 

with the correct assumptions and load factors, as well as supervision on the construction site, are crucial 

here. Furthermore, all above aspects are also relevant to ensure safety in other temporary structures and 

structures. 
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Predictive modeling of sandy subgrade soil’s resilient modulus using cyclic and 

static triaxial test variables and results  
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ABSTRACT 

To design a pavement the mechanical properties of it need to be determined, one of them is the resilient 

modulus (Er), which is a measure of the ability of a material to resist deformation under repeated loading. 

The prediction of resilient modulus using different types of parameters is a well-known and commonly 

used practice. Three static and one cyclic triaxial tests were conducted with variously graded sand (SP) 

and the same type and number of tests were conducted with the well-graded sand (SG). Two 

dependencies were observed during the analysis of the tests results: 1) the power dependency between 

the resilient modulus and a ratio of maximum and minimum values of deviatoric stress, and 2) natural 

logarithmic dependency between the ratio of resilient modulus to maximum and minimum values of 

deviatoric stress, and a ratio of secant modulus from the static triaxial tests to a maximum and minimum 

value of deviatoric stress. Developed prediction dependencies showed a good agreement compared to 

the resilient modulus values received from the direct test results. 

KEYWORDS 

Resilient modulus; cyclic triaxial test; static triaxial test; predictive models; sand. 

1. INTRODUCTION

To design a pavement the mechanical properties of it need to be determined, one of them is the resilient 

modulus (Er), which is a measure of the ability of a material to resist deformation under repeated loading 

(Transportaions officials, 1993; Transportaions officials, 2008; EN 13286-7, 2004). It provides a 

measure of the stiffness of the pavement material and its ability to resist rutting and fatigue (Behiry, 

2012; Sas et al., 2016), so it is commonly used in the design of flexible pavements. There are several 

factors affecting the resilient modulus such as the type and amount of loading, the temperature, and the 

moisture content of the material (Jin et al., 1994; Filotenkovas and Vaitkus, 2022). The cyclic triaxial 

pressure tests are performed in the laboratory to determine the resilient modulus. These tests are difficult 

to perform due to several reasons, such as the duration of the tests, expensive equipment, and a need for 

highly qualified specialists which makes these tests relatively expensive (Tamošiūnas and Skuodis, 

2023; Tilti et al., 2006). To solve this issue a predictive modeling of resilient modulus has been 

introduced (Tamošiūnas et al., 2022; Fathi et al., 2021; Pahno et al., 2021). The purpose of this research 

work is to find the dependencies between soil parameters that were used and received during the static 

and cyclic triaxial test campaign and the resilient modules that were received after the performance of 

the cyclic triaxial tests.  

2. TEST PROCEDURE

To determine the secant modulus (E50) the static isotropic consolidated drained (CD) triaxial 

compression tests were conducted for every type of soil according to the procedure described in LST 

EN ISO 17892-9. Three different values of confining stress σ3 were applied during the consolidation 

and loading phases: 20 kPa, 50 kPa, and 70 kPa. To determine the resilient modulus the isotropic 

unconsolidated drained cyclic triaxial tests were performed according to the low-stress test program 

provided in EN 13286-7 (method B), which was adjusted using three different values of confining stress, 
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20 kPa, 50 kPa, and 70 kPa, the same values as for static isotropic consolidated drained triaxial 

compression tests. The minimum value of the deviator σd was fixed at the limit of 10 kPa due to the 

limitations of the test apparatus. The number of cycles and the maximum deviator stress for a particular 

state of specimen loading are described in Table 1. The loadings of the specimen were performed at a 

frequency of 1 Hz with data recording intervals ranging from 100 to 150 times per second. Conditioning 

of specimens was performed with 20’000 periodic cyclic loadings at the same frequency of 1 Hz with 

variable stress deviator ranging from 10 to 200 kPa as described in EN 13286-7 (lowest 10 kPa stress 

deviator was applied due to limitations of the equipment). The dimensions of the samples for static and 

cyclic triaxial tests were the same, 100 mm in diameter and 200 mm in height. Both types of tests were 

performed using Wille Geotechnik cyclic triaxial apparatus.  

Table 1. Test program for cyclic triaxial test after the conditioning phase 

Confining stress σ3, kPa 
Deviator stress σd, 

kPa 

constant min max 

20 10 20 

20 10 35 

20 10 50 

20 10 70 

50 10 50 

50 10 70 

50 10 90 

50 10 120 

50 10 160 

70 10 70 

70 10 90 

70 10 120 

70 10 160 

70 10 200 

3. MATERIALS

Static and cyclic triaxial tests were performed with two types of soils which were classified according 

to the LST 1331 standard. The first one is variously graded sand (SP), and the second one is well-graded 

sand (SG). Additionally, the classification according to the Unified Soil Classification System 

(USCS)(Daryati et al., 2019) was performed on the soils mentioned above, and the resulting types can 

be seen in Table 2, as well as coefficients of curvature (Cc), and uniformity coefficients (Cu). 

Table 2. Classification of soils 

Type of specimen Cu Cc 
Soil Classification 

LST 1331 USCS 

SP 4.74 0.75 Variously graded sand (SP) Poorly graded sand (SP) 

SG 6.23 1.07 Well-graded sand (SG) Well-graded sand (SW) 

4. PREDICTIVE MODELS

The prediction of resilient modulus using different types of parameters is well-known and commonly 

used in practice. There are many predictive models that help to predict the values of residual modulus 

using the mechanical and physical properties of the soil (Zhang et al., 2021a; 2021b; Hanandeh et al., 

2020). Another group of predictive models that are commonly used are models based on the stress state 

of the soil. The universal Witczak model (Yoder and Witczak, 1975; Al-Dulaimi et al., 2022), the Uzan 

model (Uzan, 1985; Hopkins et al., 2020), the K-θ model (Hicks, 1970; Adomako et al., 2022; 

Chowdhury, 2021), and the Rahim and George model (Rahim and George, 2005; Fedakar et al., 2022) 

can be taken as an example of such type of models. A new Octahedral Shear Stress (OSS) predictive 

model based on the stress state of the soil was developed (Tamošiūnas and Skuodis, 2023) by the current 

article authors: 
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Er = K1τoct − K2, (2) 

where (τoct) is the octahedral shear stress equal to (√2/3)(σ1- σ3), and K1-2 are regression coefficients. 

This new model predicts resilient modulus with a regression coefficient K1 ranging from 15.58 to 16.24 

depending on the soil type, regression coefficient K2 ranging from 19.46 to 77.73, also depending on 

the soil type, and a coefficient of determination (R2) ranging from 0.85 to 0.99. 

5. RESULTS AND DISCUSSION

Three static and one cyclic triaxial tests were conducted with variously graded sand (SP) and the same 

type and number of tests were conducted with the well-graded sand (SG). The results for variously 

graded sand (SP) are presented in Tables 3-4. 
Table 3. Cyclic triaxial test results for variously graded sand (SP) 

Cyclic triaxial 

Number of cycles σ3,max σd,min σd,max Er σd,max /σd,min Er  / (σd,max / σd,min) 

20'000 - 20'100 20.7 10.5 21.0 125.8 2.0 63.2 

20'100 - 20'200 20.6 11.5 35.9 211.4 3.1 67.4 

20'200 - 20'300 20.5 12.4 51.2 315.8 4.1 76.3 

20'300 - 20'400 23.6 12.7 67.5 437.5 5.3 82.7 

20'900 - 21'000 50.8 10.7 51.9 355.7 4.9 73.2 

21'000 - 21'100 50.8 11.3 73.2 507.0 6.5 78.1 

21'100 - 21'200 50.9 11.8 92.8 653.5 7.8 83.4 

21'200 - 21'300 51.0 12.3 123.2 881.1 10.0 87.7 

21'300 - 21'400 52.5 13.2 150.2 1066.5 11.3 94.0 

21'400 - 21'500 71.0 10.5 71.8 516.6 6.8 75.5 

21'500 - 21'600 71.0 10.7 92.8 674.3 8.7 77.6 

21'600 - 21'700 70.7 11.1 123.8 886.9 11.1 79.6 

21'700 - 21'800 70.9 11.6 163.5 1186.4 14.1 84.3 

21'800 - 21'900 71.1 12.6 199.0 1440.5 15.7 91.5 

Table 4. Static triaxial test results for variously graded sand (SP) 

Static triaxial 

σ3 E50 E50 (σd,max / σd,min) 

20.0 14.0 27.9 

20.0 14.0 43.9 

20.0 14.0 57.9 

20.0 14.0 74.1 

50.0 34.9 169.6 

50.0 34.9 226.5 

50.0 34.9 273.4 

50.0 34.9 350.4 

50.0 34.9 395.8 

70.0 42.2 288.8 

70.0 42.2 366.6 

70.0 42.2 470.4 

70.0 42.2 593.7 

70.0 42.2 664.2 

The results for variously well-graded sand (SG) are presented in Tables 5-6. The picture of well-graded 

sand (SG) after the static and cyclic triaxial tests is presented in Figures 1-2. 
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Figure 1. Well-graded sand (SG) after the cyclic triaxial test 

Table 5. Cyclic triaxial test results for variously well-graded sand (SG) 

Cyclic triaxial 

Number of cycles σ3,max σd,min σd,max Er σd,max /σd,min Er  / (σd,max / σd,min) 

20'000 - 20'100 20.1 9.0 22.5 75.3 2.5 30.2 

20'100 - 20'200 20.2 10.4 36.5 150.2 3.5 42.7 

20'200 - 20'300 19.9 11.2 51.7 255.7 4.6 55.3 

20'300 - 20'400 23.0 12.0 68.1 411.0 5.7 72.5 

20'900 - 21'000 49.8 11.1 52.6 281.6 4.7 59.5 

21'000 - 21'100 50.9 11.0 73.6 489.0 6.7 73.3 

21'100 - 21'200 50.5 11.5 92.8 601.6 8.1 74.5 

21'200 - 21'300 50.3 12.5 123.8 816.2 9.9 82.3 

21'300 - 21'400 52.9 13.3 150.8 1016.5 11.3 89.9 

21'400 - 21'500 70.7 10.3 72.3 386.5 7.0 55.3 

21'500 - 21'600 71.0 11.0 93.0 606.0 8.4 71.9 

21'600 - 21'700 71.0 11.9 124.1 906.9 10.4 87.0 

21'700 - 21'800 71.2 12.9 163.6 1223.3 12.7 96.3 

21'800 - 21'900 71.1 13.5 200.0 1403.8 14.8 94.8 

Table 6. Static triaxial test results for variously well-graded sand (SG) 

Static triaxial 

σ3 E50 E50 (σd,max / σd,min) 

20.0 11.8 29.4 

20.0 11.8 41.5 

20.0 11.8 54.6 

20.0 11.8 66.9 

50.0 24.4 115.6 

50.0 24.4 162.8 

50.0 24.4 197.0 

50.0 24.4 242.1 

50.0 24.4 275.9 

70.0 38.9 272.0 

70.0 38.9 327.9 

70.0 38.9 405.7 

70.0 38.9 494.1 

70.0 38.9 576.1 
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Figure 2. Well-graded sand (SG) after the static triaxial test 

After receiving the results of cyclic triaxial tests, a power dependence was observed between resilient 

modulus and a ratio of maximum and minimum values of deviatoric stress. The dependency can be seen 

in Figure 3. 

Figure 3. A power dependency between resilient modulus and a ratio of maximum and minimum values of 

deviatoric stress 

As can be seen from Figure 3 the power dependence between resilient modulus and a ratio of maximum 

and minimum values of deviatoric stress has a coefficient of determination of 0.99. Based on these 

results, the authors of the paper propose the following dependency equations (3) and (4): 

Er,p
SP = 57.671 (

σd,max

σd,min
)

1.1639

, (3) 

Er,p
SG = 20.562 (

σd,max

σd,min
)

1.6069

, (4) 

where ER,p
SP  is a predictive value of resilient modulus for variously graded sand (SP), and Er,p

SG is a

predictive value of resilient modulus for well-graded sand (SG). After receiving the results of cyclic and 

static triaxial tests, a natural logarithmic dependence was observed between the ratio of resilient modulus 

to maximum and minimum values of deviatoric stress and a ratio of secant modulus from the static 

triaxial tests to a maximum and minimum values of deviatoric stress. The dependency can be seen in 

Figure 4. 
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Figure 4. A natural logarithmic dependency between the ratio of resilient modulus to maximum and minimum 

values of deviatoric stress and a ratio of secant modulus from the static triaxial tests to a maximum and 

minimum values of deviatoric stress 

Based on a natural logarithmic dependence between the ratio of resilient modulus to maximum and 

minimum values of deviatoric stress and a ratio of secant modulus from the static triaxial tests to a 

maximum and minimum values of deviatoric stress, the authors of the paper propose the following 

dependency equations (5) and (6): 

Er,p
SP = [6.3202 ln (E50

σd,max

σd,min
) + 46.161] (

σd,max

σd,min
), (5) 

Er,p
SG = [17.719 ln (E50

σd,max

σd,min
) − 20.119] (

σd,max

σd,min
). (6) 

All four proposed equations (3), (4), (5), and (6) for predicting the resilient modulus were used and the 

results can be seen in Tables 7-8. 

Table 7. Prediction results using power dependence equations (3) and (4) 

Number of 

cycles 

SP SG 

σdmax 

/σdmin 
Er,p Er 1 - (Er,p / Er) 

σdmax 

/σdmin 
Er,p Er 1 - (Er,p / Er) 

20'000 - 

20'100 
2.0 128.7 125.8 -2.2% 2.5 89.3 75.3 -18.6% 

20'100 - 

20'200 
3.1 218.1 211.4 -3.2% 3.5 154.9 150.2 -3.1% 

20'200 - 

20'300 
4.1 301.3 315.8 4.6% 4.6 241.1 255.7 5.7% 

20'300 - 

20'400 
5.3 401.1 437.5 8.3% 5.7 334.1 411.0 18.7% 

20'900 - 

21'000 
4.9 363.1 355.7 -2.1% 4.7 250.3 281.6 11.1% 

21'000 - 

21'100 
6.5 508.5 507.0 -0.3% 6.7 434.1 489.0 11.2% 

21'100 - 

21'200 
7.8 633.2 653.5 3.1% 8.1 589.5 601.6 2.0% 

21'200 - 

21'300 
10.0 845.1 881.1 4.1% 9.9 821.2 816.2 -0.6% 

21'300 - 

21'400 
11.3 973.9 1066.5 8.7% 11.3 1013.0 1016.5 0.3% 

21'400 - 

21'500 
6.8 541.0 516.6 -4.7% 7.0 468.0 386.5 -21.1% 

21'500 - 

21'600 
8.7 714.0 674.3 -5.9% 8.4 632.1 606.0 -4.3% 

21'600 - 

21'700 
11.1 954.4 886.9 -7.6% 10.4 889.7 906.9 1.9% 

21'700 - 

21'800 
14.1 1251.4 1186.4 -5.5% 12.7 1221.2 1223.3 0.2% 

21'800 - 

21'900 
15.7 1426.1 1440.5 1.0% 14.8 1562.9 1403.8 -11.3% 

y = 6,3202ln(x) + 46,161

y = 17,719ln(x) - 20,119
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After the predictive modeling of resilient modulus using power dependence equations (3) and (4), it can 

be seen in Table 7 that the predicted resilient modulus had a good agreement compared to the resilient 

modulus value received from test direct test results, error margin ranging from -7.6% to 8.7% for 

variously graded sand (SP), and error margin ranging from -18.6% to 18.7% for well-graded sand (SG). 

Table 8. Prediction results using natural logarithmic dependence equations (5) and (6) 
Number 

of 

cycles 

SP SG 

σdmax 

/σdmin 
E50 Er,p Er 

1 - (Er,p / 

Er) 

σdmax 

/σdmin 
E50 Er,p Er 

1 - (Er,p / 

Er) 

20'000 - 

20'100 
2.0 14.0 133.9 125.8 -6.4% 2.5 11.8 99.3 75.3 -31.8%* 

20'100 - 

20'200 
3.1 14.0 219.7 211.4 -4.0% 3.5 11.8 161.2 150.2 -7.3% 

20'200 - 

20'300 
4.1 14.0 297.3 315.8 5.9% 4.6 11.8 234.9 255.7 8.1% 

20'300 - 

20'400 
5.3 14.0 388.3 437.5 11.2% 5.7 11.8 308.2 411.0 25.0%* 

20'900 - 

21'000 
4.9 34.9 381.9 355.7 -7.4% 4.7 24.4 303.3 281.6 -7.7% 

21'000 - 

21'100 
6.5 34.9 522.0 507.0 -3.0% 6.7 24.4 467.8 489.0 4.3% 

21'100 - 

21'200 
7.8 34.9 639.5 653.5 2.1% 8.1 24.4 593.3 601.6 1.4% 

21'200 - 

21'300 
10.0 34.9 835.3 881.1 5.2% 9.9 24.4 765.4 816.2 6.2% 

21'300 - 

21'400 
11.3 34.9 952.3 1066.5 10.7% 11.3 24.4 898.4 1016.5 11.6% 

21'400 - 

21'500 
6.8 42.2 561.0 516.6 -8.6% 7.0 38.9 553.8 386.5 -43.3%* 

21'500 - 

21'600 
8.7 42.2 725.2 674.3 -7.5% 8.4 38.9 695.7 606.0 -14.8% 

21'600 - 

21'700 
11.1 42.2 948.1 886.9 -6.9% 10.4 38.9 899.9 906.9 0.8% 

21'700 - 

21'800 
14.1 42.2 1217.2 1186.4 -2.6% 12.7 38.9 1140.3 1223.3 6.8% 

21'800 - 

21'900 
15.7 42.2 1373.0 1440.5 4.7% 14.8 38.9 1369.9 1403.8 2.4% 

After the predictive modeling of resilient modulus using natural logarithmic dependence equations (5) 

and (6), it can be seen in Table 8 that the predicted resilient modulus had a good agreement compared 

to the resilient modulus value received from test direct test results, error margin ranging from -8.6% to 

11.2% for variously graded sand (SP), and error margin ranging from -14.8% to 11.6% for well-graded 

sand (SG). In Table 8 values marked with the symbol (*) can be held as outliers due to human and 

machine error while performing the tests.  

6. CONCLUSIONS

After the determination and investigation of the static and cyclic triaxial tests results of variously graded 

sand (SP) and well-graded sand (SG), the following conclusions can be drawn: 

- The power dependence equations (3) and (4), proposed by the authors of the paper, for 

predictive modeling of resilient modulus, showed a good agreement compared to the resilient 

modulus values received from direct test results. The error margin ranges from -7.6% to 8.7% 

for variously graded sand (SP), and from -18.6% to 18.7% for well-graded sand (SG). 

- The natural logarithmic dependence equations (5) and (6), proposed by the authors of the paper, 

for predictive modeling of resilient modulus, showed a good agreement compared to the resilient 

modulus values received from test direct test results. The error margin ranges from -8.6% to 

11.2% for variously graded sand (SP), and from -14.8% to 11.6% for well-graded sand (SG). 

- The developed equations can serve as a two-step method predicting the values for resilient 

modulus for variously graded sand (SP) and well-graded sand (SG). 
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Modeling and response of retaining wall subjected to strong ground motions 
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aEng., University of Architecture Civil Engineering and Geodesy, Sofia, Bulgaria 

ABSTRACT 

This research explores the seismic response of a flexible retaining wall, designed on a construction site 

in the city of Sofia, Bulgaria. Time-history analyses were carried out using the finite element modeling. 

The FEM models were created with Plaxis 2D software. The dynamic behaviour of structure and soil is 

investigated for a set of real accelerograms. A package of amplitude and integral parameters of the 

earthquakes is analyzed for each accelerogram. Several strong ground motions whose characteristics are 

compatible with the geological conditions and frequency parameters of the soils on the construction site 

were selected. For the purpose of soil-structure interaction analysis the retaining structure is modeled as 

a linear elastic element. The specific non-linear behaviour of soils is modeled by using the complex 

constitutive laws HSsmall. According to the results from the performed solutions a comparative analysis 

is developed. The influence upon the seismic response of structure and soil of varying strong ground 

motion parameters is considered. 

KEYWORDS 

Embedded retaining wall; Seismic impact; Accelerogram; Time-history analysis 

1. INTRODUCTION

The embedded retaining walls are a widespread method for an excavation support. Their relevance is 

mainly determined by the need of construction in densely build-up areas and the implementation of 

underground levels as part of residential and public buildings.  

In most cases the decisive load combination for ultimate and serviceability limit state verification is the 

seismic one. In order to model the soil-retaining structure interaction for seismic impact, the classical 

approaches of pseudostatic methos are often applied. The pseudostatic methods suggest that the seismic 

earth pressure depends entirely on the peak ground acceleration PGA and remains constant through the 

time of loading. These methodologies do not explain the soil and structure`s real response during an 

earthquake event. For more accurate representation a nonlinear time-history analysis should be carried 

out. It gives the opportunity for more comprehensive description of the strong ground motion, material 

behaviour under cyclic loads and geometry of structure.  

This study is aimed at investigation of the influence on the retaining structure`s stressed and deformed 

state of several peak and integral parameters of the strong ground motion. For the purpose of this a finite 

element modeling is conducted by the Plaxis 2D software. The seismic loading is presented by 

accelerograms. Six accelerograms are used with different ground motion characteristics. Before 

applying the impact in a FE model to a soil foundation with an adjacent retaining wall, the earthquake 

records are subjected to a deconvolution procedure. It consists of a process of evaluation of seismic 

motion at varying depths of a soil profile. The deconvolution is carried out by the ProShake 2.0 software. 

The retaining wall is modeled as linear elastic structure. To model the soil the HSsmall constitutive 

model is used. It successfully describes the nonlinear hysteretic behaviour of soil due to cyclic dynamic 

loading (such as the seismic one).  
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Studies on the values of the soil parameters according to the HSsmall model have been carried out in 

the sources (Kerenchev, 2015), (Kerenchev and Milev, 2019). 

2. DESCRIPTION OF THE DESIGN STRUCTURE

For the purpose of the study an embedded retaining wall of the Soldier Pile Wall type is examined. The 

structure is designed to strengthen a deep excavation for the construction of a residential building in the 

city of Sofia. The geometry of the wall is shown on Figure 1. The vertical load-bearing elements are 

steel 2T profiles with an axial distance between them of 1,0m. The 2T profiles are 6,5m long. The 

embedded part is 1,5m long, so the exposed part is 5,0m long. The wall is single row supported by a 

brace at 45° related to the ground surface. 

3. FINITE ELEMENT ANALYSES OF THE SOIL-RETAINING WALL INTERACTION

3.1. Two dimensional FE model 

To investigate the soil-retaining wall interaction a plain strain numerical model is built using the Plaxis 

2D software (Figure 2). The soil body is discretized by 15-node triangular elements with node 

displacements Ux and Uy in the xy plane. The wall is modeled by 5-node frame elements which work for 

bending moments, axial and shear forces. The soil-wall interaction is modeled by interface elements. 

Along the border of the assumed soil body a damper boundary condition is associated for the purpose 

of absorbing seismic energy and thus simulating an infinite soil space. 

The mesh generation in Plaxis 2D is automatic but it can be controlled and changed. When it comes to 

dynamic analysis the size of the finite element has to be synchronized with the frequency content of the 

input motion and the shear wave velocity. According to (Kuhlmeyer and Lysmer, 1973) the average 

element size AES is expressed by Equation 1. 

,min

max8

sV
AES

f
 , (1) 

where: Vs,min – the lowest shear wave velocity [m/s2], fmax – the maximum frequency of the input wave 

[Hz]. 

Five stages of excavation works are simulated. Calculations and obtained results refer to 1,0 m of the 

structure. 

Figure 1. Structure`s cross section Figure 2. Finite element plane strain model 

3.2. Geotechnical materials 

The behaviour of dispersed soils under cyclic dynamic impact is described by the Hardening Soil Small 

(HSsmall) model. According to this model the soil is represented as nonlinear elastoplastic material. It 
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takes into account for the stiffness degradation of the soil due to cyclic dynamic impact. The decreased 

stiffness is expressed by the shear modulus reduction G/Gmax, depending on the shear strain γ. The 

adopted diagram for volumetric strains ε is shown in (Schanz et al., 1999). A typical diagram for the 

shear modulus reduction curve can be seen in (Kramer, 1996). The HSsmall model uses the Mohr-

Column failure criteria and a set of parameters for the soil layers, which are shown in Table 1. 

Table 1. Conventional soil characteristics and parameters of the HSsmall model 

Parameter Symbol Measure Layer 1 Layer 3 Layer 4 

Bulk density γn kN/m3 18,0 20,0 18,5 

Cohesion C kPa 24,0 31,8 26,0 

Angle of friction φ ° 18,0 34,0 19,0 

Reference stress for stiffness pref kPa 100 100 100 

Tangent stiffness for primary 

oedometer loading 
Eoed,ref kPa 12 000 26 000 20 000 

Secant stiffness in the standard drained 

triaxial test 
E50,ref kPa 12 000 26 000 20 000 

Unloading/Reloading stiffness Eur,ref kPa 36 000 80000 60 000 

Initial shear modulus G0,ref kPa 80 000 150 000 120 000 

Poisson’s ratio ν' - 0,3 0,3 0,3 

Poisson’s ratio for unloading/reloading νur - 0,2 0,2 0,2 

Shear strain for the 0.722 of the 

reduction of the shear modulus 
γ0.7 % 0,06 0,015 0,05 

Power factor for the stress-level 

dependency of stiffness 
m - 0,6 0,6 0,6 

Failure ratio Rf - 0,9 0,9 0,9 

Angle of dilatancy 𝜓 ° 0 2 0 

Coefficient of lateral earth pressure k0 - 0,700 0,470 0,642 

3.3. Derivation of design seismic excitation 

For the purpose of FE modeling of dynamic response of soil and structure the seismic excitation needs 

to be applied at the base of the finite domain of soil body. The strong ground motion which corresponds 

with the depth of the soil body`s base can be obtained by a deconvolution procedure.  

Lets look at a 1D column of a soil profile which is presented as a SDOF system. The main idea is to 

explore the shear wave propagation through the soil layers and to generate a motion at a given depth in 

the soil profile. The latter is achieved by implementing the concept of transfer function, which is 

expressed by Equation 2. 

(w) ( ) ( )ij i jH u w u w= , (2) 

where: ( )iu w  – Fourier spectrum amplitude of the free surface motion, ( )ju w – Fourier spectrum 

amplitude of the base motion. 

Here in a conventional frequency-domain solution is used in order to deconvolve the surface ground 

motion to the base of the FE model (Poul and Zerva, 2018). The software ProShake 2.0 is used. The soil 

nonlinear behaviour is taken into account by applying the equivalent-linear constitutive model. To 

predict the corresponding shear modulus G and damping ratio ξ for each FE node i an iterative procedure 

is needed. The values of Gi and ξi, dependent on the maximum shear strain γmax,i, are defined according 

to the reduction curves of (Vucetic & Dobri, 1991). As a result the design seismic excitations are 

obtained, which are applied to the base of the FE 2D model.  

The retaining structure is examined for 6 earthquakes, selected to cover a large range of frequencies. 

The seismic impact is defined via accelerograms, scaled up to PGA = 1 m/s2 – Figures 3, 5, 7, 9, 11 and 

13.
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Figure 3. Accelerogram of the Loma Prieta EQ Figure 4. Fourier spectrum of the Loma Prieta EQ 

Figure 5. Accelerogram of the El Sentro EQ, 1940 Figure 6. Fourier spectrum of the El Sentro EQ, 1940 

Figure 7. Accelerogram of the Cape EQ, 1992 Figure 8. Fourier spectrum of the Cape EQ, 1992 

Figure 9. Accelerogram of the Taft EQ, 1952 Figure 10. Fourier spectrum of the Taft EQ, 1952 

Figure 11. Accelerogram of the Northridge EQ, `94 Figure 12. Fourier spectrum of the Northridge EQ,`94 
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Figure 13. Accelerogram of the Loma Prieta EQ, 

record from Santa Cruz MTNS 

Figure 14. Fourier spectrum of the Loma Prieta EQ, 

record from Santa Cruz MTNS 

In Figures 4, 6, 8, 10 and 12 a comparison between the original (surface) motions and the deconvolved 

ones is shown. It can be seen that the Fourier amplitude is increased when the seismic wave travels from 

the profile base to the terrain surface.  

The design seismic impacts are rated by a set of peak and integral parameters. The characteristics are 

related to the deconvolved ground motions, which are used for the dynamic FE analysis. The ground 

motions` parameters are shown in Table 2. 

Table 2. Parameters of the design seismic impacts 

Eathquake αmax 
Predominant 

period, Tp 

Mean 

period, Tm 

Significant 

Duration, ts 

Arias 

Intensity, IA 

- m/s2 s s s m/s 

Loma Prieta EQ 1,0 0,40 0,86 24,02 0,054 

El Sentro EQ 1,0 0,12 0,57 24,02 1,211 

Cape Mendocino EQ 1,0 0,58 1,27 11,89 1,165 

Taft, Kern County EQ 1,0 0,44 0,72 30,80 0,269 

Northridge EQ 1,0 0,18 0,34 11,58 0,346 

Loma Prieta EQ, Santa Cruz 

record 
1,0 0,64 1,28 15,65 0,279 

3.4. Frequency parameters of the foundation soil 

The natural frequency of excitation is of essential importance for the effect of the ground motion on the 

retaining structure and the foundation soil. When the foundation soil`s natural period matches with the 

period of the earthquake, a state of resonance occurs. The resonance is associated with amplifying the 

dynamic load and its effects, which lead to failure of structure and soil.  

The system soil-retaining wall, subjected to seismic load, is located in the city of Sofia, Bulgaria. The 

natural period is determined by Equation 3 (Kramer, 1996). The resulting value is Ts = 1,0 s. 

4
S

S

H
T

V
= , (3) 

where: H – thickness of the foundation soil [m]; Vs – shear wave velocity [m/s2]. 

4. ANALYSIS OF THE RESULTS

Six dynamic analyses are performed with strong motions presented in Table 2. From the conducted 

solutions the diagrams of active and passive earth pressures are drawn. Here in Figure 16 are shown 3 

typical diagrams of the examined seismic cases. The results for maximum earth pressures from analyses 

are listed in Table 3. 

From the obtained results the envelope diagrams of bending moment M, shear force Q in the retaining 

wall and maximum horizontal displacement Ux, are reported. The values of the mentioned parameters, 
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related to proper point of the wall, are placed in Table 3. In Figure 16 the general mode of M and Q 

diagrams are shown. The force`s distribution along the structure is typical for the adopted scheme.  

Figure 15. Typical modes of earth pressure diagrams  

Loma Prieta EQ, Northridge EQ and Loma Prieta EQ (SC) 

Figure 16. Typical modes of the envelope 

diagrams for bending moments and shear forces 

Table 3. Results from the performed solutions 

Earthquake TP Tm 

Bending 

moment, 

MF 

Bending 

moment, 

MS 

Shear 

force, QS 

Lateral 

dis., Ux 

Axial 

brace 

force, N 

Earth 

pressure, 

pa 

- s s kNm / m kNm / m kN / m m kN kPa / m 

Loma Prieta EQ 0,40 0,86 19,88 14,05 40,91 0,09 64,18 122,0 

El Sentro EQ 0,12 0,57 20,24 13,99 42,48 0,05 68,29 120,7 

Cape Mendocino EQ 0,58 1,27 26,26 16,41 49,94 0,12 79,15 125,0 

Taft, Kern County 

EQ 
0,44 0,72 20,70 13,81 41,18 0,08 64,39 122,2 

Northridge EQ 0,18 0,34 18,46 13,14 38,55 0,03 61,05 124,2 

Loma Prieta EQ, 

Santa Cruz record 
0,64 1,28 28,63 17,78 50,81 0,13 83,00 100,9 

Based on the strong ground motion parameters (Table 2) and the results presented in Table 3, several 

graphs are drawn. In Figure 17 to Figure 22 charts are shown, which illustrate the variation of bending 

moments (BM) MF, shear forces (SF) QS and lateral displacement (LD) UX versus predominant period 

TP (graphic in red) and mean period Tm (graphic in blue). 

Figure 17. BM MF versus mean period Tm Figure 18. BM MF versus predominant period TP 

Figure 19. SF QF versus mean period Tm Figure 20. SF QF versus predominant period TP 
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Figure 21. LD UX versus mean period Tm Figure 22. LD UX versus predominant period TP 

A comparison is performed between the initial (target) seismic signal and the convolved one, obtained 

from the non-linear analysis in Plaxis 2D. The latter is reported from the free field of the soil body in 

the FE model. The comparison is made for one seismic motion – Taft EQ, but the results are valid for 

all the other motions. In Figure 23 and Figure 24 the time-histories and the Fourier spectrums are shown. 

Obvious distinctions are stated. The difference in the maximum acceleration amplitude is insignificant, 

but the frequency content is considerably different. The gap of mean period Tm for the pair of impacts 

amounts of almost 10%, but for the predominant period TP it is more than 50%. 

The quite different solution approaches and applied constitutive models for soils are pointed as the main 

reason for the observed discrepancies. Additional purposes are pointed as inconsistency of the boundary 

conditions between ProShake and Plaxis 2D, as well as inconformity of the modeled geometry (one-

dimensional for ProShake and two-dimensioanl for Plaxis). 

Figure 23. Comparison between target and convolved 

accelerograms of the Taft EQ, 1952 

Figure 24. Comparison between target and convolved 

Fourier spectrums of the Taft EQ, 1952 

Based on the comparative analysis the following conclusions can be drawn: 

[1] The diagram of active earth pressure is lightly increasing as the bottom of the wall approaches – 

Figure 15. There is a leap in the diagram marked by the presence of a brace. The maximum value of 

active earth pressure is obtained for the Cape Mendocino EQ which is 20% higher than the minimum 

active earth pressure, accomplished by the Loma Prieta (Santa Cruz record) time history; 

[2]  The diagram of passive earth pressure receives various forms depending on the applied ground 

motion. For example – for the Loma Prieta EQ (Santa Cruz record) the passive pressure gradually 

increases as the bottom of the wall approaches. In contrary, for the case of Loma Prieta EQ the passive 

pressure decreases with depth. In similarity with the active pressure, the highest value of passive 

pressure is obtained from the Cape Mendocino EQ; 

[3] According to the distributions on Figure 17 – Figure 22, a general trend of increasing in forces and 

displacements as the natural period of foundation soil TS approaches, is formed; 

[4] As the presented diagrams evidence (Figure 17 – Figure 22), the forces and displacements` 

distribution for the mean period Tm is more satisfactory than the one for the predominant period Tp. The 

difference in values of the coefficient of correlation amounts of 16% for the BM and 27% for the SF. 

This leads to the conclusion that the seismic response of structure depends mainly and more accurately 

on the mean period Tm; 

[5] The Cape Mendochino EQ and the Loma Prieta EQ (Santa Cruz record) are the most unfavourable 

ground motions, that is proved by the highest values for inertial forces, lateral displacement and earth 
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pressure. This is because the seismic loadings have a mean period Tm = 1,2 – 1,3 s, which is the closest 

value to the natural period of soil TP = 1s. In such a case the foundation soil falls into a state close to the 

resonance. Then an amplification of the impact and the subsequent reaction of the structure take place, 

which is the purpose for the most adverse response; 

[6] For the Cape Mendochino EQ and the Loma Prieta EQ (Santa Cruz record) similar stress values are 

accomplished. Taking into account for the frequency parameters, the latter statement is fully 

understandable. The stresses for the Loma Prieta EQ are little higher. The difference in stresses is barely 

10% for the BM and 15% for the SF. This is explained with the higher significant duration of the Loma 

Prieta EQ, which calls forth more reversal cycles and increased degradation of shear stiffness of soil; 

5. CONCLUSIONS

In the present study a set of solutions are carried out in order to examine the seismic response of an 

embedded retaining wall. The soil-structure interaction is simulated by a FE plane strain model. The 

Plaxis 2D software is used. The hysteresis behaviour of soils due to cyclic dynamic loading is taken into 

account by applying the HSsmall constitutive model.  

The seismic impact is determined by accelerograms. Six accelerograms of real earthquake events are 

used. The records are previously subjected to a deconvolution procedure in order to obtain the input 

signal to the base of the FE model. The deconvolution is performed by the ProShake software for 1D 

wave propagation analysis.  

Based on the analysis and comparisons of the obtained results conclusions are drawn. It is shown that 

the seismic response of the wall depends mostly on the frequency characteristics of the foundation soil 

and the ground motion – in particular the natural period of soil Ts and the mean period of the earthquake 

impact Tm.  

It is proved that the deconvolution procedure conducted by the ProShake software is not the most 

appropriate method when there is a non-linear analysis subsequently carried out. Some discrepancies 

between the convolved time-history signal from the non-linear analysis and the initial (target) time 

history will surely occur. They are presented mostly by differences in the amplitude and frequency 

content of the ground motion. That is why a deconvolution of seismic waves from time-domain non-

linear analysis is recommended.  
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ABSTRACT 

In the international context of the climate crisis, renewable energy plays an important and growing role 

in the energy system of the European Union. Wind energy is one of the main sources of renewable 

energy, being harnessed through wind turbines both onshore and offshore. Geotechnical design of wind 

turbine foundations requires detailed knowledge of the mechanical behaviour of the soil. This paper 

presents the assessment of geotechnical parameters based on CPT, DMT and laboratory tests results at 

various wind farm locations. Correlations used worldwide are applied to Romanian soils in order to 

verify their reliability to determine the geotechnical parameters from the in-situ tests results. The aim of 

this study is to assess the reliability and feasibility of using in-situ tests to calculate the geotechnical 

parameters required for wind turbine foundation design. 

KEYWORDS 

CPT; DMT; Laboratory testing; Renewable energy. 

1. INTRODUCTION

In Romanian practice, there is a predominant reliance on laboratory tests. However, with advancements 

in soil modelling, there is a growing necessity to complement these laboratory tests with in-situ 

investigations for all soil types.  

As the internationally used correlations for granular soils have been validated for several projects, the 

available correlations for cohesive soils applied especially to collapsible loess soils (specific for South-

Eastern part of Romania) resulted in values that did not accurately correlate with laboratory results.  

In order to obtain statistically valid sets of data, results obtained for 48 wind turbines located in the 

South-Eastern part of Romania were analysed, compared and correlated.  

The in-situ investigations program consisted in cone penetration tests (CPT), as well as geotechnical 

boreholes with undisturbed sampling on all 48 locations and Dilatometer Marchetti Tests (DMT) on 20 

locations. All geotechnical investigations were used in order to statistically correlate the soil stratigraphy 

and the geotechnical strength and deformability parameters (linear deformation modulus, friction angle 

and cohesion in undrained conditions) for cohesive, as well as for granular soils. 

This paper presents the results and correlations obtained out of the in-situ investigations, as DMT and 

CPT and in conjunction with usual laboratory tests (direct shear tests and oedometer tests) on collapsible 

loess soils (specific for South-Eastern part of Romania). 
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2. GENERAL DATA

For this paper were analysed geotechnical investigations performed on wind turbine locations within a 

wind farm in Constanta County. The investigated lithology is presented below. 

Table 1. Synthetic stratification in the wind farm area 

Layer Name Description 

Layer 0 Topsoil Topsoil 

Layer I Clayey-silty complex (Loess) Composed of clayey silt and silty clays with limestone concretions, 

brownish to yellowish, sensitive to moistening (collapsible) 

Layer II Clay complex Composed of clay and silty clay with weathered limestone, limestone 

concretions, Mn and Fe oxides, brown to reddish 

Layer III Clay complex with fragments 

of weathered limestone 

Composed of reddish clays with fragments of weathered limestone 

Layer IV Weathered limestone Composed of weathered shell limestone in a silty clay matrix and 

fragments of shell limestone. In some places, the limestone appears 

highly weathered, resembling whitish limestone sand, with varying 

degrees of cementation from very weakly cemented to medium 

cemented. 

3. NEW CORRELATIONS PROPOSAL BETWEEN GEOTECHNICAL PARAMETERS OF

COHESIVE LAYER IN WIND FARM AREA - LAYER I

According to the norm NP 125-2010 - Norm regarding the foundation of constructions on collapsible 

soils - Annex 2, one of the documents used to classify soils types in Romania, the site is located in an 

area characterized by the presence of group A collapsible soils. 

Collapsible soils are the macroporous cohesive soils unsaturated, which in contact with water undergoes 

sudden and irreversible changes in internal structure, leading to additional settlement (collapse) and 

decrease in the mechanical parameters of the soil. Collapsible soils are: loess, and silty soils with high 

porosity. 

Globally, loess has a low degree of spread (about 10% of the land area) and in Romania loess soils 

occupy about 17% of the country's territory.  For these types of soils, the correlations in the literature 

are based on local studies and cannot be applied to the general level. 

In this chapter new correlations in order to determine loess parameters specific to Romania loess will 

be proposed. The new correlation obtained have been validated by a parallel analysis with laboratory 

results. 

In order to obtain plausible results, the most qualitative of the laboratory and in-situ investigations were 

selected. The following criteria selection was used: 

1. It was selected a site with a uniform stratification. It is important to use layers without extensive

changes (for example, fills or layers with hydrocarbons were excluded). These external factors

may affect the geotechnical characteristics of the layers.

2. The shortest possible distance between the investigation points was an important criterion in

their selection.

3. Outliers from both laboratory results and in situ investigations were excluded.
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Determination of new correlations for collapsible, moisture-sensitive, loess layer 

The following linear correlations were determined: 

- Between cone resistance qc and dilatometer modulus MDMT, 

- Between cone resistance qc and undrained shear resistance determined from Marchetti dilatometer 

test cuDMT, 

- Between cone resistance qc and internal friction angle from shear strength parameters tan φ 

- Between cone resistance qc and oedometer modulus E100-200. 

The correlations that have been gained are presented below. These were based on the geotechnical 

parameters obtained from laboratory tests and on those obtained directly from site or in situ tests and 

boreholes. 

In order to analyze whether there is a linear correlation between the pair of geotechnical parameters 

presented above, the regression function of the form y=ax+b was used, where a and b are the parameters 

of the regression line y obtained using the least squares method. 

The values of the correlation coefficients vary between 0 and 1. If r=0 and r2=0 there are no correlation. 

If coefficient values are close to 1, there is a strictly linear correlation between the studied parameters. 

According to current geotechnical engineering a satisfactory value of correlation coefficient is 

considered r >0.7-0.8 and r2>0.5-0.64. 

Cone pressure qc [MPa] and undrained shear strength cu [kPa] determined using DMT were correlated 

using approximately 30 points. The figure below shows the obtained correlation.  

Figure 1. Correlations between cone resistance qc and the cohesion cu 

According to Figure 1, the results of correlation coefficients show a good level of correlation. 

Table 2. Results obtain based on linear correlations between qc and cu 

Root-mean-square deviation Correlation coefficients 

Sc s r r2 

7.8 14.65 0.85 0.7 

Cone pressure qc [MPa] and dilatometer modulus MDMT [MPa] were correlated using approximately 31 

points. Figure below shows the correlation obtained.  

y = 25,194x - 21,232
R² = 0,7162

0

10

20

30

40

50

60

70

80

90

1 1,5 2 2,5 3 3,5 4 4,5

c u
[k

P
a]

qc[MPa]



332 

Figure 2. Correlations between cone resistance qc and dilatometer modulus MDMT 

According to Figure 2, the results of correlation factors are presented below. 

Table 3. Results obtain based on linear correlations between qc and MDMT 

Root-mean-square deviation Correlation coefficients 

Sc s r r2 

6.6 10.9 0.8 0.6 

Cone pressure qc [MPa] and oedometer modulus E100-200 [MPa] from laboratory were correlated using the 

most relevant undisturbed samples until 10 m depth, taken from the loess layer. Figure below shows the 

obtained correlation.  

Figure 3. Correlations between cone resistance qc and the cohesion E100-200 

According to Figure 3, the results of correlation factors are presented below. 

Table 4. Results obtain based on linear correlations between qc and E100-200 

Root-mean-square deviation Correlation coefficients 

Sc s r r2 

0.97 1.60 0.78 0.63 

Figure 4 shows the correlation of cone pressure qc [MPa] and the tangent of the internal friction angle φ 

[-], determined using 22 points. 
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Figure 4. Correlations between cone resistance qc and the cohesion tan φ 

According to Figure 4, the results of correlation factors are presented below 

Table 5. Results obtain based on linear correlations between qc and tan φ 

Root-mean-square deviation Correlation coefficients 

Sc s r r2 

0.07 0.10 1.00 0.6 

The correlations presented in Figures 1 to 4, obtained using the data from the investigations performed 

for the loess layer are centralized in the table below. The safe correlation gives an assured value and  

involves translating the correlation slope by the value of the standard deviation. 

Table 6. New proposed correlations obtained on Loess layer 

Parameters New correlation 
Correlation 

coefficients 

Standard 

deviations 

Safe correlation 

Cone resistance qc and the 

cohesion cu 
25.19 qc - 21.23 [kPa] 0.85 7.8 [kPa] 

25.16 qc – 29.03 

[kPa] 

Cone resistance qc and 

dilatometer modulus MDMT 
9.28 qc - 8.97 [MPa] 0.80 6.60 [MPa] 

9.28 qc – 15.57 

[MPa] 

Cone resistance qc and 

oedometric modulus  

E100-200 from laboratory 

1.66 qc + 5.90 [MPa] 0.78 0.97 [MPa] 1.66 qc+ 4.93 [MPa] 

Cone resistance qc and the 

tangent of the internal 

friction angle φ 

0.143 qc + 0.02 [-] 1.00 0.07 0.143 qc - 0.05 

4. VALIDATION OF THE NEW CORRELATION

This chapter aims to validate the new correlations obtained in Chapter 3 and to demonstrate their 

applicability to the specific loess of Romania. The proposed correlations have been compared with those 

from literature, representing a calibration of the existing correlations. 

Table 7. New and literature correlations for undrained shear strength specific to silty clay complex, sensitive to 

moistening – collapsible 

Parameters 
cu 

New correlation Soil type Observations 

New correlation 0.025 qc - 0.021 [kPa] Cohesive soil cu obtained from DMT tests 

New safe 

correlation 
0.025 qc - 0.029 [kPa] Cohesive soil cu obtained from DMT tests 

(Trofimenkov & 0,0116 qc + 0,0125 Cohesive soil - 
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Parameters 
cu 

New correlation Soil type Observations 

Vorobkov, 1974) 

In Figure 5 the proposed correlation and the safe correlation are graphically presented in comparison to 

the literature one (Trofimenkov & Vorobkov, 1974). The measured values of cu are assigned to a value 

of qc between 1.5 [MPa] and 4 [MPa]. The shaded area represents the range of values corresponding to 

a 95% confidence level of the undrained shear strength cu determined for a collapsible soil.  

By analysing the graph, one can notice that the new correlation tends to overestimate the values of cu

assigned to values of qc over 2.5 [MPa]. The underestimated values of cu assigned to a value of qc lower 

than 2.5 [MPa] are insignificant. Using the correlation available in literature (Trofimenkov & Vorobkov, 

1974), the values of cu are more conservative due to the safety coefficient applied.  

From the graph, it can be noticed that the values of cu assigned to values of qc lower than 3.5 [MPa] are 

underestimated according to the safe correlation. On the other hand, the values of cu from the literature 

correlation assigned to the same values of qc are overestimated.  

Figure 5. Silty clay complex (loess), comparison of results for new correlations and literature correlations for 

undrained shear strength cu 

Table 8 presents the new correlations obtained in Chapter 4 and the literature correlations used to indirect 

determination of deformation modulus E. 

Table 8. New and literature correlations for deformation modulus E specific to silty clay complex, sensitive to 

moistening – collapsible 

Parameters 
E100-200 

New correlation Soil type Observations 

New correlation 1.66 qc + 5.9 Cohesive soil 
Oedometer modulus between 

100 and 200 kPa vertical stress 

New safe 

correlation 
1.66 qc+ 4.93 Cohesive soil 

Oedometer modulus between 

100 and 200 kPa vertical stress 

(Marcu, 1983) 4.8 qc Cohesive soil 
In this case E can be approx. 

with E100-200 

In Figure 6 the propose correlation and safe correlation are graphically presented in comparison to the 

literature ones (Marcu, 1983). The values of E (deformation modulus) are assigned to a value of qc 

between 1.5 [MPa] and 5 [MPa]. The shaded area represents the range of values corresponding to a 95% 

confidence level of the deformation modulus E determined for a collapsible soil. 
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A remarkable difference between the values obtained out of the new correlations and of the literature 

one was noticed by analyzing the graph below. It can be observed that the values of E (deformation 

modulus) assigned to values of qc over 2 [MPa] are underestimated. The literature correlation is assigned 

a safety coefficient leading to differences between this and new correlations obtained in Chapter 3. The 

data set used to determine the correlations results out of tests carried out on loess specific to Romania.  

Figure 6. Silty clay complex (loess), comparison of results for new correlations and literature correlations for 

deformation modulus E  

The table below presents the new correlations and the correlation from literature used for indirect 

determination of the tangent of the internal friction angle φ. 

Table 9. New and literature correlations for the tangent of the internal friction angle φ specific to silty clay 

complex, sensitive to moistening – collapsible 

Parameters 
Friction angle φ (tan φ) 

New correlation Soil type Observations 

New correlation 0.143 qc + 0.02 Cohesive soil 
tanφ determined using direct 

shear test CUn 

New safe 

correlation 
0.143 qc + 0.05 Cohesive soil 

tanφ determined using direct 

shear test CUn 

Trofimenkov & 

Vorobkov, 1974 
0,045 𝑞𝑐 + 0,260 Cohesive soil - 

In Figure 7 the proposed correlation and the safe correlation are graphically presented in comparation 

to the literature one (Trofimenkov & Vorobkov, 1974). The values of tang φ are assigned to a value of 

qc between 2 [MPa] and 4 [MPa]. The shaded area represents the range of values corresponding to a 

95% confidence level of the tangent of the internal friction angle tang φ determined for a collapsible 

soil. 

In the graph below, it can be noticed that the new correlation leads to overestimated values of tang φ 

assigned to a value of qc bigger than 2.4 [MPa]. On the other hand, values of tang φ based on safe 

correlation and assigned to a value of qc bigger than 3.10 [MPa] leads to underestimated values 

compared to the values based on literature correlation. 
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Figure 7. Silty clay complex (loess), comparison of results for new correlations and literature correlations for 

tangent of the internal friction angle φ 

Taking an overview at the graphs presented in this Chapter it can be observed that in all cases analyzed 

there were differences between new correlations and literature correlations. These differences can be 

explained by the fact that the new correlations are gained particularly for the collapsible soils of the 

South-Eastern area of Romania, while existing correlations are valid for more extended areas and not 

for collapsible loess. The general expressions provided in the Romanian National Annex to 

Eurocode 7- 2 do not address geotechnical parameters specific to moisture-sensitive soils. NP 125:2010 

(Normative on the foundation of buildings on sensitive soils) is the Romanian standard that refers to the 

variations in the values of geotechnical parameters specific to loess.  

5. CONCLUSIONS

Using correlation methods tailored to local specifics, in-situ tests can provide reliable data for foundation 

design and for modelling of soil behaviour in a shorter time and for a lower budget. In order to achieve 

the aim, parameters from in situ and laboratory tests carried out for Constanta Wind farm were used. In 

order to check the accuracy of the new correlations, they were compared with correlations in the 

literature. By analysing the graphs presented in Chapter 4, it was observed that from the existing 

correlations a more conservative range of values results are obtained compared to the values from the 

new correlations.  

In conclusion, the proposed correlations in this paper lead to a parameter set optimized for collapsible 

soil of the South-Eastern area of Romania compared to the parameters obtained from the existing ones. 

The new correlations determined are based on data obtained from geotechnical investigations on 

Constanta Wind farm. By extending the database the proposed correlations can be possibly corrected or 

their accuracy can be increased. By integrating more sites, it is possible to detail the proposed new 

correlations according to the area. 
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ABSTRACT 

Offshore wind is a growing industry that forms a key part in reducing the carbon footprint of electricity 

generation. Current and future windfarms in North America and East Asia will be built on loose sand in 

seismically active areas, some of which are both prone to seismic liquefaction and to scour. The most 

common method to combat or remediate against scour is rock dump, however, there is very limited 

research into the behaviour of these rocks when subject to seismic liquefaction. From previous work, 

we know that significant rock loss will occur with a medium earthquake, so this is a valuable area of 

research. This paper presents the results of multiple saturated, dynamic centrifuge tests, studying the 

behaviour of scour protection rocks. Rock settlement data are presented and compared, with variations 

on rock size and rock weight. The results form part of a wider research project that aims to both 

understand the behaviour, and also to make recommendations to the future design of scour protection 

rock berms. 

KEYWORDS 

Offshore wind; Centrifuge testing; Scour protection; Seismic liquefaction. 

1. INTRODUCTION

Offshore wind will form a key part in the electricity generation of the future if we are to reduce our 

carbon emissions whilst keeping up with the ever-growing electricity demand of society. These wind 

farms contain hundreds of turbines, each the height of a skyscraper, with so many structures, any added 

certainty or cost savings on a particular foundation, once multiplied across all the turbines on a farm, 

will mean enormous cost savings for the whole project. 

The most common type of offshore wind foundation is the monopile, a large steel tube upwards of 8-10 

metres in diameter, which are driven or hammered into the seafloor. Some areas where monopile are 

installed will be prone to scour, a phenomenon whereby the foundation disturbs the natural flow of 

currents of the ocean. The effect is the accelerating of the flow close to the structure and increasing the 

turbulence intensity due to the formation of vortices (Harris et al. 2019). The speed-up in flow may 

amplify the bed shear stress beyond the value for the threshold of motion for the seabed sediment with 

vortices helping to remove sediment from around the foundation, resulting in a reduction of embedment 

depth. 

To counter or remediate against scour, rock dump is often used. Quarried rock is loaded onto ships, then 

dumped around offshore foundations, with the rocks being many thousand times the size and weight of 

sand, they resist the forces of the redirected current. 
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Rock berms are typically 30 m in diameter for an 8 m diameter monopile. A 1.5 m high layer of graded 

rocks will have a bottom filter layer typically consists of 0.1 to 0.2 m diameter rocks, poured to a height 

of approximately 0.5 to 1 m. This is then covered by an armour layer, for example made of 0.5 m rocks, 

over 1 m in height. Alternatively, a layer of widely graded rocks of ~ 1.5 m thickness can provide both 

functions (The Rock Manual, 2007). 

While the phenomenon of scour has been recorded and studied in detail, such as the work by Harris and 

Whitehouse (2017), Harris et al. (2019) Whitehouse and Draper (2020), and Qu et al. (2024). However, 

the sinking of scour rock due to seismic liquefaction is a relatively new and complex area of research. 

There is very limited experimental or field data, in addition, the timescale uncertainties associated with 

scour hole formation mean current designs guidelines leave room for improvement. There are three 

options for designing a monopile prone to scour (DNV GL 2021): 

• Apply scour protection during or right after installation. 

• Design the monopile with a deep enough embedded depth that even post scour, the structure 

remains stable. 

• Monitor the foundation and remediate when necessary. 

Previous studies by Escribano and Brennan (2017) and Xu et al. (2022) both showed significant 

settlement of the scour protection rocks, of around 0.35m. Xu et al. (2023) further explored the effect of 

scour protection rock density. This paper presents the rock berm settlements of several dynamic, 

saturated centrifuge tests, with varying sand densities and rocks present. Observations and comparisons 

are made. 

2. EXPERIMENTAL METHODOLOGY

2.1. Centrifuge testing 

A geotechnical centrifuge is able to spin and accelerate a model to create an elevated gravitational field 

environment for experimental testing. This is useful because of the non-linear behavior of soils and 

clays. At the small scale, but at a high g level, the stress and strains of the model can be made to match 

that of the prototype, avoiding the need for scale testing, which is either impossible or impractical, or 

prohibitively expensive. 

The Turner Beam Centrifuge at the Schofield Centre at the University of Cambridge is 10 m in diameter 

and has a 150 g-ton capacity, meaning it can take a 1000 kg payload to 150 times earth’s gravity 

(Madabhushi, 2014). A set of scaling laws (Schofield, 1980) can be used to convert between model and 

prototype scales, when designing the experiment and when studying the test results. 

2.2. Model design 

The model box measures 730 mm x 250 mm x 400 mm. Figure 1 shows a cross section view of the 

general test schematic. The tests carried out use a combination of loose sand, dense sand, or a 

combination of both, with rocks too of different sizes and weights. Table 1 lists the different test ID’s 

and their test parameters. 

Figure 2 is a schematic of the rock berm; its size remained the same for all tests. For larger rocks, each 

rock was placed by hand, while the smaller rocks and coarse sand were gently poured into place. The 

overburden pressure acting on the sand by the berm also remained the same between tests when only 

the rock size was changed. 
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Figure 1. General cross section test schematic 

Figure 2. Rock berm schematic 

Table 1. Test ID’s and test parameters 

Test ID Rock Prototype rock size (model) Rock Gs Sand 
DMX01 Initial experiment to determine area of research 

DMX02 Limestone 1.0m (20mm) 2.62 Loose 

DMX03 Granite 1.0m (20mm) 2.88 Loose 

DMX04 Limestone 0.5m (10mm) 2.62 Loose 

DMX05 Experiment with a model rigid plate as rock berm Loose 

DMX06 Gravel 0.4m (8mm) 2.53 Dense over loose 

DMX07 Fraction A Sand 0.1m (1.75mm) 2.67 Dense over loose 

DMX08 Limestone 0.3m (6mm) 2.59 Dense over loose 

2.3. Model soil 

Hostun HN31 sand was used for all tests. The sand is naturally white, though a proportion had been 

dyed black to create contrast for the purpose of particle image velocimetry (PIV), which is beyond the 

scope of this paper. As this sand is manufactured, its properties are well known and kept constant. 

Hostun is used as it is a fine grain sand, prototype sand grains cannot be scaled down to model size (as 

this will result in a clay, which behaves fundamentally different to sand), but as long as the sand grain 

to rock or structure ratio is greater than 15, then reasonable overall scaling is maintained (Madabhushi, 

2014). 

An automatic sand pourer (Madabhushi et al., 2006) was used to pour the sand models. By varying the 

nozzle diameter, nozzle travel speed and drop height, one can vary the volume of sand deposited per 

unit time, and therefore the resulting relative density (Rd). For these tests, loose sand had an average Rd 

of 45% and dense sand at 90%, both with a range of ±4%. 
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Lastly, the model was saturated with methylcellulose to model the sea water. Due to the scaling laws, 

the fluid at model scale needs to be 50 times as viscous compared to water for a test at 50 g. The “Cam 

Sat” system (Stringer and Madabhushi, 2009) was used to regulate a partial vacuum to slowly draw fluid 

into the model from the bottom. The flowrate was kept below 1.5 kg per hour to ensure the sand is not 

disturbed. Figure 3 shows an example of a completed model. 

Figure 3. Completed model with rock berm from test DMX08 (left) and the model loaded onto the 

centrifuge from test DMX06 (right) 

2.4. Load sequence 

Table 2 shows the load sequence of each test flight. The first small Kobe earthquake is used to test the 

experiment systems and data acquisition. Next, two large earthquakes are fired to induce liquefaction. 

Finally, a small earthquake is fired at the end to show little to no settlement on the now densified sand 

model. 

Table 2. Earthquake sequence for tests 

ID Earthquake Peak bedrock acceleration (prototype g) 
EQ1 Kobe, 0.15V 0.045 

EQ2 Sine wave, 50Hz, 15 cycles, 2.50V 0.283 

EQ3 Sine wave, 50Hz, 15 cycles, 3.00V 0.324 

EQ4 Sine wave, 50Hz, 15 cycles, 0.75V 0.050 

A servo hydraulic shaker (Madabhushi et al., 2012) was used to simulate earthquakes. Due to centrifuge 

scaling, the shaker needs to accelerate and move a 25,000 kg block, back and forth a few millimetres, 

up to 100 times a second (1 Hz earthquake at 100 g). This enormous amount of energy is supplied and 

stored in high pressure oil, with a fast acting value to control the shake action. 

2.5. Instrumentation 

The model is made gradually, layer by layer. At certain depths, sensors are placed within the sand model 

as per figure 1. There are both pore pressure transducers and piezo accelerometers within the sand, and 

LVDT’s on top of the rocks to measure vertical surface displacements in terms of settlements and heave. 

During the test, sensor data is recorded via DASYLab v13.0 at 6000 Hz. These raw voltages are then 

filtered, calibrated and scaled to prototype parameters. During all tests high speed cameras record each 

earthquake so that PIV can be carried out, though this is outside the scope of this paper. 

3. RESULTS

The results presented here are of the different mid berm settlements from different earthquakes. Example 

settlement, pore pressure and acceleration time histories can be found in Xu et al. (2022) and Xu et al. 

(2023). Figure 4 shows the settlements due to small earthquake input motions, and Figure 5 shows those 
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of large earthquakes. A mixture of 10 and 15 cycles earthquakes were used in the test series, so all the 

results presented have been taken at the 10 cycle mark for a fair comparison. 

Figure 4. (left) Mid rock berm settlement due to small earthquakes and Figure 5. (right) Mid rock 

berm settlements due to large earthquakes 

From Figure 4 it can be seen that small input motions will cause very small settlements, in the order of 

a few millimeters, here there is little concern for the stability of the offshore foundation. It is worth 

noting that an approximate settlement based on a shallow foundation will in fact give a safe over estimate 

of the actual rock settlement. 

In Figure 5 it is shown that there is no linear correlation between rock size and the resulting rock 

settlement. The peak settlement occurs around 0.5 m, but suddenly drops down for 0.4 m, before 

increasing again at rocks of 0.3 m. The governing factor is the ingress of sand between the gap of the 

rock, if there is a lot of ingress, then a higher rock settlement is observed. Depending on the sand particle 

to rock size ratio, one will find both the maximum ingress (and thus rock settlement) and minimum 

ingress sizes. From the data presented here, a possible range of scour protection rock settlements are 

shown for a variety of rock sizes, this ranges from a few millimetres, up to over half a metre, this means 

losing over a whole layer of rock in some situations. 

4. CONCLUSIONS

From the centrifuge tests presented, it can first be seen that there is no linear correlation between rock 

size and rock settlement. The phenomenon governing the amount of settlement is the ease of ingress of 

sand in between the rocks, and therefore there must be a combination of rock and sand particle size 

which either facilitates sand ingress (and thus causing maximum settlement), or a size combination 

where minimal ingress occurs, which results in minimal settlements.  

While the small earthquakes produce very similar settlements, on the order of a few millimetres, one 

can take make assumptions based on a shallow plate foundation and know that this is a ‘safe’ 

overestimate of the maximum possible rock settlement. 

Lastly, these experiments also give us the range of possible rock settlement resulting from a medium to 

large earthquake, as the range of rocks used match the sizes present out in the field. The 1 m diameter 

rocks are the benchmark case and also the worst case scenario (armour rocks without a filter layer). The 

settlement range is from a few millimetres up to loosing over half a metre of rock, which can be over a 
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whole rock diameter in some cases. It is important to highlight that it does not take full liquefaction to 

achieve significant loss of rock. 

Future planned work including further investigating berm geometry, the inclusion of a model monopile, 

and testing global scour conditions. The work presented here form part of a larger Phd project with the 

aim to better understand the behavior of scour protection rocks under seismic liquefaction. 
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ABSTRACT 

Geogrids are widely applied in infrastructure projects to enhance load-bearing capacity and mitigate soil 

settlement. Understanding the behaviour of soil reinforced with geogrids is crucial for optimizing design 

practices. This study investigates the mechanical properties of sand samples reinforced with geogrids 

through laboratory testing and numerical simulations. Triaxial compression tests were conducted for 

unreinforced and geogrid-reinforced sand samples with a variable confining pressures. The tests 

revealed an increase in cohesion (apparent cohesion) and minimal change in the angle of internal friction 

with geogrid reinforcement. Numerical simulations using the Hardening Soil model in PLAXIS 3D were 

performed to replicate laboratory tests, with adjustments made to improve alignment between numerical 

and experimental results. The numerical simulations demonstrated good agreement with laboratory-

derived deviator peak values, with minor discrepancies observed at low cell pressures. Adjustments to 

the power index (m) and ultimate stiffness modulus (Eur) were necessary to achieve better alignment, 

particularly regarding deformations at which the deviator peak occurred. The study concludes that the 

modelling approach is suitable for accurate triaxial compression tests simulations for soils reinforced 

with geogrids. The findings contribute to the advancement of geotechnical engineering practices, 

facilitating more accurate design and analysis of geogrid-reinforced structures. 

KEYWORDS 

Geogrid reinforcement; Hardening soil model; Triaxial compression test; Numerical simulation. 

1. INTRODUCTION

Geogrids are widely utilized in various infrastructure projects to enhance load-bearing capacity and 

reduce soil settlement (Bhardwaj and Mittal, 2022). Their application aims to improve mechanical 

properties, which are crucial for ensuring the stability and durability of engineered structures (Zornberg, 

2017). Understanding the behaviour of soil reinforced with geogrids is essential for optimizing design 

and construction practices, prompting extensive research efforts employing numerical simulations, 

analytical methods, laboratory experiments, and in situ investigations (Makkar, 2019; Zakarka and 

Skuodis, 2024). 

Numerical analysis has become a prevalent tool in geotechnical engineering, offering insights into 

complex soil-structure interactions and aiding in the optimization of engineering projects (Ikeagwuani 

and Nwonu, 2019). Constitutive soil models play a pivotal role in numerical simulations, allowing for 

the representation and prediction of stress-strain behaviour under varying conditions. Among these 

models, the Hardening Soil model has demonstrated accuracy in simulating triaxial compression test 

behaviour (Pacheco et al., 2021). 

However, the accuracy of numerical simulations heavily relies on the quality of input parameters derived 

from laboratory or field tests (Konyushkov et al., 2023; Lankaran et al., 2022). Model calibration is 

often necessary to ensure accurate representation of soil behaviour in numerical models (Calvello and 
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Finno, 2004). While Mohr-Coulomb strength parameters (c’ and φ’) are well-established for 

unreinforced soils (Wu and Tung, 2020), challenges persist in determining mechanical properties for 

geogrid-reinforced soils (Zakarka et al., 2023). 

In particular, understanding compressibility is crucial for accurately simulating deformations in 

numerical models like PLAXIS 3D. The power index m is a key parameter influencing compressibility, 

with recommendations varying for different soil types: 0.5 for Norwegian sands and silts (Janbu, 1963), 

1.0 for normally consolidated clay (Surarak et al., 2012), 0.45 for rockfill material (Honkanadavar and 

Sharma, 2016). However, specific recommendations for geogrid-reinforced soils remain scarce, 

highlighting the need for further investigation. 

This study aims to address this gap by conducting consolidated drained (CD) triaxial compression tests 

on unreinforced sand and sand reinforced with geogrid across a wide range of confining pressures (20, 

50, 70, 100, 200, 300 kPa). The obtained parameters will be utilized to simulate laboratory tests using 

the Hardening Soil model in PLAXIS 3D. By comparing the simulation results with laboratory findings, 

this research seeks to determine the suitability of existing recommendations for simulating triaxial 

compression tests for geogrid-reinforced soils. 

2. MATERIAL AND METHOD

2.1. Soil Material 

The material utilized for this investigation was sand (SaU), conforming to LST EN ISO 14688-2 

(Lithuanian Standards Board, 2020). It exhibited a uniformity coefficient (CU) of 2.25, curvature 

coefficient (CC) of 1.08, and an average particle size (d50) of 0.19 mm. The particle size distribution is 

presented in Figure 1. To ensure consistent testing conditions, soil samples were carefully prepared by 

recompaction to reach optimal density at the optimal water content, as determined by Proctor 

compaction testing (Lithuanian Standards Board, 2015). The optimal water content was found to be 

14.3%, resulting in a bulk density of the prepared sample of 1.86 g/cm3. 

Figure 1. Particle size distribution curve 

2.2. Geogrid Reinforcement 

Flexible polyester (PET) geogrid with a mesh size of 25 × 25 mm and an ultimate tensile strength of 

40 kN/m was employed to reinforce the soil samples. The geogrid was carefully cut into circles with 
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diameters 3-5 mm smaller than the soil sample's diameter (100 mm), as illustrated in Figure 2, to prevent 

potential membrane damage.  

Figure 2. Preparation of the samples example used in the triaxial cell: (left) – prepared soil sample, (right) – 

geogrid top view in the middle of the sample 

2.3. Specimen Preparation 

Two types of cylinder specimens were prepared for triaxial compression testing: unreinforced soil and 

soil reinforced with a single layer of geogrid positioned at the center of the sample. Each specimen had 

a diameter of 100 mm, and a height of 200 mm. Remolding was achieved through 10 layers at the 

optimal water content to achieve optimal density.  

2.4. Triaxial Compression Testing 

Consolidated drained (CD) triaxial compression tests were conducted, initially on soils without geogrid 

reinforcement, followed by tests on geogrid-reinforced soils. Six different cell pressures (σ3) were 

applied during consolidation and loading phases: 20, 50, 70, 100, 200, and 300 kPa. Test conditions 

were selected in accordance with LST EN ISO 17892-9:2018 (Lithuanian Standards Board, 2018). The 

consolidation period was set at 30 minutes, with the rate of vertical displacement of the load frame 

adjusted to 0.95%/min. The test concluded upon loading the specimen up to 15% of vertical deformation. 

2.5. Numerical Simulation 

Finite element method (FEM) and the SoilTest module of PLAXIS 3D software were employed to model 

the triaxial compression tests. The Hardening Soil Model (HS) was utilized to simulate the tests, based 

on plasticity theory, where the stress-strain relationship due to primary load is hyperbolic (Brinkgreve 

and PLAXIS BV, 1999). The ultimate deviatoric stress (qf) was determined using the Mohr-Coulomb 

criterion: 

𝑞𝑓 =
2 sin 𝜑′

1−sin 𝜑′
(𝜎3

′ + 𝑐′ ∙ cot 𝜑′) (1) 

where c' and φ' are the effective shear strength parameters and σ3' is the confining stress in the cell. 
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The confining stress-dependent stiffness modulus (E50) was calculated: 

𝐸50 = 𝐸50
𝑟𝑒𝑓

(
𝜎3

′+𝑐′∙cot 𝜑′

𝑝𝑟𝑒𝑓+𝑐′∙cot 𝜑′)
𝑚

(2) 

where 𝐸50
𝑟𝑒𝑓

 is the reference secant stiffness modulus to be determined from the drained triaxial test, pref

is the reference isotropic stress where a default value equal to 100 kPa is recommended by the software. 

The power index m is the exponent that defines the strain dependence value of the stress state. The m 

value was obtained by Figure 3. 

Figure 3. Determination of the Power Parameter m Graphically (Konyushkov et al., 2023) 

where a trend line: 

𝑦 = 𝑎 ∙ 𝑥 + 𝑏 (3) 

where y: 

𝑦 = ln 𝐸50 (4) 

where x: 

𝑥 = ln (
𝜎3

′+𝑐′∙cot 𝜑′

𝑝𝑟𝑒𝑓+𝑐′∙cot 𝜑′
) (5) 

Other necessary parameters for simulations were determined based on PLAXIS recommendations: Eoed 

equal to E50, Eur equal to 3E50, ν equal to 0.3, K0
nc equal to 1−sin φ’ for normally consolidated soils. 
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3. RESULTS

3.1. Laboratory Testing Results 

Interpretation of the results was carried out using the Mohr-Coulomb criterion. For soil samples without 

geogrid reinforcement, the angle of internal friction (φ) was determined to be 40.67°, with a cohesion c 

of 0.66 kPa. In contrast, soil samples reinforced with geogrid exhibited an angle of internal friction of 

40.93° and a cohesion of 12.62 kPa. The secant stiffness modulus E50 values ranged from 17.62 to 

90.42 MPa for soil without geogrid reinforcement and from 16.04 to 86.37 MPa for soil with geogrid 

reinforcement (see Table 1). Additionally, power indexes m were determined as 0.5853 for soil without 

geogrid and 0.6194 for soil with geogrid (see Figure 4), facilitating the determination of corresponding 

E50
ref values (see Table 1). The average E50

ref values were 44.71 MPa for soil without geogrid 

reinforcement and 49.27 MPa for soil with geogrid reinforcement.  

Table 1. Results of Secant Stiffness E50 and Power Indexes m 

Cell 

pressure, 

kPa 

Without geogrid With geogrid 
Secant stiffness, 

MPa 

Power 

index 

Secant stiffness, 

MPa 

Power 

index 

E50 E50
ref m E50 E50

ref m 

20 17.62 45.33 

0.5853 

16.04 42.34 

0.6194 

50 34.01 51.07 38.24 58.35 

70 32.87 40.51 43.25 53.79 

100 38.03 38.03 44.97 44.97 

200 68.75 45.80 79.93 52.20 

300 90.42 47.51 86.37 43.93 

Average 44.71 49.27 

Figure 4. Determination of Power Indexes m for Soil Samples with and without Geogrid Reinforcement 

3.2. Numerical Simulations Results 

The deviator peak determined by the laboratory tests exceeded that obtained through modelling, 

particularly evident at a cell pressure of 20 kPa, where discrepancies reached 27.32% for soil without 

geogrid and 10.06% for soil with geogrid (see Table 2). Although better agreement was observed at 

higher cell pressures, differences still existed, ranging from -8.67% to 7.75% for soil without geogrid 

and from -11.85% to 3.53% for soil with geogrid. Significant disparities were also noted in the 

deformations at which the deviator peak occurred (see Table 2). While laboratory tests indicated 
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variations from 2.85% to 4.75% for soil without geogrid and from 3.33% to 4.80% for soil with geogrid, 

modelling yielded a wider range, from 2.10% to 6.00% and from 2.85% to 6.15%, respectively. 

Table 2. Results of Deviator Peak (σ1-σ3) and Vertical Deformation (ε1)100 at which the Deviator Peak Occurred 

Cell 

pressure, 

kPa 

Without geogrid 
Deviator peak σ1-σ3, kPa Vertical def. (ε1)100, % 

Experimental Numerical Difference Experimental Numerical Difference 

20 106.94 77.73 -27.32 2.85 2.10 -26.30 

50 208.04 190.00 -8.67 3.38 2.70 -20.13 

70 275.35 264.85 -3.81 3.32 3.90 17.40 

100 356.29 377.13 5.85 4.11 4.65 13.02 

200 697.33 751.37 7.75 4.13 5.10 23.36 

300 1147.01 1125.63 -1.86 4.74 6.00 26.53 

With geogrid 

20 145.98 131.29 -10.06 3.33 2.85 -14.31 

50 244.19 245.28 0.45 3.41 3.30 -3.13 

70 364.48 321.28 -11.86 3.48 3.90 12.17 

100 443.51 435.27 -1.86 4.30 4.20 -2.30 

200 863.70 815.24 -5.61 4.43 5.40 21.81 

300 1154.49 1195.21 3.53 4.80 6.15 28.18 

3.3. Parameter Adjustments for Improved Fit 

The initial simulations yielded discrepancies in the deformations at which the deviator peak occurred, 

prompting the need for calibration. To achieve better alignment between laboratory tests and simulation 

results, iterative adjustments were made to the power index m and ultimate stiffness modulus Eur. 

Specifically, the values of the power index m and Eur were iteratively adjusted until the simulated 

deformations closely matched those observed in the laboratory tests.  Optimal values of m equal to 0.8 

were determined for both soil with and without geogrid, while Eur was set to 3.5 times E50 for soil without 

geogrid and 6 times E50 for soil with geogrid. These adjustments resulted in vertical deformations at 

which the deviator peak occurred varying from 2.85% to 4.65% for soil without geogrid and from 3.15% 

to 4.80% for soil with geogrid (see Table 3). The final fit between laboratory tests and simulation is 

illustrated in Figure 5. 

Table 3. Results of Vertical Deformations at which the Deviator Peak Occurred (ε1)100 

Cell 

pressure, 

kPa 

Without geogrid With geogrid 

Vertical def. (ε1)100, % 

Experimental Numerical Difference Experimental Numerical Difference 

20 2.85 2.85 0.03 3.33 3.15 -5.29 

50 3.38 3.30 -2.38 3.41 3.45 1.27 

70 3.32 3.60 8.37 3.48 3.60 3.54 

100 4.11 3.90 -5.21 4.30 3.90 -9.27 

200 4.13 4.35 5.22 4.43 4.35 -1.88 

300 4.74 4.65 -1.94 4.80 4.80 0.04 
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Figure 5. Deviator Stress and Vertical Deformations: (left) – for Soil Samples without Geogrid, (right) – for Soil 

Samples with Geogrid 

The Hardening Soil model accurately simulates soil behaviour up to the deviator peak value, 

corresponding to vertical deformations ranging from 2.80% to 4.80%. However, it fails to model the 

post-peak behaviour due to limitations in capturing the residual shear strength, which is a crucial aspect 

for a comprehensive understanding of geogrid-reinforced soil behaviour. 

4. CONCLUSIONS

Based on the findings derived from triaxial compression tests and modelling simulations, several key 

conclusions can be drawn: 

1. Introduction of geogrid reinforcement into sand samples resulted in the creation of apparent

cohesion (increasing from 0.66 kPa to 12.62 kPa), while the angle of internal friction exhibited

minimal change (from 40.67° to 40.93°).

2. Modelling results demonstrated good agreement with laboratory-derived deviator peak values,

with minor discrepancies observed primarily at low cell pressures (e.g., 20 kPa), where model-

predicted values were slightly lower.

3. While initial modelling attempts using power index m values derived from triaxial compression

tests provided satisfactory results for the deviator peak, adjustments to m and the ultimate

stiffness modulus Eur were necessary to achieve better alignment with laboratory test results,

particularly regarding deformations at which the deviator peak occurred.

4. Notably, the modelling approach demonstrated no significant difference between soil samples

with and without geogrid reinforcement, suggesting that the method is applicable for accurately

modelling triaxial compression tests for soils reinforced with geogrids.

Overall, this study underscores the importance of both laboratory testing and modelling simulations in 

understanding the behaviour of geogrid-reinforced soils. The insights gained from this research 

contribute to the advancement of geotechnical engineering practices, facilitating more accurate design 

and analysis of geogrid-reinforced structures. 
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